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ngure. 10. Finite element model.

stresses in masonry given by American codes, It is reason-
abie 10 assume with these stress levels that little or no
cracking should have occurred,
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Figure 11. Shear stress contours.

Stress contours are not shown for the cases where the
FEM modei was run with equivalent static forees, or with
a response spectra analysis, however, good agreement was
seen between them and those for the time-step integra-
tion analysis. This suggests that the discrete MDOF mod-
el may be suitable for estimating peak lateral forces de-
spite its simplistic assumptions. Moreover, the linear
.response spectra approach proved admissible once
modes of vibration could be identified.

6 CONCLUSIONS

Various analytical techniques used to study response and
damage of the historic unreinforced masonry structure
helped to explain why the building withstood the Loma
Prieta Earthquake with little damage. Wall shear stress
levels were shown by both crude and sophisticated meth-
ods to be within reconcilable ranges.

The recorded response and the overall behavior of the
structure during the earthquake were estimated well with
the discrete MDOF linear dynamic analyses. Though it
was far simpler than the finite element model, salient
characteristics of response such as diaphragm flexibility,
soil-structure interaction and lateral stiffness of walls

~-with openings could be Tepresented.

The study has inferred that the vulnerability of unrein-
forced masonry construction east of the Rockies may not
be as severe as believed with the common consensus,
There is promise that future earthquake hazard studies
for specific buildings may show that demolition or expen-
sive rehabilitation may not be necessary.
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1. ABSTRACT

Dynamic response of two, three-story reinforced masonry structures that were
subjected to simulated earthquake motions was correlated with results of numerical
models. Three dimensional elastic finite elements were used to model perforated
flanged walls. Computed frequencies and mode shapes are compared with those
obtained from experiments. The influence of different lateral force distributions on
normal and shear stresses at the piers was also examined with the finite element
models. In addition, lateral drifts were computed using the FEM which were
correlated with measurements. Research was part of Task 7.1 of the U.S.-Japan
- coordinated masonry research program.

2. INTRODUCTION

A number of analytical models for perforated shear walls ( commonly known as
a "pier models” } do not replicate the rotational restraint at the top and bottom of
piers. Frame type -models-for perforated walls also overestimate lateral stiffness
“because intersections of pseudo beam and column members must be considered
rigid. To avoid these artificial restraints, a perforated wall can be represented with
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* Associate Professor, Department of Civil Engincering,
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plane stress finite elements. If an in-plane wall contains a flange, shell elements
need to be used to model both bending and membrane actions of the flange.

It may not be possible to accurately model behavior of reinforced masonry structures
with linear elastic models because of effects related to cracking, sliding along bed
joints and slippage of reinforcement. The purpose of this paper is 1o help illustrate
the utility of linear elastic finite shell elements for estimating response and behavior
of low-rise reinforced masonry building structures. An attempt is made to show the
merits and limitations of using a linear elastic, and thus approximate, finite element
model to represent the more complex behavior and response of reinforced masonry
within both linear and nonlinear ranges. Computed frequencies and mode shapes
are compared with those obtained from experiments. The influence of different
lateral force distributions on normal and shear stress distributions acroos a story
is examined with the {inite element model. Computed drifts for an inverted triangular
load distribution are compared with those measured on the shaking table.

As a part of Task 7.1 of the TCCMaR program, one-quarter scale, three-story,
reinforced masonry Sguctures were subjected to simulated seismic loading. A full
description of the experimental program and its preliminary results are described
in references 1, 2, 3 and 5. As is shown in Fig. 1, test structure RM1 was a fully
symmetric structure that consisted of flanged walls with window openings, While
test structure RM3 had an asymmetric layout with window and door openings. The
models were designed based on flexural criteria, in order to show that reinforced
masonry could be designed to incur inelastic deformations. Simulated earthquakes
were based upon the one recorded at El Centro, California ( NS component ), during
the 1940 Imperial Valley Earthquake. The amplitude and time scale of the record
was adjusted so that the structures would respond in a desired range.

3. DESCRIPTION QOF FINITE ELEMENT MODEL

Four-noded ( 6 dof/node ), rectanguiar flat-shell, finite elements were used to modet
the inplane perforated walls, flanges and slabs. This element combined both flexural
and membrane actions ( a complete description can be found in Ref. 4 ). Symmetry
with respect to the lateral force distribution was taken into consideration, and
therefore, just half of the structure was modeled. The mesh for structure RM
consisted of 138 elements and 180 nodes, whereas the mesh for structure RM3
consisted of 108 elements and 150 nodes( Fig. 2 ). The meshes were coarse for
representing stress values quanutatively, however, they were felt to be adequate
for defining qualitative stress patterns and for estimating deflections. A consistent
mass formulation was used in the analysis for distributing the self weight of the
elements, and the additional weight supported by the slabs. The modulus of elasticity
used in the analysis was 721 ksi, which was obtained from the average of prism
tests( Ref. 1). A Poisson ratio of 0:28 was considered.



4. FREQUENCIES AND MODE SHAPES

Frequencies for the first three translational modes were computed and are in Table
1. The apparent first mode frequencies measured during the free vibration tests
before all carthquake test runs of structures were found to be 15 Hz and 13.5 Hz
for models RM1 and RM3 respectively. The analytical models were always stiffer
than the real structures. These differences may be attributed to premature cracking
of the models due to shrinkage. In addition, the flexibility of the shaking table
platform and support system was neglected in the analysis. A!so finite elements
are always stiffer than the exact solutions.

TABLE 1.- COMPUTED FREQUENCIES FOR FIRST
THREE TRANSLATIONAL MODES ( Hz )

MODE MODEL RM1 MODEIL RM3
1 19.6 15.6
2 I 58.0 48.6
3 96.4 80.9

The fundamental modes shapes obtained from the finite element analysis are
presented in Fig. 3..They are compared to normalized shapes measured during
shaking in Fig. 4. The modal participation factor o; for any mode shape 1, is defined
as o; = Zm;®,; / Zmyd,? , where @ is the amplitude of mode shape i at level j, and
m, is the mass at level j.

Computed modal participation factors for normalized first mode shapes are
compared in Table 2 for measured and calculated values. Correlations for both
structures suggested that the modal participation factor for the first mode was
insensitive to the shape assumption, and thus, a coarse mesh model was felt to be
appropriate.

TABLE 2.- MODAL PARTICIPATION FACTORS FOR THE FIRST MODE SHAPE

Model Measured Calculated * % Diflerence
RM1 - 1,30 1.28 1.3%
| RM3 1.28 1.28 0.5%

5. VERTICAL AND SHEAR STRESSES

From lateral acceleration measurements at each of the three levels, it was apparent
that force distributions fluctuated substantially during shaking. Therefore, it was of
interest to study the sensitivity of shear and normal stress distributions at the base



story to variations in the lateral force distribution. The question was " does the
lateral distribution influence damage at the base which, in turn, influences the lateral
force distribution ? ",

The same finite element meshes used for the frequency analysis were used to study
the influence of different lateral force distributions on normal and shear stresses
at the base story, where most of the damage was observed. Lateral forces were
distributed across the nodes of each floor slab. Three hypothetical lateral force
distributions were studied: (a) inverted triangular, (b) uniform, and (c) triangular.
The analyses were done using forces that would result in the same maximum base
shear as measured during the last test run of the shaking table tests. The computed
stress contours are shown in Figs. 5 and 6. A summary of the results obtained are
presented in Table 3.

The vertical normal stresses can be analyzed from Figs. 5 and 6 for the different
load distributions under study. For all distributions on both models, the tension
and compression stress concentrations were located nearby the corners of an
opening, as-well as in the vicinity of the corner of the exterior piers at the base level,
as was expected. The inverted triangular load distribution produced higher stress
concentrations at the first story than the triangular or uniform load distribution.

TABLE 3.- MAXIMUM STRESSES FOR DIFFERENT CONDITIONS AND
DISTRIBUTIONS OF LATERAL LOADING( FROM FINITE ELEMENT ANALYSIS )_

LATERAL LOAD a ) EQUIVALENT BASE SHEAR
DISTRIBUTION MODEL RM1 { V) = 1.65 W) MODEL RM3J ( V) = 1.47TW )

Txe(+) | Txe( =) ] ox(+) [ Ov(-) | Tox(#) | Tex( =)} Oy(+) | Oy( -}

Inveried Triangular 210 66 375 375 306 70 759 932
g (1.45) | (0.46) | (2.59) | (2.59y | (2.11) | (0.48) | (5.23) | (5.43)

Uniform 210 59 332 332 299 68 678 880
(1.45) ] (0.41) | (2.29) | (2.29) | (2.06) | (0.47) | (4.67) | (6.07)

208 51 247 247 287 65 548 778

Triangular

(1.43) { (0.35) ] (1.70) | (1.70) ] (1.98) | (0.45) | (3.78) | (5.36)

NOTES :
Stress units ¢ psi ( MPa )
{ +) Tension

The magnitude of the compressive vertical stresses at maximum base shear condition
for the inverted triangular force distribution ( Table 3 ) may be considered as
moderate for-structure RM1 ( 375-psi), and-important for model RM3 ( 932 psi ).

The analyses indicated that structures RM1 should have cracked at a base shear
equal to 0.43W and that structure RM3 should have cracked at a base shear of 0.2W
( assuming a tensile strength equal to 100 psi ). These values of base shear were
lower than those for the initial test runs when no cracking was observed ( 0.41W
and 0.38W for RM1 and RM3 respectively }.



Computed shear stresses are presented in Figs. 5 and 6 for the three different load
distributions and an equivalent base shear. The shear-stress contours identify the
stress concentration regions in the vicinity of openings, particularly in the central
pier at the base. The stress contour at the first story are approximately the same
for all three lateral distributions. The central pier of RM1 should be subjected to
a high shear stress concentration in the zone located between adjacent windows.
In the first story, the average shear stress in that zone should be almost twice as
much as the average shear stress for the exterior piers. The magnitude of the
maximum shear stresses ( Table 3) corresponded to the peak shear stresses obtained
from diagonal compression tests of square reinforced panels ( Ref. 1 ). However,
the damage observed did not correlate well with the stress concentration regions
defined by the finite element analysis. In RM1, exterior piers failed in diagonal
tension while the central pier could not attract the shear_that.was.expected due to
the sliding along the bed joints at the top and bottom levels of window openings
(Fig. 7). This sliding mechanism was not modeled with the elastic finite elements.

6. LATERAL DEFL.ECTIQrNS

The maximum deflection at the top of each structure was computed using the linear
elastic finite element model with an inverted triangular load distribution. The
magnitude of the loads was determined according to the base shear measured
experimentally for each run. For the first test run, uncracked elements were used.
In subsequent runs, cracking was considered by using a simplified approach. The
moment of inertia of the cracked section, I, was considered instead of the moment
of inertia of the gross section, I;, for those piers which were observed to be cracked.
An equivalent modulus of elasticity ,E.,, was input to the computational model ;

Ecr= (L:r/Ig)Em

It should be noted that the axial stiffness of elements subjected to tension was
overestimated, while the axial stiffness of those subjected to compression was
underestimated. However, these effects should balance by themselves because of
the rather symmetric mapping considered.

Measured and computed maximum drifts for models RM1 and RM3 for each test
run are presented in Table 4. Computed drifts are always smaller than measured
values. The correlation between measured and computed drifts for small amplitude
test runs was good. Differences between measured and computed drifts at failure
" were evident and show the limitation of using cracked-elastic models together with
a static analysis in the forecasting of drift for inelastic structures subjected to
“dynamic excitation. The correlation between measured and computed drifts is better
for structure RM1 than for structure RM3. This seems reasonable since RM1 did
not yield until run 3, while RM3 should have yielded during run 2.



TABLE 4. - MEASURED VS COMPUTED MAXIMUM DRIFTS (&3 / H)
MODEL RM1!
Vi My Measured FEM
Run —— - Drift { % ) Drift (% )
w M,
1 0.41 0.37 0.03 0.02
2 0.72 0.73 0.09 0.08
3 0.97 0.81 0.19 0.15
4 1.65 1.15 1.06 0.42
MODEL RM3
\'L" My, Measured FEM
Run — - Drift ( % ) Drift (% )
W M,
1 0.38 0.55 0.04 0.03
2 0.72 1.01 0.17 0.10
3 0.92 1.29 0.41 0.19
5 0.99 1.34 0.49 0.22
6 1.47 1.58 1.32 0.48

7. SUMMARY AND CONCLUSIONS

The study showed that linear elastic finite elements :

a) Could give reasonable estimates. of natural frequency.
b) Could give excellent estimates of mode shape and modal

participation factor.
c) Could not give good predictions of damage patterns, because of

inelastic sliding and ylcldmg mechanisms .
d) Could give good estimates of lateral drift for low-amplitude

excitations, but not for large-amplitude ones.

Future research on analytical modeling of masonry should include development of
inelastic elements that can represent cracking, yielding of reinforcement, sliding
mechanisms and diagonal tension.
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Fig. 1.- Vertical Layout of the Test Structures
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a) Structure RM1

b) Structure RM3
Fig. 7. Observed damage of reduced scaled structures during shaking table tests
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STRUCTURAL EVALUATION OF LOW-RISE MASONRY BUILDINGS WITH
FLEXIBLE DIAPHRAGMS SUBJECTED TO EARTHQUAKES

Arturo Tena-Colungal and Daniel P. Abrams?

1. ABSTRACT

Paper presents a comprehensive methodology for the structural evaluation of low-rise
masonry structures with flexible diaphragms when subjected to moderate or strong
earthquake motions. A discrete multi-degree-of-freedom dynamic model was developed
to reproduce the dynamic response of low-rise masonry buildings with flexible
diaphragms The proposed discrete model has been used both to compute ume-history
responses of any structural element represenied on it as well as to determine peak
responses, or responses at specific times of interest Based on the dynamic responses
computed with the discrete models, different types of evaluation of particular structural
components, or the structure as a whole, can be performed In-plane and out-of-plane
stress evaluations of masonry components can be done using the results computed from
the discrete models together with a suitable stress model. The case studies of a low-rise
masonry buildings with flexible diaphragms which obtained instrumented records from-
the 1989 Loma Prieta Earthquake are presented to help illustrate the proposed
methodology

2. INTRODUCTION

It is common practice among structural engineers to target masonry construction as
vulnerabie and unreliable when subjected to moderate or strong earthquakes, particularly
unreinforced masonry (URM) structures This belief seems to be based on the extent of
damage expernienced by some URM buildings during major earthquakes in the past.
However, masonry structures can behave well when subjected to strong ground motions,
including the unreinforced type, as it has been witnessed in recent strong earthquakes
such as the 1985 Michoacan Earthquake in México (confined masonry construction) and
the 1989 Loma Prieta Earthquake in California (some low-rise URM buildings).

One of the reasons that structural engineers may have to condemn old masonry
structures without taking any technical consideration is the lack of confidence on using
standard analytical methods to evaluate stresses in masonry buildings subjected to lateral

!Coordinator of Structures. Centro de Investigacion Sismuca. AC. Fundacion Javier Barros Sierra, 14200
Mexico DF, MEXICO

2 Professor, Department of Civil Enginecring. University of lilinois at Urbana-Champaign. Urbana,
Illinors, 61801, USA



loading. The ABK Methodology (ABK, 1981) and the UCBC Code (SEAQC, 1990)
have provided the first set of recommendations to evaluate old masonry construction,
however, their influence is very regional and their procedures might seem crude for some
and conservative to others. Dynamic effects are virtually no considered in these
provisions,

This work presents a methodology for the structural evaluation of low-rise masonry
structures with flexible diaphragms when subjected to moderate or strong earthquake
motions. The methodology intends to be comprehensive, considers the dynamic response
of masonry structures, and is based upon MDOF discrete dynamic models as outlined in
detail elsewhere (Tena-Colunga, 1992 a/b, Tena-Colunga and Abrams, 1992a). Dynamic
in-plane and out-of-plane stress analyses are addressed. Simplified 3-D stress evaluation
can also be performed. The complexity of the analytical models to use in conjunction
with the discrete models depends on the necessities, experience and judgment of each
engineer, that is, they are not fixed by the proposed methodology

5. BASE ANALYTICAL MODEL FOR THE PROPOSED METHODOLOGY :
MDOF DISCRETE DYNAMIC MODEL

The proposed methodology for the structural evaluation of low-rise masonry structures
with flexible diaphragms when subjected to seismic loading 1s entirely based upon the
discrete multi-degree-of-freedom (MDOF) dynamic model as outlined elsewhere (Tena-
Colunga 1992a/b, Tena-Colunga and Abrams, 1992a). The discrete MDOF model was
developed to simulate the dynamic response of low-rise masonry buildings with flexible
diaphragms. This model represents the dynamic response of a structure in a given
direction of interest by a reduced number of discrete masses associated to translational
degrees of freedom acting in that direction. Flexible diaphragms are represented by
elastic springs, which dependmo on the supporting conditions of the diaphragms are
idealized as shear-bending or axial springs, or 2 combination of them (Fig 1). Walls
resisting lateral forces in the direction under study are represented by equivalent
condensed beams with translational degrees of freedom which include the rotations of
the walls through static condensation. Soil-structure interaction effects can be easily
considered in the modeling by defining an average lateral dimimshed matrix from the
average lateral stffness matrix and the foundation flexibility represented by two

generahized springs (rotational and translational), as presented by Hjelmstad and Foutch
(1988}

The discrete model have predicted well response tume-histories of structural elements of
imstrumented masonry buildings during the Loma Prieta Earthquake, the firehouse of
Gilroy and a two-story office building at Palo Alto, as it has been presented elsewhere
{Tena-Colunga, 1992 a/b; Tena-Colunga and Abrams, 1992 a/b) Therefore, based upon
the dynamic responses computed with the discrete models, different types of evaluation
of particular structural components, or the structure as a whole, can be performed at
specific times of interest In-plane and out-of-plane stress ewvaluations of masonry
components can be done using the results computed from™he discrete models together
with a suitable stress model. A simplified method of 3-D dynamic analysis, named 3-D
quasi-dynamic analysis (Tena-Colunga, 1992b, Tena-Colunga and Abrams 1992a, 1993
and 1994a), was developed based upon the dynamics of the discrete models. The case
study of a low-rise masonry building with flexible diaphragms which obtained
instrumented records from the 1989 Loma Prieta Earthquake, the firehouse of Gilroy, 1s
presented to help iliustrate the proposed methodology.

4. TWO-DIMENSIONAL IN-PLANE ANALYSIS

i)

The discrete MDOF dynamic models can be used to identify peak dynamic responses {or
responses at a given time-step of interest) in any structural element represented on them.



For example, peak accelerations for a given structural element (e.g., a wall) can be
extracted from the dynamic analysis with the discrete models. These accelerations can be
traduced to equivalent lateral forces. These equivalent lateral forces are used to estimate
shear stresses within the element of interest, using from simple approaches (e.g., classic
elastic solutions) to refined methods of analysis (e.g., finite elements)

4.1 Classic Elastic Solution For Shear Stresses

Quick estimates of in-plane shear stress can be obtained by employing the elastic solution
given by Jourawski's formula :

(D)

where 17, is the average shear stress through the width and at the depth of interest of a
given crgss section, V' 1s the acting shear force, Q is the first moment of areas about the
neutral axis of bending, 7 is the moment of inertia of the section with respect to the
neutral axis, and & is the width of the cross section at the depth of interest. Shear stress Is
maximum at the neutral axis and null at the free edges. For a rectangular cross section,
the maximum shear stress 1s 1.5 times the average shear stress, that is :

3
T, =— - (2)
* 24
where A is the area of the cross section Equation 2 consiitutes a crude approximation
for a perforated wall because 1ts cross section is not solid along its height. Nevertheless,
1t is 2 useful tool to obtain index values of peak shear stresses because it is simple.

4.2 Allowable Shear Stresses<or Unreinforced Masonry

Computed shear stresses were compared against the allowable shear stresses of different
masonry building codes and recommendations used in the United States, namely the
ABK Methodology ("ABK", 1981), the Uniform Code for Building Conservation
(UCBC; SEAQC, 1991), The 1991 Uniform Building Code (1991 UBC, ICBO, 1991)
and the ACI 530-92 Code (TMS, 1992}

4.3 Classic Elastic Solution for Combined Bending and Axial Stresses
In unreinforced masonry elements, it is important to determine if a state of net tensile

stress will exist because of the low tensile strength that URM has. Quick estimates of
flexural stresses can be easily determined by using the classic combined stress equation :

S+ SF, .. (3)

where f; is the acting -axial stress, fp is the-acting bending stress, and F 1s an allowable
working stress criterion given by a code. Equation 3 can be rewritten in different ways to
fit the critera of a paruicular building code.

4.4 Allowable Combined Stress Cniteria

The UCBC Code specifies that URM piers need no to be analyzed for tensile stresses,
thus, gives no recommendations to check for combined stress states. The ABK



Methodology has a capacity criterion that does not consider explicitly combined stress
states in the evaluation of URM elements. The allowable combined stress criteria of the
1991 UBC and the ACI 530-92 codes is similar. The unity equation is the criterion for
compressive stresses due to bending and axial load :

..__IL.;.A(l

Fes (4

where fy is the acting axial stress (psi), fp is the acting bending stress (ps:) Fg1s the
allowable compressive axial stress in URM (psi), and F b 1s the allowable compressive
flexural stress in URM {psi). For net flexural tensile stresses due to bending and axial
load , both codes adopt the following criterion :

—for /2 F - (5)

where F; is the allowable tensile stress (psi), as addressed by each code (ACI Table
6.3.1.1 and UBC Sec. 2406 (c) 4). The allowable stresses of Eqs. 4 and 5 can be
muitiplied by 1.33 when lateral loading is considered in the analyses, as is the case of
earthquake loading.

5. OUT-OF-PLANE ANALYSIS

The cracking or partial (total) coliapse of walls due to the out-of-plane pushing of
flexible diaphragms has been a dominant failure. mode observed in URM structures
during past earthquakes. Nevertheless, little attention has been devoted to develop
suitable analytical methods to evaluate this phenomenon. The discrete MDOF dynamic
models can be used to predict critical lateral displacements imposed to the walls
orthogonal to the direction of analysis These predicted lateral displacements can be
imposed on FEM representations of these orthogonal walls to evaluate if the hornizontal
bending stresses do not surpass an allowable tensile siress criterion The refinement of
the FEM mesh will depend on the judgment and necessities of each individual. To the
authors knowledge, there are no simplified methods available in building codes and basic
literature (Schneider & Dickey, 1987) to evaluate stresses for URM structures when
subjected to out-of-plane pushing of flexible diaphragms due to lateral (earthquake)
loading Thus, researchers, building officials and practicing engineers should sum efforts
in this direction in order to develop suitable simplified methods which could be easily
used and understood by anyone interested on the subject.

6 SIMPLIFIED 3-D DYNAMIC ANALYSIS

A simplified method of 3-D dynamic analysis, named 3-D_quasi-dynamic analysis, which
is based entirely on the MDOF discrete models, has been developed and primarily used
to evaluate stress siates at identified times of peaL dynamic responses of structures with
flexible diaphragms. The quasi-dynamic analysis has been presented in detail elsewhere
(Tena-Colunga, 1992b; Tena-Coiunga and Abrams, 1992a, 1993 and 1994a). The quasi-
dynamic analysis consists of extracting the accelerations predicted by the time-step
integration-anatyses of-two 2-D discrete MDOF dynamic models of a given structure
(each discrete model corresponding to one of the principal orthogonal directions of the
structure) at given times of interest. These accelerations are imposed on a 3-D
representation of the structure (for example, a finite element mesh) as equivalent static
forces Accelerations at the diaphragms are assumed to act over the same tnbutary areas
of the diaphragms considered in the 2-D discrete dynamic models. This method was
compared to the more traditional 3-D -modal time-step integration and had a general
good agreement with 1t, using considerably less computational effort.



7. CASE STUDY : OLD FIREHOUSE AT GILROY

The building is a two-story historic building located in downtown Gilroy, Califorrua. The
southeast view of the firehouse is depicted in Fig. 2. Gilroy is located-approximately 15
miles south east of the epicenter of the Loma Preta earthquake. The structure was built
in 1890 and is a box-type structure, where the lateral force resisting system is composed
of unreinforced masonry brick walls together with flexible diaphragms (wood sheathing)
floor systems (Fig. 3). The plywood diaphragms consist of 2.54 cm (1") by 10.12 cm
(4") timbers running in the diagonal direction and nziled to timber joists that are
supported by butlt-up trusses. The plywood thickness is 1.27 cm (0.5") for all spans with
the exception of the south diaphragm at the first floor, which is 1.59 ecm (0.625") thick.
All walls are three-wythe, 30.54 cm (12") running-bond unreinforced masonry brick
walls joined by mortar bed joints 1.27 cm (0.5") thick, except for the south (front view)
wall, which thickness varies from 30 54 ¢m (12") at the openings zone to 40.64 cm (16™)
and 43.18 c¢cm (17") for the exterior piers as a result of architectural considerations. The
diaphragms and the walls were tied by 1.91 em (0.75") ¢ steel rods anchored in the
outside wythe of the walls by a hook, and with or without a hook in the diaphragms. The
building is founded on spread footings.

Prior to the Loma Pneta Earthquake, the former firehouse was instrumented by
California Strong Motion Instrumentation Program (CSMIP) with six accelerometers
(Fig. 3) Recorded peak ground accelerations were as high as 0.29¢g (sensor 3, Figs. 3)
and peak roof accelerations as high as 0.79g at the diaphragm and 0 41g at the central
wall (sensors 3 and 4, same figure) Considerable amplifications of the peak accelerations
between the ground and the roof and between the walls and the diaphragms were
observed The former firehouse withstood the Loma Prieta Earthquake with htile
damage The structure has been the subject of a detailed investigation which results can
be consulted elsewhere ( Tena-Colunga, 1992b, Tena-Colunga and Abrams, 1592a).

7.1 Discrete Models

The discrete models presented-on Fig. 1 were used to predict peak accelerations on the
walls of the firehouse in the E-W and N-S directions. The predicted peak acceierations
for the E-W direction are illustrated in Fig 4 It can be observed that the walls with more
openings (e g. south wall) experience higher accelerations than the more solid walls (e.g.
north wall) as a consequence of the diaphragm flexibility, as it has been pointed out in
previous works {Tena-Colunga, 1992b; Tena-Colunga and Abrams, 1992a and 1994b).
With these accelerations and the tributary masses, equivalent lateral forces were
computed.

7.2 2-D In-Plane Shear Analyses

Two different methods were used to evaluate in-plane shear stresses. Quick estimates of
in-plane shear stresses were obtained using classic elastic soluttons (Egs. 1 and 2), and
they are compared against the ultimate an allowable shear stresses given by different
masonry codes and recommendations of the US in Table 1. The compressive strength of
the masonry, /', was taken as 9.5 MPa (1525 pst), according to the lab matenal tests
performed with the bricks claimed from the firehouse, and the basic bed-joint shear stress
v, was defined as 0 61 MPa (85 psi) from measured in-place shear data (Tena-Colunga,
1992b; Tena-Colunga and Abrams, 1992a). The amount of compressive axial stress for
each wall due to dead load only is also given in Table 1.

The maximum shear stresses presented in Table 1 are much higher than the allowable
shear limuts prescribed by the UCBC code provisions, especially for the south, central
and east walls. Hence, under this criterion, severe shear cracking should be expected at
these walls. In contrast, the structure stood the Loma Prieta Earthquake with little
damage (at the south wall only), as described in previous works (Tena-Colunga, 1992b;



Tena-Colunga and Abrams, 1992a). The UCBC provisions constitute the current state-

of-the-art in the evaluation of existing URM buildings.

Table 1. Estimated vs code shear stresses at the firehouse of Gilrov. Unuts : MPa (pst)

Wall Estimated Wall Stresses Ultimate Shear Allowable Shear
Axial Ave Shear | Max Shearf ABEK (max) | UCBC (max) | UBC (ave) | ACI (ave)
South 0.32 (4431 0.29(20) | 0.43 (60.) 0.58 (81.) 0.11(13.) | 0.14{20)) | 0.39(55)
Central | 0.29¢40.}} 0.24 (33.) | 0.35(49.) 0.56 (78.) 0.11 (15 | 0.14(19.) | 0.39(55)
North_ 0.18 (25.3] 0.08(11.) | 0.12¢(16.) 0.48 (67)) 0.09 (12} 0.11(16.) | 0.39 (533)
East 0.29 (41.)] 0.16 (22.) | 024 (34) 0.57 (79)) 0.11(15) | 0.14(19.) | 0.39(53)
West 0.21(29.)] 0.08 (11} 1 0.11(16) 0.30 (70)) 0.09 (13) | 0.12(17.) | 0.39 (55)

On the other hand, data in Table 1 suggest that, for all walls, the computed maximum
shear stresses did not surpass the ultimate shear stress criterion of the ABK
Methodology. Maximurn shear stresses were less than 74% of the determined in-plane
shear strength. On the basis of approximate stresses computed this way, it is credible that
masonry should have not cracked during the Loma Prieta Earthquake.

Under the 1991 UBC criterion, only the north and west walls should be expected to
survive the earthquake without severe damage, whereas under the ACI 530-92 cniterion,
only the south wall should have expenenced shear damage while the rest of the walls
should have remained undamaged. Therefore, data in Table I suggests that the UBC
criterion 1s very conservative for regarding allowable shear stresses for URM
bearing/shear walls, whereas the provisions of the ACI 530-92 code seem to apply well
in this particular case study

More refined stress analyses- were performed using 2-D finite elements. All the walls
were modeled using eight-noded, two-DOF per node quadratic serendipity isoparametric
plane stress elements available in the firite element program POLO-FINITE (Lopez et al,
1987). For the illustranon purposes of the present work, only the analysis of the critical
wall, the south wall (Fig. 5) is addressed. Mesh refinement attended to research
purposes, specially to define qualitative stress patterns. For practical purposes, a coarser
mesh could have been used. The vanations in the thickness of the wall due to
architectural aesthetics were included in the modeling. Young's modulus of the masonry
was taken as 515 ksi, according to the data obtained from the test of the pnsms made
with reclaimed material from the firehouse (Tena-Colunga, 1992b, Tena-Colunga and
Abrams, 1992a). Equivalent seismic forces obtained from the accelerations of Fig. 4
were uniformly distributed along the edges of the elements that define the floor levels.
Self weight of the masonry was introduced in all elements through a uniformly
distributed body force Additional gravitational loads were also applied along the edges
of the elements that define the floor levels. Because of the symmeiry of the wall with
respect to its vertical axis, the direction of the seismic load was not a major factor to
consider in the stress analysis. However, the stress contours presented in Fig. 5
correspond 1o a lateral loading acting from west to east (Fig. 4). A mirror image stress
contours should be present if the seismic loading would have been considered to act from
east to west,

Shear stress contours are presented in Fig. 5. Eight contour levels were selected to
evaluate the overall response of the wall according to different code provisions. Target
values that define contour boundaries correspond to those given by the UCBC, the ACI
530-88, and the ABK Methodology, according to Table 1. An upper target value of 0.72
MPa (100 psi} was introduced to identify regions where shear stresses were predicted to




surpass the ultimate maximum shear capacity of the masonry, according to the ABK
Methodology.

Stress contours presented suggest that under the critical state of loading, the ultimate
shear capacity (81 psi) could have been surpassed primarily in a region between the
extreme outer upper corners of the windows at the first floor and the outer windows of
the second floor. A mild shear crack was observed at that location in the west side of the
wall. The contours also identify high shear stress concentrations in the upper corners of
the outer windows at the second floor. Given the unrefinement of the mesh in the regions
nearby openings, this information should be ignored. In general, stress contours suggest
that the wall should have experienced some damage in a relatively small wall extension,
according to the ultimate shear capacity criterion of the ABK Methodology. The wall
was lightly damaged in one of the critical regions defined by the contours under the ABK
Methodology crterion,

Under the ACI 530-92 code guidelines (allowable shear stress of 55 psi), the stress
contours of Fig. 5 define a larger affected area in the critical regions identified under the
ABK cniterion. In addition, the suspicious damaged zones spread into the first story piers
and to regions nearby the top of the central door opening and inner upper corner of the
wide window openings at the first floor. Some mild cracking was observed in the last
region, however, no damage was observed at the first story piers during the field survey

If the maximum allowable shear stress of 15 psi of the UCBC 1s considered, then, stress
contours of Fig. 5 suggest that the walls could have experienced generalized and
extensive shear damage According to the damage observed during the field survey of
the firehouse, it 15 felt that the shear stress crniterion of the UCBC code is very
conservative. The south wall presented a negligible amount of shear damage whereas the
UCBC code predicted severe generalized damage The ultimate shear strength criterion
of the ABK Methodology has given a reasonable prediction of the observed damage for
thus case study The ACI provisions, although intended for design of new construction
rather than for evaluation of old structures, gave a reasonable prediction of the observed
damage at the wall also. -

3 2-D In-Plane Combined Stress Analyses

Estimated net flexural tensile and compressive stresses for each wall using crude
methods (Eqs 4 and 3), and associated to the lateral loads of Fig. 4, are summanzed and
compared against the criteria of the 1991 UBC and ACI 530-92 codes in Table 2. The
allowable flexural tensile stress, F, , has been already increased by 33 percent in the
Table. The ACI 530-92 code allows no iensile stress for this condition. Computed values
from the left hand side terms of Eqs 4 and 5, are presented in the table to compare more
easily against code's criteria In Table 2, the axial compressive stress due to dead load
on?‘ is defined by faq, while the compressive stress due to dead and live load is defined
by Jadl-

It could be observed from Table 2 that, under the critical loading condition, all walls
should have no problem for net compressive stresses (Eq 4). All walls but the west wall
are subjected to 2 net tensile stress state under the critical condition (Eq 5). The central
wall 1s the only one which could have experienced net flexural stresses higher than those
allowed by the UBC code. However, no flexural tensile cracks were observed in any of
the walls at the first story piers. The only cracking caused by tensile stresses in the
building was the horizontal bending cracks at the bottom and the top of the slender piers
among window openings at the second level of the south wall. Therefore, this crude
method of evaluation correlates well with which was observed in the structure.



Table 2. Evaluation of estimated combined stress states with respect to the
1991 UBC and ACI 530-92 codes

Estimated stresses (psi) Code allowable stresses (psi) Combuined stress cniteria
Wall Ty Log | Lo £y F, F, F, F, Eq.5 | Eq. 4 | Eq. 4
UBC | ACI | UBC{ ACI | (psi) | UBC | ACI
South 68 44, 53, 437. | 265 | 331 36 0. 23 036 | 032
Central 99 40 53. 437. | 265. | 331. | 36. 0. 59 0.43 | 0.39
North 33, 25, 30. 457, 265, 351 36. 0. 8 0.1% 0.17
East 35. 41 50. 437. | 265. | 331 36. 0. 14 031 | 0.28
West 22, 29. 35, 437, | 265. | 331 36. 0. -7 0.18 | 0.16

More refined stress analyses were performed .using the 2-D finite elements, with the
elements characteristics and details as described before. For the illustration purposes of
the present work, only the analysis of the critical wall, the central wall (Fig. 6) 1s
addressed. Critical stress contours were defined when lateral loading was applied from
west to east {left to right in Fig. 6). Target values were chosen to identify net tensile
stresses and some allowable tensile and compressive stresses according to code criteria
(Table 2). It can be observed from the stress contours of Fig. 6 that under the cntical
state of loading, some net tensile stresses (ACI 530-92 criterion) are identified primaniy
at opposite corners of the door opening (left-top and right-bottom corners), at the
second floor level and the left side of the left and right piers at the first story If the 1991
UBC aliowable tensiie stress normal to the bed joints of 0.26 MPa (36 psi) is considered,
the identified regions are less spread. The higher tensile stresses are concentrated at the
corners and they should be disregarded because the mesh is too coarse in those zones to
accurately estimate stresses. The central wall was primarily under compression and
within the allowable limits

7.4 Out-Of-Plane Stress Analysis

Honzontal normal stresses caused by the out-of-plane pushing action of the diaphragms
and the walls perpendicular to the wall under consideration were studied using finite
elements. The case study of the south wall is presented for illustration purposes for out-
of-plane bending because is the weaker wall of the firehouse in the E-W direction.
Standard isoparametric quadratc shell elements ( eight nodes, six-dof-per node) were
used to determine out-of-plane stress distributions instead of the more traditional plate
bending elements, because of the irregularities in the geometry of the walls and openings
which requires trapezoidal elements in the mesh. The soil-foundation system was
modeled with rigid beam elements connected to vertical and horizontal springs in the
direction of the out-of-plane displacements. The stiffness of the spring elements was
defined according to the ATC 53-06 specifications (ATG, 1978).

Qut-of-plane stresses were determined by imposing to the wall under study the corrected
predicted in-plane displacements obtained from the discrete models at the center of the
diaphragms and at the walls running in the perpendicular direction at the time where the
peak displacement was obtained Therefore, for the south wall, the predicted and
corrected displacements cbtained from the discrete model in the N-S direction (Fig. 1) at
t=5.45 seconds were imposed to the nodes which represent the intersection of the
discrete masses of the N-S modeling in the south wall. These displacements are
summanzed in Table 3

The computed deflected out-of-plane shape of the south wall under these imposed
deformations is presented in Fig. 7, where a frame of reference is offered to help
visualize the out-of-plane deformations. The displacements at the base are uniform




because the foundation was assumed to behave as a rigid body. The horizontal normal
stress contours obtained from the out-of-plane finite element analysis under these
imposed deformations are presented in Fig. 8. Contour values were selected to highlight
net tensile stress states. The 1991 UBC Code specifies an allowable tensile stress of
0.52MPa (72 psi) for flexural tension normal to the head joints. Tensile stresses
exceeding the UBC allowable stresses were located at the center of the wall below the
central window opening at the second floor. The highest tensile stresses were found
nearby the intersection of the wall with the center of the diaphragm at the first story. The
identify over stressed region was narrow. No cracking under this condition was observed
in the wall. Although most of the central part of the wall was subjected to tensile stresses
normal to the head joints, the magnitude of these stresses was generally lower than the
allowable stress prescribed by the UBC code. Therefore, the south wall was expected to
present little or no damage under out-of-plane pushing. An effective connection between
the walls and the diaphragms may have contributed to an adequate performance of the
walls under out-of-plane loading.

Table 3. Imposed and correcied oui-of-plane displacements to the south wall
at 1=3.43 seconds. Units ;: cm (inches)

Intersection with " First Floor [ Roof

East Wall 023 (0,09} 0.36 (0 1)
Center of South Diaphragm 0.79(0.31) 1.02 (0 40)
West Wall 0 18 (0.07) 0.25¢0 1)

8. SUMMARY AND CONCLUSIONS

A comprehensive methodology for the structural evaluation “of low-rise masonry
structures with flexible diaphragms when subjected to moderate or strong earthquake
motions based on discrete MDOF dvnamic models was presented. Different types of
evaluation of structural components, or the structure as a whole, were addressed using
both simplified and elaborated procedures in conjunction with the discrete models. In-
ptane and out-of-plane stress evaluations of masonry components were illustrated using
the results computed from the discrete models together with a suitable model. The case
study of a low-nse masonry building with flexible diaphragms which obtained
instrumented records from the 1989 Loma Prieta Earthquake was -presented to help
illustrate the proposed methodology. The proposed evaluation procedure was helpful to
correlate the predicted responses against the observed extent of damage after the
earthquake. The methodology was helpful to evaluate another instrumented low-rise
masonry building (Tena-Colunga and Abrams, 1992b). It is felt that the proposed
methodology based on the discrete models can be used with confidence in the seismic
evaluation of low-rise masonry structures with flexible diaphragms. The present study
also highlights the need to develop simplified methods to evaluate out-of-plane stresses
in wall components due to the pushing action of flexible diaphragms, as this is a
dominant faiiure mode observed during recent earthquakes
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E-W direction

N-S direction

Figure 1 Discrete dynamuc modeis for the firehouse of Gilroy

Figure 2. Southeast view of the firehouse of Gilroy .
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SEISMIC BEHAVIOR OF STRUCTURES WITH FLEXIBLE DIAPHRAGMS

By Arturo Tena-Colunga' and Daniel P. Abrams,” Members, ASCE

ABsTRACT: The influence of ficor flexibility on the seismic response of building structures is discussed through
comparison of the computed seismic response for structures with flexible diaphragms and counterpart structures
with rigid diaphragms. Case studics of three existing buildings with flexible diaphragms and analogous systems
with rigid diaphragms are presented to illustrate these differences. Each building was subjected to the [989
l.oma Pricta Earthquake. The structures were: (1) A two-story firehouse in Gilroy with unreinforced masonry
walls; (2) a two-story timber office building in Palo Alto with grouted and reinforced clay-unit masonry shear
walls; and (3) an eight-story hotel in Oakland with unreinforced clay-unit masenry and reinforced-concrete shear
walls. The analytical studies show that, in some cases, diaphragm and shear-wall accelerations can increase with
the flexibility of the diaphragm. Torsional forces can reduce considerably as diaphragm fiexibility increases.
Further, approximate expressions prescribed in current seismic codes can underestimate the period of vibration

of systems with flexible diaphragms.

INTRODUCTION

Structures with flexible floor systems behave differently un-
der dynamic lateral {oading than structures with rigid dia-
phragms. The Amencan Plywood Association (APA 1983) rec-
ognizes this fact by publishing a design guide that discusses
procedures for determining and distribuling seismic forces us-
ing flexible plywood diaphragms. The ABK Methodology
(**‘Methodology'’ 1984) recommiends analytical procedures for
the horizonial displacement control of flexible diaphragms that
are based on dynamic testing and modeling. Recommendations
for the seismic evaluanon of URM buildings with Aexible di-
aphragms contained 1n the Uniform Code for Building Con-
servation {**Seismic’’ 1994) were derived from the ABK re-
scarch as were similar provisions included in FEMA 178
(**Evaluaton™ 1992). The Uniform Building Code (UBC)
(1994) contains provisions for the seismic design of newly
constructed building svstemns that consider.flexible-diaphragm
behavior. In Section 1628.5. a statement is made that story
shear force shall be distributed to various elements in propor-
tion 10 therr relative rigidities, considering the rigidity of the
diaphragm. Diaphragms are 1o be considered ficxible when the
diaphragm deflection exceeds twice the story drift. Torsional
effects are addressed in UBC Section 1628.6 only for the case
when diaphragms are not flexible. Diaphragm deflections shall
not exceed permissibie deflections of attached elements per
Sechon 1631.2.9,

The concept that building structures with flexible dia-
phragms behave differently from systems with rigid dia-
phragms 1s fundamental. However, flexible-diaphragm systems
are still analyzed with criteria and recommendations developed
for structures with rigid diaphragms. This practice is not nec-
essarily conservative As discussed in this paper, structures
with flexible diaphragms can experience higher accelerations
and displacements than structures with rigid diaphragms, and
their fundamental periods of vibration can be significantly
longer.

In moderate and strong carthquakes, a number of timber
diaphragms may be forced to develop their full swrength as
they are deformed past the proportional limit. When this hap-

'Coordinator of Struct., Cenuo de Investigacién Sismica. AC, Fun-
dacidn Javier Barros Swerra, 14200 México DF, Mexico,

Prof., Dept, of Civ. Engrg.. Univ. of llinois at Urbana-Champaign,
Urbana, L 61801. )
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tember |, 1996.-To extend the closing date one month, a wntten request
must be filed with the ASCE Manager of Journals. The manuscnpe for
this paper was submitted for review and possible publicaton on March
16, 1994, This paper 15 part of the Journal ¢of Structural Engineering,
Vol. 122, No. 4, April, 1996 ©ASCE, ISSN 0733-9443/96/0004-0439-
0445/$4.00 + $.50 per page. Paper No. 8045,

pens, dynamic response will be nonlinear as the diaphragms
tend to degrade in stiffness. In such case, the lateral force
applied to a shear wall will not exceed the swength of the
diaphragm, and it is feasibie to simply apply lateral forces to
a wall that are equal 10 the diaphragm strength (as prescribed
by the ABK method). Because diaphragm damape was not
observed n the three subject buildings described in the fol-
lowing sections, diaphragms were modeled with lincar ele-
ments. Conclusions drawn from this study are applicable only
to elastic diaphragms,

SUBJECT BUILDINGS

Three existing buildings, which were subjected to the 1989
Loma Prieta Earthquake were selected for analyticgl investi-
gation. Each building system consisted of lateral-force-resist-
ing elements of masonry and flexible floor and roof dia-
phragms of umber The scismic response of cach building
system is compuied and compared with measured accelera-
tions when available. The response of analogous, hypothetical
systemns with rigid diaphragms are then computed to contrast
the response of actual systems with flexible diaphragms.

Firehouse in Gilroy

The first subject building is a two-story former firchouse,
located in Gilroy, California (Fig. 1). The town of Gilroy is
approximately 25 km south east of Loma Prieta. The struciure
was built in 1892 and is one of the first instrumented unrein-
forced masonry buildings to be subjected to a moderate carth-
quake. The firehouse 1s a box-type structure, where the lateral-
force-resisting clements are unreinforced masonry brick walls
tied (bgether with flexible timber floor and roofl diaphragms
(Fig. 2). The building was rchabilitated before the 1989 earth-

FIG. 1. South Elevation of Gliroy Firehouse
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FIG. Z Accelerometer Locations for Gilroy Firehouse

quake by adding plywood sheets to diagonal sheating (25 X
101 mm). The plywood thickness is 13 mm for all spans ex-
cept the south diaphragm at the first floor, which is 16-mm
thick.

-All unreinforced masonry walls are three wythes of clay-
unit brick laid in running bond with header units at every fifth
course. Typical wall thickness 15 305 mm. The thickness of
the south wall varies from 305 mm around the window open-
ings to 406 mm and 432 mm at the exterior prers. Mortar is
in good condition, and was made with sand, hydrated lime,
and some cement. Bed and head joints are 12-mm thick. The
floor, ceiling, and roof diaphragms are tied to the masonry
walls with 19-mm diameter steel rods that are anchored in the
exterior wythes with a hook. The building is founded on
spread footings.

The building was instrumented by the Cahifornia Swrong
Motion Instrurmnentation Program (CSMIP) with six acceler-
ometers (Shakal et al. 1989). During the Loma Prieta Earth-
quake, recorded ground accelerauons in the cast-west direction
were as high as 0.29g (sensor 3, Fig. 2). East-west accelera-
tions were as high as 0.79g at the midspan of the roof dia-
phragm and 0.41g at the top of the cenwral wall (sensors 5 and
4, respectively). The structure withstood the earthquake with
litte damage for reasons discussed in Tena-Colunga and
Abrams (1992).

Office Building in Palo Altc

The second subject building is a two-story office building
(Fig. 3} in Palo Alto, California (50 km north of Loma Prieta),
which was built in 1974, The lateral-force-resisting system
consists of two grouted and reinforced, clay-unit masonry
walls at the north and south ends. Flexible floor and roof di-
aphragms span between each wall (Fig. 4). The second floor
consists of 38-mm-thick lightweight concrete over 19-mm-
thick Douglas Fir plywood mounted on 914-mm open truss
joists running in the east-west direction every 610 mm. Two
interior glulam beams (130 X 381 mm) running in the north-
south direction and four exterior glulam beams (130 X 419
mm) complete the floor system. The roof diaphragm is more
flexible than the first-Aoor diaphragm, with 13-mm-thick ply-
wood and deep interior and exterior timber beams running in

/ JOURNAL OF STRUCTURAL ENGINEERING / APRIL 1896

FIG. 3.. Scuthwest Elevatlon of Paio Alto Office Building [from
Shakal et al. (1988)]

both directions. The aspect ratio of both diaphragms (length/
width) is 1.87.

The L-shaped masonry walls are 305-mm thick. Grout has
been placed within a 178-mm cavity between the two wythes,
Clay-masonry units are grade MW and are laid in running
bond with a type S mortar. Walls are reinforced with No. 4
bars at 305 mm in both horizontal and verucal directions. Ad-
ditional vertical reinforcing bars were provided at the corners.
All reinforcement steel was specified 1o be Grade 40, and the
length of lap splices was specified at 50-bar diameters. Dia-
phragms are tied to the walls at ledgers with 19-mm-diameter
steel rods that are anchored with a hook o the grouted collar
joint. These ledgers are nominally placed every 610 mm in
both directions. Plywood is connected 1o the ledgers with ns’

The gravity-load system consists of tubular steel colu
(89-mm diameter) and extenior glulam columns. The buildi.._
is founded on spread footings.

The building was instrumenied by CSMIP with seven ac-
celerometers. Recorded ground accelerations during the Loma
Prieta Earthquake were as high as 0.21g (sensor 3, Fig. 4),
and roof accelerations were as high as 0.34g at the north wall
and 0.55g at the midspan of the diaphragm (scnsors 4 and 5,
Fig. 4). The office building sustained the earthquake with no
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damage. The sgucture has been the subject of a detailed in-
vestigation described in Tena-Colunga and Abrams (1992c).

Hotel in Oakland

The Tourraine Hotel (Fig. 5) is a seven-story building lo-
cated 1n downtown Oakland, California {76 km north of Loma
Pricta) and constructed in 1914, The plan of the first Aoor is
rectangular in shape, whereas the plan of the second through
scventh floors is C-shaped (Fig. 5). The building is 30.5-m
long on the north ¢levation (Fig, 6), 18.3-m wide on the east
elevation, and 28.1-m tall,

The lateral load system consists of unreinforced masonry
and lightweight reinforced-concrete shear walls with flexible
wood diaphragms. The cast and north facade walls are 356-
mm-thick clay-unit masonry-walls, whereas the south and west
property-line walls are 203-mm-thick lightweight concrete
walls with brick veneer. The vertical load-carrying system con-
sists of stecl {rames with semurigid connections encased into
the masonry and reinforced-concrete walls, All steel connec-
tions are riveted and consist of chip angles at the top and bot-
tom of beams for connections to columns.

Fioor systems are 19-mm-thick plywood diaphragms, with
rough umber floor joists (76 X 330 mm) supporied on steel
beamns. Typical floors have 25 X 102 mm straight sheathing
overlaid by 25 X 76 mm tongue and groove Aocoring. The
second floor 15 sheathed with 25 X 152 mm diagonal sheath-
ing. “*‘Government’’ anchors were used to connect the floor
systems to the exterior masonry walls. Two anchors per bay
were typically used. Government anchors were also used as
an extra tie between floor joists over interior beams. Ceilings
are cement plaster on expanded metal lath attached directly to
the underside of the ceiling joists. Typical partiuon-wall con-
struction is plaster on metal lath over wood studs.

Moderate suwructural damage was observed following the
Loma Prieta Earthquake. Diagonal shear cragks were observed
at the sccond story piers of both the east and the north masonry
walls, as well as between window openings on the south re-
inforced-concrete walls at the first and secofd stories. Exten-
sive cracking was seen on the first-story piers encasing the
steel columns, in parucular at the northeastern corner of the
building. Extensive damage was observed to the plaster on the
first-floor ceiling. All floor systems were found in good con-
dition after the earthquake. There was no evidence of foun-
dation distress.

FIG. 5. Southeast Elevation of Tourraine Hotel
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Observed damage can be associated with the torsional flex-
ibility of the building on the first story. North and east ele-
vations consist of masonry facade walls that are discontinuous
on the first story while south and west elevations consist of
solid walls of reinforced concrete. The large eccentricity of the
lateral forces about the center of stiffness resulted in substan-
tial torsional forces, and thus damage 10 the corner ¢lements.

ANALYTICAL STUDIES

Discrete, multidegrec-of-freedom (MDOF) dynamic models
were developed to study the measured dynamic response of
the Gilroy firchouse and the Palo Alwo office building. The
MDOF dynamic model (Tena-Colunga 1992; Tena-Colunga
and Abrams 1992) was based on linear masonry behavior and
fiexible and linear diaphragms. Soil flexibility was modeled
with translational and rotational spnings attached 10 the foun-
dation~The 10-DOF and eight-DOF discrete models in Fig. 7
were used to represert the dynamic response of the firchouse
in the cast-west and north-south  directions, respectively,
whereas the 5ix-DOF discrete models in Fig. 8 were used to
model the dynamic response of the office building at Palo Alto
in each direction. Acceleration and displacement histories were
computed with these models and compared favorably against
the measured seismic response in earlier studies. Then, models
were used to estimate the dynamic response of the same build-
ing systems with rigid diaphragms so that correlations could
be made between the two cases.

The seismic response of each of the three buildings was
examined with respect to: (1) maximum lateral accelerations;
{2) maximum lateral displacements; (3) torsional effects; and
(4) natural periods.

Maximum Lateral Accelerations

Computed peak accelerations for flexible and rigid dia-
phragm systems are shown in Table 1 for the firchouse and in
Table 2 for the office building.

JOURNAL OF STRUCTURAL ENGINEERING / APRIL 1996/
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For a fixed-base condition, the assumption of flexible dia-
phragms can result in lower wall accelerations than the as-
sumption of rigid diaphragms (0.15g versus 0.22g for the
south wall of the firehouse). However, the opposite may be
true when soil flexibility is considered. In this case, wall ac-
celerations were computed to be larger with flexible dia-
phragms than with ngid diaphragms (0.40g versus 0.31g). Al-
though the soil was identified as siiff, and the foundation
consisted of spread footings, the consideration of foundation

{ JOURNAL OF STRUCTURAL ENGINEERING / APRIL 1956

TABLE 1. Roof Accelerations for Firehouse (g)

Flexible Rigid

Diaphragrns Diaphragms

Fixad | Flexible | Fixed | Flaxibl

Element Measured | base base base. | base
(n {2) (3) 4) {5) (8)

(a) East-west direcuon

South wall —_ 0.15 0.40 0.22 0.31
Central wall 041 0.06 0.34 0.22 0.31
North wall —_ 0.04 0.31 0.22 0.31
South diaphragm 0.79 0.55 0.79 0.22 Q.31
North diaphragm —_ 0.17 .39 .22 0.31

(k) North-south direction

East wall —_ 0.20 0.30 0.22 0.24
West wall —_ 0.08 Q.20 0.22 0.24
South diaphragm 0.55 0.44 0.54 0.22 0.24
North diaphragm — 0.43 0.53 0.22 Q.24

TABLE 2. Rcof Accelerations for Office Building (g)

Flexible Rigld
Diaphragms Diaphragms
Fixed |Flexibie| Fixed Elexibie

Element Measured | base base base basa

{1} (2) (3) {4} (5) (6)
(a} East-west direction

South wal) 0.12 0.06 021 0.17 0.21

North wall 0.34 0.06 0.21 0.17 0.21

Diaphragm 0.53 044 0.55 0.17 0.21
[€2)] North-south direction

South wall — 0.07 0.16 0.21 0.26

North wall —_ | 0.07 0.16 0.21 026

Diaphragm 0.36 0.37 0.45 0.21 0.2¢

fiexibility was essential for good correlation with the measured
dynamic response of the firehouse.

According to the model of the firchouse in the east-west
direction, the most flexible wall [south wall, Fig. 7(a)] should
accelerate shightly more than the adjacent parallel walls (0.40g
versus 0.34g and 0.31g) when diaphragms and the soil are
assumed to be flexible. Similar observations can be drawn in
the north-south direction where the more flexibie ecast wall
should accelerate more than the west wall (0.30g versus
0.20g).

Flexibie diaphragms should accelerate more than stiffer di-
aphragms. In the east-west direction, peak acceleration at the
midspan of the south firehouse roof were measured to be the
same C.79¢ as computed. and was larger than the estimated
acceleration for the shorter north diaphragm span (0.39g).
These values should decrease to 0.31g with a rigid diaphragm
according to the model.

The computed response of the office building (Table 2) in-
fers similar, but less pronounced trends. Wall accelerations
were computed to be much less with flexible diaphragms than
with rigid diaphragms when a fixed-base condition was con-
sidered (0.06g versus 0.17g in the east-west direction), but
were the same (0.21g in the east-west direction) for both rigid-
and fiexible-diaphragm assumptions when soil flexibility was
considered. Roof acceleraticns were again much larger when
diaphragms were considered to be flexible (0.55g versus 0.21g
in the east-west direction).

Maximum Lateral Displacements

Computed peak deflections for flexible- and rigid-dia-
phragm systems are shown in Table 3 for the firehouse and in
Table 4 for the office building, .o



TABLE 3. Roof Displacements for Firehouse (mm)

Flexible Rigid
Diaphragms Diaphragms

Fixed |Flexible| Fixed |Fiexible
Element Measured | base | base | base | base
{1) (2) {3) {4) {5) {8)
{a) East-west direction
5.1 21.8 20 14.5

South wall
Central wall 20 18.3 2.0 14.5
North wall 0.8 17.0 2.0 14.5

221 40.6 2.0 14.5
43 251 2¢ 14.5

P

South diaphragm
North diaphragm

(b} North-south direction
East wall — 3.0 6.6 1.5 2.4
West wall —_ 1.3 4.6 1.5 24
South diaphragm — 124 16.3 1.5 24
North dizphragm — 12.2 16.0 1.5 24

TABLE 4. Root Displacements for Office Building {mm)

Flexible Rigid
Diaphragms Diaphragms
Fixed | Flexible | Fixed | Flexible
Elemant Meaasured | base base base base
(1) (2} (3) (4) (5) (6)
(a) East-west direction
South wall — 1.3 5.1 1.5 4.6
North wall —_ 1.3 5.1 1.5 4.6
Diaphragm —_ 20.6 2617 1.5 4.6
(b} North-south direction  * B

South wall —_ 1.8 5.1 2.5 5.3
North walil — 1.8 5. 2.5 53
Diaphragm — 12.7 1634 ] 25 53

According to the model, the most flexiblé wall of the fire-
house (south wall) should deflect more than the adjacent par-
allel walls when a flexible diaphragm is assumed (2.18 cm
versus 1.83 cm, and 1.70 ¢m for a flexibie soil). With a rigid
diaphragm, deflections of all walls should be equal by defi-
nition, and genecrally less than those for the flexible-diaphragm
system, particularly when the soil is considered to be flexible.
Diaphragm defiections should be much larger for flexible than
for rigid systems; however, the ratio of diaphragm deflections
for flexible and rigid systems should reduce as soil flexibility
is increased. Similar, but less pronounced trends can be seen
with computed displacements of the office buiiding.

Although the analytical models only considered the in-plane
masonry shear walls, diaphragm defiections will impose large
deflections on the transverse walls. This action can result in
significant tensile stresses normal to the bed joints, and may
cause horizontal cracking at the brick-mortar interface. No
damage of the firehouse was observed in this context. because
the imposed out-of-piane wall deformations were small. Finite-
element idealizations of transverse bending in the south and
cast walls were done to identify critical tensile stresses normal
to the head joints at times of peak displacement. Peak tensile
stresses normal to the head joints were determined 1o be only
slightly larger than the allowable working stresses prescribed
by the 1994 UBC (Tena-Colunga and Abams 1992b).

Torsional Effects

The influence of diaphragm flexibility on torsional cffects
was examined using a three-dimensional finite-element model
to study the vibrational characteristics of the firchouse, The
finite-element code ABAQUS (1989) was used for the analyses
with three-dimensional thick shell elements for the masonry

FiG. 9. Torsional Mode Shape for Firehouse™

walls and diaphragms. The second global mode shape (Fig. 9)
defined a torsional mode characterized by significant rotational
components in the x-z plane. However, the influence of this
mode was diminished as the fiexibility of the diaphragm was
increased, The associated modal masses in the north-south (the
z direction) and the easi-west (the x direction) were relatively
low {0.7% and 7.5% of the total modal mass, respectively),

Another set of analyses was done considering rigid dia-
phragms. A matrix method was used 1o compute the torsional
eccentricity of the structure (Damy-Rios and Alcocer 1987).
The torsional eccentricities as fractions of the maximum plan
dimension were, for the cast-west direction: e, = 0.20L, (first
floor), e, = 0.23L, (roof level). and L, = 12.2 m; and for the
north-south direction: ¢, = 0.31L. (first floon). e. = 0.14L ; (roof
level), and L. = 190 m. The first two mode shapes and as-
socialed modai mas:es were computed using standard mcthods
of structural dynamics. For the first mode, the associated mo-
dal masses were 527 and 29.9% of the total modal mass n
the east-west and no-th-south directions, respectively, whereas
for the second mode the associated modal masses were 32.9
and 47.7%. These aralyses confirmed the high tarsional cou-
pling that the firchousc should have experienced if the dia-
phragms were considzred 1o be ngid.

A computaticnal siudy of the Qakland hotel structure also
revealed the importance of a flexible diaphragm in reducing
torsional effects. As for the firehouse, a three-dimensional fi-
nite-element model was used to define the vibrational char-
actenstics of the hotel considering that the diaphragms were
flexible or rigid. The first four modes computed for both di-
aphragm assumptions are sumrmarized in Table 5. Modal
masses are presented as a fraction of the total modal mass
acting in the identified direction. Torsional coupling 1s much
higherfor the rigid-diaparagm assumption. For the first mode,
the associated modal mass in the north-south direction de-
creased from 75.8% of the global mass 1o only 56.8% when
the diaphragms were considered to be rigid. In addition, the
associated modal mass i1 the orthogenal direction increased
from 2.0 to 16.3% for this mode, which illusirates torsional

TABLE 5. Mode Shapes for Hote!

W FLEXIBLE DIAPHRAGMS RIGID DIAPHRAGMS
Associated Associated
Period Modal Mass Panod Modal Mass
Mode (s) X Y z (s} x y z
(1 (2 3 | ® | (5 (6) (7) (8) (9)
1 1.11 002 | 000 | 0.76 0.97 Q.16 | 0.00 | 0.57
2 Q.80 0.83 | 000 | 0.02 0.43 058 | 0.01 | 025
3 0.49 0.1 000 | 0.07 Q.27 0.14 0.00 | 0.06
4 040 | 0.00 | 004 | 0.00 | 0.20 ! 0.02 | 0.56 | 0.03

JOURNAL OF STRUCTURAL ENGINEERING / APRIL 1996 /



coupling with the rigid-diaphragm idealization. This tendency
was even more pronounced for the second mode.

Natural Period

For estimation of the fundamental period of vibration, most
seismic codes do not differentiate between building systems
with flexible diaphragms from those with ngid diaphragms.

Method A of the 1994 UBC code (Section 1628.2.2) is an
approximate method intended for all buildings. The period es-
timate is given by Eq. (28-3) of the code, which for shear-
wall systems (masonry or reinforced concrete) can be rewritten
as

0.0743 Hoo o

e[

where A, = minimum cross-sectional shear area in any hori-
zontal plane of a shear wall in the first story (in m*): D, =
length of a wall in the direction parallel to the applied forces
in the first story (in m); and h, = height of the building (in
m). The D,/h, ratic shall not exceed 0.9, This equation is based
on experimental data from structural systems with rigid dia-
phragms, and may therefore be inaccurate for flexible-dia-
phragm systems. Method B of the 1994 UBC is based on the
Rayleigh guotient and the fundamental period is determined
using the structural properties and deformation characteristics
of the resisting elements. If a suitable model is used for the
anaiysis of structures with flexible diaphragms, the natural pe-
ficd estimate should be closely predicied using this method.

The National Earthquake Hazards Reduction Program
(NEHRP) ("'"NEHRP'' 1994) provisions state that the period
of a building struciure shall be based on established methods
of mechanics and the properties of structural systems in the
direction of analysis. The base of the building is assumed to
be fixed. The natural peniod as calculated shall not exceed the
approximate period of the structure as estimated with the
following:

T=CT, 2

where C, = a coefficient for an upper limit on calculated period
[Table 2.3.3, "*"NEHRP'’ (1994a)]; and T, = approximate fun-
damental peniod of the building, which for a shear-wall build-
ing is computed as

T, = 0.049h0" (3)

where A, = height (in m) betwcen the base and the highest
level of the building. Eq. (3) is intended to give a conservative
shorter period for use in estimating an equivalent base shear
(**'NEHRP"' 1994b). Good correlations cannot necessarily be
expected for structures with flexible diaphragms.

The 1994 NEHRP provisions also include soil-structure-in-
teraction cffects. The effective fundamental period of a build-
ing structure can be delermined using Eq. 2.5.2.1.1-1 of the
provisions, which 1s based on the ATC 3-06 document (**Ten-
tative'” 1978) and is reproduced as follows:

_ k K,
rr () (- %) @

where T = period as determined with (2); k = stiffness of a

fixed-base building; A = effective height of the building or 0.7 .

times the total height; K, = lateral foundation stiffness; and K,
= rocking stiffness of the foundation. Because (4) includes the
stiffness of the soil and structure, a period estimate is reason-
ably accurate if a suitable model is used for a flcxible-dia-
phragm system.
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TABLE 6. Fundamental Periods and Code Estimates (s)

NEHRP
fixad NEHRP
Building Pericd | UBCA | UBCB | base | with soil
(1} {2) (3) (4) {5} G
Firehouse, NS 0.325 0.154 0.321 0.234 0.3
Firehouse, EW 0.453 { 0.138 | 0.453 0.234 0.40u

Office building, NS 0.367 0.210 | 0350 0.216 0.370
Office building, EW 0.400 0.300 | 0.370 0.216 0.420
Hotel, N§ 1.113 0.488 | 1.102 0.594 1.125
Hotel, EW 0.804 0.519 | 0.793 0.594 0.823

Pericds of vibration per the UBC and NEHRP provisions
are compared in Table 6 with the measured periods of the
Gilroy firehouse and the Palo Alto office building. Periods
were read from Fourier amplitude spectra computed from mea-
sured acceleration records. The computed fundamental period
of the Qakland hotel from three-dimensional finite-clement
analyses was used in lieu of measured data. The UBC Method
A and NEHRP fixed-base periods consistently provided shorter
periods than were inferred from measurements or were com-
puted. Furthermore, these period estimates differ substantially
between themselves. Because the design spectra for both the
UBC and the NEHRP provistons result in larger design forces
as the natural period gets shorter (based on a stiff soil), the
major effect of underestimating the natural period of a struc-
ture 1s that the base shear will be overesumated. Hence, the
use of these approxtmate periods will be conservative. How-
ever, for sofier soils, higher accelerations are expected for
structures with periods in the medium range, and the under-
estimating period will not necessarily be conservative.

Period estimates based on the more rigorous cede meihods -
{(UBC Method B and NEHRP with soil-structure interaction)
were in close agreemeni with measured and finite-eler
method values. For these estimates, the discrete MDOF mo
(Figs. 7 and 8) were used 10 determine the structural propertica
of the building systems.

SUMMARY AND CONCLUSIONS

The influence of floor Aecibility was examined for building
structures with either flexille or rigid diaphragms. The dy-
namic characteristics of three existing building systems with
fiexible diaphragms, and couaterpart hypothetical systems with
rigid diaphragms, were contrasted to heip illustrate the signif-
icance of flexible-diaphragm behavior on seismic response.

Analytical studies suggested that, as diaphragm flexibility
increases, diaphragm and shear-wall acclerations can increase
in some cases. Flexible in-plane shear walls can vibrate at
higher accelerations than stiffer walls in a Hexible-diaphragm
system. Design critena based cn rigid-diaphragm behavior is
not necessarily conservative for flexible-diaphragm systems.

Torsional cffects can be reduced considerably as the flexi-
bility of the diaphragm is increased.

The fundamental period of building systems with flexible
diaphragms is consistently longer than values estimated with
simplified methods given by current seismic codes.
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APPENDIX Il. NOTATION

The following symbols are used in this paper:

A, = minimum cross-sectional shear area of shear wall in any
honzontal plane at first story;
C, = coefficient for an upper limit on period;
D, = length of wall in the direction paralle]l with shear forces;
e, ¢, = torsional eccentricies in the x and z directions;
h = cffective height of building, 0.7 times full height;
h, = height of building;
Ke = rocking stiffness of foundation;
K, = latera] stiffness of foundation;
k = stiffness of fixed-base building;
L = tength of building in direction being analyzed:
L,, L, = length of building paralle! to torsional eccentricities;
T = fundamental perod of building; and
T, = approximate fundamental period per Eq. (3).
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Normas Técnicas Complementarias para Disefio y Construccion de Estructuras de Mamposteria

=
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NOTACION

area de acer » de refuerzo colocada en el extremo de un
muro

arca total de refuerzo honizontal en el muro

area total do refuerzo vertical en ¢l muro

area bruta & : 1a seccidn transversal del muro
coeficiente ;ara el calculo de la resistencia ante carga
verucal de n uros rigidizados por elementios transversa-
les . '
longitud de 1poyo de una losa soportada por el muro

coeficiente « ¢ variacion d= la resistencia en compresion

de las pieza |
coeficiente « 2 variacién de la resistencia en compresién
de Ia mamp rsteria

coeficiente ¢ variacion de la resistencia en cortante de
la mampost. ria

distancia er:re el centroide del acero de tension v el
extremo opt 2sto del muro

menor disne 15idn de 1a scccion del castillo o cadena que
confina al i uro.

distancia ¢1 ire los centroides del acero colocado en
ambos extrc nos de un muro

médulo de ¢ asticidad de la mamposteria para esfuerzos
de compres: 1n normales a Ias juntas

factor de rec iccidn por efectos de excentricidad y esbel-
tez

factor de rec uecidn de resistencia

resistencia ¢ specificada del concreto en compresion
media de la -esistencia en compresion dc la mamposte-
ria, referida al drea bruta

resistencia ¢ @ disefio en compresion de la mamposteria,
referida al it ca bruta

media de la resistencia cn compresién de las piezas,
referida al 4 ea bruta

resistencia ¢ = disefio en compresién de las piezas. refe-
rida al drea ruta

esfucrzo de luencia especificado dcl acero de refucrzo
mddulo de ¢ ortante de la mamposteria
altura no re: tringida del muro

altura efecti a del muro

longitud efe :tiva del muro

scparacién entre clementos que
transversalr iente al muro

momento flc xionante, aplicadoenel plano, que resiste el
muro en fle: ocompresion

momentofle xionante. aplicadoenel plano, que resiste el
muro en flei6n pura

carga axial 1 5tal que obra sobre ¢l muro, sin multiplicar
por el factor de carga

carga axial total que obra sobre el muro multiplicada por

rigidizan

el factor de carga

P, resistencia de disefio del muro a carga verucal

p, cuantia de refucrzo horizontal en el muro

p, cuantia de refuerzo vertical en el muro

Q  factor de comportamiento sismico

s  separacion del acero de refuerzo

t espesor del muro

V, fuerza cortante resistente

v*¢  esfucrzo cortante de disefio, sobre area bruta

v media de los esfuerzos contantes resistentes de muretes.

sobre area bruta
1. CONSIDERACIONES GENERALES
LI Alcance

Los capitulos 2 a 5 de estas disposiciones sc aplican al disciio
vconstruccion de muros constituidos por piczas prismiticas de
piedra artificial, macizas o huccas, unidas por un mortero
aglutinante. Incluyen muroes reforzados con armados intero-
res, castillos, cadenas o contrafuertes.

El capitulo 6 se aplica al disefio y construccion de clementos
de mamposteria de picdras naturales.

2. MATERJALES PARA MAMPOSTERIA
2.1 Piczas
2.1 Tipos de piezas

Las piczas usadas en los clementos estructurales de mampos-
teria deberdn cumplir los requisitos generales de calidad
especificados por la Dareccidon General de Normas de ls
Secretaria de Comercio y Fomento Industrial para cada mate-
rial. En particular deberdn aplicarse las siguicntes normas.

€6 Ladrillos y bloques ceramicos de barro, arcilla
o similares ‘

C10 Bloques, ladrilios o 1abiques y tabicones de concreto

En el capitulo de disciio sismico del Reglamento se fijan
distintos factores de comportamiento sismico, Q, en funcion
del tipo de picza que compone un mure v de su refucrzo

Para fines de aplicacion del capitulo mencionado se conside-
raran como piczas macizas aquelias que tienen en su seecidn
transversal mas desfavorable un drca neta de por los menos 73
por ciento del drea total, y cuyas paredes no tienen espesores
menores de 2 cm.
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L 12 piezas huec s a que hace referencia el capitulo de diseiio
si:inico son las que tienen en su secccidn transversal mads
d. sfavorableun: reaneta deporlo menos45porcientodel area
bruta; ademds el 2spesor de sus paredes exteriores no es menor
que 1.5 cm. '

2.1 2 Resistenci en compresion

L: tesistencia en compresion se determinara para cada lipo de
prvasdeacuerdc concl ensaye especificadoen Janorma NOM
C .

Paii discilo se enipleard un valor de la resistencia, f e medida
sovrz ¢l area biuta, que se determinard como el que es
alc vizado por lo menos por ¢l 98% de las piczas producidas.

Cuundosctenga « videncia de que el valor minimo garantizado
po 21 fabricante cumple con la definicion anterior, podra
101 1rse €ste com 3 resistencia de disefio.

Cvndo no se cu npla 1o anter:or, Ia resistencia de disciio s¢
deirminard con 1ase en la informacion estadistica existente
sol : : el productc en cucstion o a partir de muestreos dc la
pre Juccion de ia pieza en cucstion. En este Gltimo caso se
ob: 21dran al men s tres mucstras de diez piezas cada una, dc
lot: s diferentes d. la produccion, Las 30 piezas asi obtenidas
se :nsayaran con 21 procedimicnto especificado en la norma
C3 ' v la resisten: ia de disciio se calculara como.

f  esel promec io de las resistencias en compresion de las
piezas ensas idas

¢ es ¢l coefic 'nte de variacion de la resistencia de las
piezas ensay rdas, pero su valor no se tomara menor que
0.20 para p1 'zas provenientes dc plantas mecanizadas
con control le calidad de la resistencia. que ¢.30 para
piezas de fa ‘ricacién mecanizada, pero sin control de
calidad de rc Jstencia, y que 0.35 para piezas de produc-
c16n artesan L.

2.2 Vorteros

Los morteros que ;e empleen en elementos estructurales de
mai posteria debe dn cumplir con los requisitos siguicntes:

a) Suresist nciaencompresién serd porlo menosde40
kg/cm®. .o

b) Larelacién volumétrica entre la arena y la suma i
cecmentantes se encontrard entre 2.25 y 3.

¢) Laresistencia se determinara segun lo especificado
. en la norma NOM C61.

d) Se empleard la minima cantidad de agua que ¢
como resultado un mortero facilmente trabajable

La tabla siguiente muestra las caracteristicas de algunos
proporcionamientos recomendados.

PROPORCIONAMIENTOS, EN VOLUMEN,
RECOMENDADOS PARA MORTERO EN
ELEMENTOS ESTRUCTURALES

Valor
tipico de
|2 reistencia
Tipo Partes Partes de } nomina!
de de cementode  Panes Panes &N compresion
moflero cemento  albaflileda  decal de arena® enkyany
1 oal, BB
= d . s
I k= = 3 125
l Da'/, - g § E
M LT a T =]
(] -
1 i 1 -
] - /Ja /1 ‘3 =5
It = 3 75
v v =
1 /,al - 298
) 2 o E
= - o
- 1 1 =) =]
I ] fhall, 2 .8 40

* E| volumen de arena se medira en estado suelto.
2.3 Acero de refuerzo

El refucrzo que se emplee en castllos, dalas v/o elemento:
colocados en el interior del muro. estara constituido por barras
corrugadas que cumplan lasespecificacioncs NOM B6y NOM
B2%94, por malla de accro que cumpla con ta especificacior
B290 o por alambres corrugados laminados en frio que cum-
plan con la norma NOM B72. o por armaduras soldadas por
resistencia cléctrica de alambre de acero para castillos y dalas

que cumplan con lanorma NOM B-456. Sc admitira el usode
barras lisas unicamente en estribos, en mallas clectrosoldadas
oenconectores. Se podrdn utilizar otros tiposde acero siempre
y cuando se demuestre a satisfaccién del Departamento su
eficicneia como refuerzo estructural.

Como esfuerzo de disciio, fy. se considerard el de fluencia
garantizado por el fabricante. La verificacion de calidad del
acero se hara de acuerdo con 1a norma correspondiente de la
Direccion General de Normas.
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2o “fampasteric

2.

Resistencic a comprension.

La r.sistenciade. lisefio en compresién de lamamposteria, £,
sobr » drea bruta. se determinara con alguno de los procedi-
mi 21,105 siguient. s:

a} Ensaye s de pilas construidas con las piezas y mor-

teros qi'e se empleardn en la obra. Las pilas estaran
formad s por lo menos con 3 piezassobrepuestas. La
relacid.altura cspesor dela pilaestara comprendida
entre 2 - 5;las pilasscensayaranalaedad de 28 dias.
Para ¢ almacenamiento de los especimenes, su
cabece: doy el procedimiento e ensave se seguiran,
enlo qi ¢ sean aplicables, las normas que rigen para
¢l ensave a compresion de cilindros de concreto
(NOM T83).

E! ‘sfuerzo medi » oblenido, calculado sobre el drea brula, se
co tegiramultip! cdndolo porlos factores de latabla siguicnte:

FACTOI.ES CORRECTIVOS PARA LAS
RESISTENCIAS DE PILAS CON DIFERENTES

RE:.ACIONES DE ESBELTEZ

Re icion de esbe tez de la pila 2 3 4 5

Fu \or correctivc

075 090 1.00 105

Par 1 esbelteces u termedias se intcrpolara linealmente.
Lo resistencia de disefio se calculard como

cil zjue

Lad:terminacio: se hara en un minimo de 9 pilas construidas

es ¢l promc dio de 1a resistencia de las pilas ensayadas,
corregida pr esbeliez

¢l coeficien e de variacion de la resistencia dc las pilas
cnsayadas, ue en ningun caso se tomara inferior a0,15

co 1 piczas provel ientes de por lo menos 3 lotes diferentes del
nismo producto

b} A partir de la resistencia de disefio de las piezas

el mortero

Para bloques y tabique de concreto con relacion
altura a cspesor no menor que un medio, ¥ con
f* <200 kg/cm?, 1a resistencia de diserio a compre -
sion serd la que indica la tabla sigmente, si s:
comprueba que las piczas y ¢l mortero cumplen cos
los requisitos de calidad especificados en 2.1 v 2.2,
respectivamente.

RESISTENCIA DE DISERO A COMPRESION DE LA
MAMPOSTERIA DE PIEZAS DE CONCRETO

{(f*_, SOBRE AREA BRUTA}

f* . enkg/em’

fr.enkg/em’  Morterol  Mortero Il Mortero lil
25 15 10 10
50 . 25 20 20,
15 40 s 30.,
100 30 45 40..
150 75 60 - 60
200 100 90 80

Para valores intermedios se interpolard linealmente. .

2,

RES

Para piezas de barro v otros matcriales, cxcept:
concreto, con relacién altura a espesor no menorqu-

un medio, la resistencia de disefio a compresién ser:

lo que se obticne de la tabla siguiente para lo

morteros recomendados

ISTENCIA DE DISENO A COMPRESION
DE LA MAMPOSTERIA DE PIEZAS
DE BARRO
(f*_, SOBRE AREA BRUTA)

f* . enkg/em?

f*. enkg/em’ Morterol  Mortero I Mortero 11
25 10 10 10
50 20 20 20
75 30 30 23
160 40 40 30
150 60 60 40
200 80 70 30
300 120 90 70
400 140 110 50
500 160 130 110
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tara valores in :rmedios se interpolara linealmente.

¢) Valor ‘sindicativos. St no se realizan determinacio-
nese: Jerimentales podran emplearse los valores de
f*_qu . paradistintos tipos de piezas y morteros, s¢
preser tan cn la tabla siguiente:

RESISTENCL \ DE DISENQ A COMPRESION DE LA
VIAMPOSTERIA, i*_, PARA ALGUNOS TIPOS DE
PIi ZA, SOBRE AREA BRUTA!

Valores de *_, en kg/cm?

Tipo de pieza Mortero ] Mortero Il Mortero II]
Tabique de bz ro recocido 15 15 15
Jloque de cor reto tipo A ‘
nesado) 20 IS 15
Tabique dc co wcreto?

i+ >80 kg/eni ) 20 15 Is
Tabique con b iccos verti-

wles! (P >120 kg/em?) 40 40 30

! [.arelacidn a: :a neta-bruta no serd menor de 0.43,
i"abricado cor arena silica v peso volumétrico no menor de
1 500kg/m?,

d} Resisic wcia en compresidn de mamposteria con
refuer: . 1nterior. Fara mamposteria con refuerzo
interior que cumpla con los requisitos especificados
en 3.4. se tomara para f*_ el valor que corresponde
amam; osteria sin refuerzo, incrementado en 25%,
pero nc en mds de 7 kg/em?®.

e) Resiste.rcia en compresion de muros confinados.
Para muros reforzados con dalas v castillos que
cumpla 1 los requisitos de 3.3, el esfuerzo resistente
cn comoresidn, £* _ calculado para la mamposicria
sin refurzo podra incrementarse en 4 kg/cm’.

2~ . Esfuerzo co-tante resistente de diseRo

La isistencia a uerza cortante de muros de mampostcria
sepun se calcula en la scccion 4.3, sc¢ basa en el esfucrzo
co1.:nte resistentc de disefio, v*, el cual sc tomara de la tabla
stg anter

E:FUERZO CORTANTE RESISTENTE DE DISENO
PARA ALGUNOS TIPOS DE MAMPOSTERIA,
SOBRE AREA BRUTA

] vl
Picza Tipo dc mortero en kg/em?
Tat njue de barro : ecocido 1 '. ‘ 35

Iy Il 3
Tabique de concreto I ' 3
(f*,> 80 kg/em?) ITy HI ' 2
Tabique hueco de barro? 1 3
HyIll 2

Bloque de concreto tipo A 1
(pesado) Ty 1l

[ £5 B |
th Lh

! Laspiezas huecas deberdn cumplir con los requisitos fijacos
en 2.1. Cuando el valor dc ]a tabla sea mayor que 0.8 V1 *
se tomara este ultimo valor como v*

2 Tabique de barro con perforaciones verticales con relacion
de areas neta a bruta no menor de 0.45

Para materiales no cubicrios en la tabla anterior el esfuer -0
coriante resistente se determinard mediante ensayes con pio-
cedimicntos aprobados por ct Departamento.

Sera aceptablela determinacion del esfuerzo conante resiste -
te a partir del ensaye de muretes con una longitud de al inenos
una vez y media fa maxima dimension de la picza v con 2!
nimero de hiladas necesario para que la altura sca aproxim - _
damente igual a la longitud Los murcics se ensayaran som:-
tiéndolos a una carga de compresidn a lo largo de su diagon 1l
yel esfuerzo cortante medio sc determinara dividiendola carga
maxima entre el drea bruta del murete medida sobre la misn.a
diagonal.

La dcterminacion s¢ hard sobre un mimimo de 9 muretcs
construidos con pigzas provenientes de por o menos tres lotcs

difcrentes.

Para disciio se utilizara un esfucrzo resisiente igual a

en que

v esclpromedio de los csfuerzos resistentes de los muretc
- ensayados

¢ esclcocficiente de variacion de los esfuerzos resistentes
de los muretes ensayados que no se tomara menor quu
0.20

Para muros que dispongan de algin sistema de refuerzc
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cuta contribucié 1 a la resistencia se quiera evaluar o que
tenyan caracteri-ticas que no pueden representarse en el
tamafio del murete, las pruebas de compresion diagonal
an.zs descritas «leberan realizarse en muros de al menos
2 2m

2 - 3 Resistencic al aplastannenio
Cuando una carg { concentrada se transmite directamente a la

m.anposteria, el :sfuerzo de contacto no excedera de 0.6 £* .
El csfuerzo actu :inte se calculara con las cargas de diseio

ob: cnidas aplicar do los factores correspondientes a la combi- -

na-ign de acccio 1es de que se trate segun ¢l articulo 1914 del
Reelamento. I

2 . 4 Resistencic a tension
. !,

S. -onsiderard q ‘¢ es nula la resistencia de la mamposteria a
¢s :erzos de ten: .on perpendiculares a Jas juntas. Cuando se
rc iera esta reistencia deberd proporcionarse el refuerzo
nc.gsano.
2 - 3 Modulo de clasticidad
El nodulodeela ticidad de la mampeosteria, E, podra determi-
n:.se experimern almentc o calcularse en forma aproximada
cC 1o sigue;
P. .1 mamposier 1 de tabiques y bloques de concreto.

i
E - 800 f* par cargas de corta duracion”

£ 350 f* par: cargas sostcnidas

P: -1 mamposter a de tabique de barro y otras piczas. excepto
la de concreto- :

E 600 f*_par: cargas dc corta duracién

E 350 f*_ par: cargas sostcnidas

2 - 6 Modulo d¢ conanie

E moédulo de cc tante de la mamposteria se tomard como
G=0.3E

3. SISTEMAS } STRUCTURALES A BASE DE MUROS
D! MAMPOS ERIA

3.7 Tipos de mi, “os

Los muros qu: tengan una funcién estructural en la
censtruccion qu :dardn incluidos en una de las modalida-

des descritas en los casos siguientes.
3.2 Muros diafragma

Estos son los que se encucntran rodeados por las vigas
columnas de un marco estructural al que proporcionan rigide?
ante cargas laterales,

La unién entre ¢l marco v el muro diafragma debera evitar
la posibilidad de volteo del muro perpendicularmente asu
plano y las columnas del marco deberan ser capaces d:
resistir, cada una, en una longitud igual a una cuarta parte d.
su altura medida a partir del pafio de 1a viga, una fuers:
cortante igual a la mitad de¢ la carga lateral que act{ia sobre ¢!
tablero.

3.3 Muros confinados

Estos son los que estan reforzados con castilios v dalas qu:
cumplen con 1os requisitos siguientes:

Las dalas v castillos tendran como dimension minima |
espesor del muro. El concreto tendrd una resistencta a compre -
sién. f'_ no menor de 150 kg/cm, y el refucrzo longitudin:!
estara formado por 1o menos de tres barras, cuya area no sei.
inferiora 0.21", /£, multiplicado por ¢l cuadrado det espesc:
del muro, 1%, y estard anclade en los elementos que linutan i
muro de mancra que pueda desarrollar su esfuerzo de fluenci:
1000:

El drea del refuerzo transversal no serd inferiora " f.d,
sicndo s la separacion de cstribos y d_la menor dimension
de la seccion del castitlo o dala . La separacion de los estribe:
no excederade 1.5 d_ni dc 20 em.

Existirdn castillos por lo menos en los extremos de los murc <
¥ en puntos intermedios del muro a una separacién no mav<r

que vez y media su allura, ni 4 m.

Existira unadala en lodo extremo horizontal de muro, a menos
queesteulumoesic ligadoa unclemento de concreto reforzado
de al menos 15 cm de peralte. Ademas cxistiran dalas en cf
interior del muro a una separacion no mavor de 3 m.

Exisliran elementos de refuerzocon las mismas caracteristic: s
que las dalas y castillos en ¢l perimetro de todo hucco cusa
dimension exceda de Ja cuarta parte de la longitud del murocn
la misma direcién.

La relacion allura a espesor de! muro no excedera de 30,

Podra incrementarse Ia resistencia a fuerza cortante de muros
confinados, de acucrdo con lo establecido en 4,3.2, cuando ¢
coloque rcfuerzo horizontal en las juntas con las cuantias
minimas especificadas en dicha seccién y que cumpla con Ins
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r.{uisitos de se; aracion maximay de detatlado especificados
P rra muros refc -zados interiormente en la seccion 3.4. Dicho
r. fuerzo horizo ital deberd estar anclado a los castillos ¢xtre-
1 s ¢ nteriores

3 4 Muros refo zados interiormente

E =25 son muro: reforzados con malla o barras corrugadas de
a. ¢ o, horizont: esyverticales, colocadasen los huecosde tas
pio-as, en duct: s 0 en las juntas. Para que un muro pueda
cci siderarse col 1w reforzado deberan cumplirse los siguientes
IC:; 1SHos mind: 10S.

L - .umade lact ntia de refucrzo horizontal, p,, yvenirf:al, P,
n. .cra menor « ue 0.002 y ninguna de las dos cuantias sera
n ior que 0.4 07, La cuantia de refuerzo horizomtal se
¢.: ulacomop, =A /st donde A, es el refuerzo horizontal
q' . secolocara n el espesor t del muro a una separacion
sor =AML, chque A ¢scl drea total de refuerzo que se
codhocara vertica mente en la longitud L del muro. Cuando se
cninlee acero de refuerzo de fluencia especificado maver de
4700 kegfem?, 1 . cuantias de refuerzo mencionadas cn este
p.::.afo podran  :ducirse muluplicandolas por 4200/f

T - o espacio g ¢ conlenga una barra de refuerzo vertical
d: ~:ratener un: distancia libre minima entre el refuerzo y las
p. -desdela pic -aigual a la mitad del diametro de la barra v
d. i :rd ser lena o a tado lo largo con mortero o conereto. La
di=t incia libre n .nima entre una barra de refuer.zo horizontal
v :taxterior del wuro serd de 1.5 cm o una vez ¢l didmetro de
Ia trra, la que 2sulte mayor. El refuerzo horizontal debera
csi.r embebido « n toda su longitud en mortero o concreto.

P.iu el colado de los huccos donde se aloje el refuerzo
veriical podrd e plearse el mismo mortero que se usa para
p. .ur las pieza © un concreto de alto revenimicnto. con
ar  gadomaxin rde 1 cmy resistenciaa compresion no menor
do 3 kg/em® E hueco de las piczas tendrd una dimension
m  ima mayor ¢ @ 5 cm v un drea no menor de 30 cm?

D :zracolocars: porlo menos una barraNo. 3 de grado 42, 0
re * ¢rzo de otr: s caracteristicas con resistencia a tension
cceuvalente, en - os huecos consecutivos en todo extremo de
m iros, en las i1 (ersecciones entre mures o a cada 3 m. El
rc nerzo vertical :n el interior del muro tendra una scparacion
nc nayor de 6 v z¢s el espesor del mismo ni mayor de 80 cm

C ndolos mur stransversales licguen a tope, sin traslape de
p1..as, sera nece sario unirlos mediante dispositivos que ase-
£ 2n la continu dad de ta estructura.

El refuerzo hori ontal debe ser continuo y sin traslape en la
foigitud del mr-o y anclado en sus extremos. S¢ deberan
cumplir los mis. 10s requisitos de anclaje que para concreto

reforzado. Deberd haber refuerzo consistente enunabarra*vo
4 de grado 42, o con resistencia a tensién equivalente, alredsz-
dor de toda abertura cuya dimension exceda de 60 cm cn
cualquier direccidn.

Larelacidn altura/espesor de estos muros no serd superiora 30

Debera haber una supervision continua en la obra que aseg ire
que ¢!l refuerzo esté colocade de acuerdo con 1o indicado ¢on
planosy que los huecos en que se aloja el refuerzo sean colados
completamente.

3.5 Muros no reforzados

Se considerardn como muros no reforzados aquelios que no
tengan el refuerzo necesario para serincluidoscn aigunade a5
tres categorias anteriores.

3.6 Otras modalidades de refuerzo y construccion de mii-0s

Cualquier otro tipo de refuerzo o de modalidad constructin . o
base de mamposteria debera ser avalado por cvidencia exji-
rimental y analitica que demuicstre, a sauslaccion del De-
partamento, que cumple con losrequisitos de seguridad cstri:c-,
tural establecidos por ¢l Reglamenio v por estas Normas

4, PROCEDIMIENTO DE DISENO
4.1 Andlisis
4.1.1 Criterto General

La determinacion de ias fuerzas internas en los muros sc h: 1
en general por medio de un andlisis elistico En la determi: o-
ci1on de las propicdadcs elésticas de los muros deberd consic <
rarse que la mamposteria no resiste tensiones en direccron
normal a las juntas y emplecar por tanto las propiedades de .~
secciones agrietadas v transformadas cuando dichas tensior o>
aparezcan.

4.1.2 Analisis por cargas verticales

Para el analisis por cargas verticales se tomard cri cuenta que
en las juntas de los muros y los elementos de piso ocun:n
rotaciones locales debidas al aplastamiento del moriero. For
tanto, para muros quc soportan losas de concreto, la junta tic w
suficientic capacidad de rotacidn para que pueda constderas sc
que. para cfectos de 1a distribucién de momentos en el nueo
la rigidez de los muros es nula. Para el disciio solo se tomar i
en cuenta los momentos dcbidos a los efectos siguientes

a) Losmomentosquedebenser resistidos porcondicio-
nesdeestitica y que no pueden ser redistribuidos por
13 rotacién del nudo. como son los momentos dett-
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dos a ux voladizo que s¢ empotre en ¢l muro y los
debido: a empujes, de viente o sismo, normales al
plano ¢zl mure. | .

b} Los mo nentos debidos a la excentricidad conque se
transm. te la carga de la losa del pisoinmediatamente
superic- en muros extremos: tal excentricidad se
tomars gual a ' '

[

e malmel
2 3
|
enguc 1 es e} espesor del muro y b el de la porcion de
éste en que se apoya la losa soportada por ésle‘l.

1
Se. - admisible d :terminar inicamente las cargas verticales
qu. ctdansobre ¢ ada muro mediante una bajada de cargas por
arc ., tributariasy tomar cn cuenta los efectos de cxccmric‘;ida-
de: - csbeltez me liante los valores aproximados del factor de
rec:rxcion, Fp, re omendados en ¢l caso I del inciso 422,
cu: :-Jo se cumpi::n las condiciones siguientes:

a) Lasde! rmaciones de los extremos superior ¢ infe-
riordel muroen ladirecciéon normal a su planoestan
restring 1das por ¢l sisicma de piso o por otros
clemen os.

by No hay excentricidad importante cn la carga axial
aplicad | ni fuerzas significativas que actian en

direccic n normal al plano del muro.

¢) La rel: cién altura espesor del muro no excede
de 20.

4. . Andlisis po. cargas laterales

El - dlisis para | determinacién de los efectos de las cargas
It - 1les debidas a sismo se hard con basc cn las rigideces
rel . vasdelosdi tintos muros. Estas s¢ determinarin toman-
do :: cuenta las ¢ zformaciones de cortante y de flexion, Para
est- Ultimas se ¢ ansiderara la seccion transversal agrietada
del 1auro cuande la relacién de carga vertical a momento
fle-aunante es ta que se presentan tensiones verticales Se
tomerdencuenta arestriccion que impone a la rotacién de los
murcs la rigidez de los sistemas de piso y techo y la de los
diri:les,

Scia dnusible co isiderar quela fuerza corfante que tomacada
muic es proporcic nal a su drea transversal, ignorar los efectos
dc torsidn y de nomento de volteo, y emplear ¢l método
sinplificado de d sefio sismico especificado en la seccion 7 de
las ~ormas Técnicas Complementarias de Disefio Sismico,
cucndo se cumpl: n los requisitos especificados en la seccidn

2 de 1as normas citadas y que son los siguientes:

I. En todos los niveles, al menos 75 por ciento de las
cargas verticales estdn soportadas por muros ligados
entre si mediante losas monoliticas u otros sislemas
de piso suficientemente resistentes y rigidos al corte
Dichos muros tendran distribucion sensiblement.
simétrica con respecto a dos ejes ortogonales, o en su

- defecto, el edificio tendrd, en cada nivel. al menos
dos muros perimetrales de carga, sensiblemente
paralelos entre si, ligados por los sistemas de piso
antes citados en una longitud no menor que la mitad
deladimensiondel edificio enladireccion de dichos
muros.

II. La relacion entre longitud y ancho de la planta de’
cdificio no excede de 2.0 a menos que, para fines d:
analisis sismico, s¢ pueda suponer dividida dichi
planta en tramos independicentes cuya relacion lou-
gitud a ancho satisfaga esta resiriccion v cada trama:
s¢ revise en forma independiente en su resistencia o
efectos sismicos.

I1I. Larclaciénentre la alturay ladimension minima de
la base det cdificio no excede de 1.5 v ia alwra del
edificio no ¢s mayor de 13 m

Ademds, cuande s¢ use dicho método simplificado, la con-
tribucion a la resistencia a fucrza contante de los muros
cuya relacidn de altura de entrepiso, H, a fongitud, L, ¢s mavo
que 1.33, sc reducird multiplicandola por el coeficient
(1.33 L/H).

4.2 Resistencia a cargas verticales

4.2.1 Farmula general

La carga vertical resistente se calculara como:

Py=F Feft A

donde

P,  eslacarga vertical total resistente de disefio

F.  sctomara como 0.6 para muros ¢confinados o reforzado .
intcriormente de acuerdo con 3.3 0 3.4 y como 0.3 par.
muros no reforzados.

f*  eslaresistenciade disefio en compresion de la mampos-
T teria ¢ -
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F  esunfactor dereduccion porexcentricidad y esbeltez que
se¢ obtendia de acuerdo con 4.2.2

+. esel drea de la seccidn transversal del muro
< 2.2 Factor de reduccién por excentricidad v esbeltez

1. Cuando se cumplan los requisitos especificados en
losincisosa), b)yc)de4.1.2, podra tomarscF igual
a 0.7 para muros interiores que soporten ¢laros que
no difieren en mas de 50 por ciento y como 0.6 para
muros extremos o con claros que difieranen mas de
50 por cicnto, y para casos ¢n que la relacién entre
cargas vivas v cargas muertas de disefio excede de
uno.

II Cuando no se cumplan las condiciones del caso I,
el facior de reduccion por excentricidad y esbeltez
s¢ detcrminara ¢como €] menor del que se espc‘ciﬁca
en el caso I v el que se obtienc con la ecuation
siguicnte

Fe= (1 -2e/m[1- (3(){)] .1

en que
t es el espesor del muro

es la excentricidad calculada para la carga vertical, ¢,
mas una excentricidad accidental que se tomars igual a
/24

H'  la altura cfectiva del muro que se determinard a
partir de la altura no restringida, H, segin el criicrio
siguiente;

H' = 2H. para mures sin restriccion al desplazamiento lateral
€N Su extremo superior

H'-- 0.8H para muros limitados por dos losas continuas a
ambos lados del muro

H's= H para muros extremos cn qué sc apovan losas
4 [ P Efectode lasrestricciones a las deformaciones laterales

En casos en que el muro en consideracién esté ligado a muros
transversales a contrafuertes o a columnas o castillos que
resirinjan su deformacion lateral, et factor F calculado con la
ec 4 i se incrementard sumandole la cantidad (1-F )B. pero
el resultado no sera en ningun caso mayor que 0.9.

B es un coeficiente que depende de la separacién de los
¢lementos rigidizantes, L', y sc obtiene de la tabla siguienic

FACTOR CORRECTIVO, B, FPOR EFECTO DE LA
" RESTRICCION DE MUROS TRANSVERSALES

L' 15 175 20 25 340 40 50
B 07 06 05 04 033 023 020

4.24 Contribucion del refuerza a la resistencia a cargas
verticales

La contribucion a la resistencia a carga vertical de castilloz »
dalas o del refuerzo interior se considerara mediante los
incrementos cn el esfuerzo resistente en compresion. £* . de 1a
mamposteria, permitidos segun los incisos2.4.1d) ve) decstas
normas, a menos gue mediante ensayes a cscala natural se hava
demostrado que se justifica un incremento mayor cn la resis-
tencia dcbido a dicho refuerzo.

En muros sometidos a momentos flexionantes significatves.
perpendicularmente a su plano, podra determinarse la resis-
tencia en flexocompresion tomando en cuenta el refuer.-o
vertical del muro, cuando la separacion dce éste no exceda de
scis veces el espesor del muro.

El cilculo se realizard con el criterio de resisiencia cn
flexocompresidn que se cspecifica para concreto reforzadao. »
con base cn las hipotesis siguienics:

a) La distribuciéon de deformuciones unitaric.s
longitudinales en la seccion transversal de un clv-
mento ¢s plana.

b) Los ¢sfucrzos de tension son resistidos por ¢l refuet -
zo unicamente,

¢} Existe adherencia perfecta enire el refuerzo v ¢l
concreto o mortero que lo rodea

d) La seccion falla cuando s¢ alcanva, en la mampos -
teria, la deformacion unitaria miixima a compresion
que s¢ lomara igual a 0 003,

¢) A menos que cnsayes en pilas permitan obtencr
mejor determinacién de la curva esfuerzo-deforn-
ciondc lamamposteria, ésta se supondra lineal hast
la falla.
Los cfcctos de esbeliez se tomardn en cuenta afectando Lt

carga resistente del factor [ 1- 30t) ] segin el 1nciso
122
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4.3 Kesistencia a cargas laterales
4.3 | Consideraciones generales

La .« sistencia a cargas lateralcs de un muro debera revisarse
par.: 1 efccto de la fuerza cortante, del momento flexionante
ens: lanoy eventualmente también demomentos flexionantes
debi0s a empujes normales a su plano.

Cuirndo sean aplicables los requisitos del método simplificado
de disefio sismico, ver inciso4.1.3, 1a revisién podrd limitarse
a loz 2fectos de 1a fuerza cortante.

4 3 2 Fuerza cortante resistida por la mamposieria

|
]
. - - o . ’ k
La A-crza cortante resistente de disefio se determinara como
sig . |

a)  Para muros diafragma ;

1

V =F(085v*A) (4.2)
b)  Para otros muros

V, = F(0.5v* A +0 3P)SL.5F v* AL “#.3)
[SIT

P eslacargavertical quactiasobreel muro, sinmuhiplicar
por cl factor de carga .
. h]
v*  ¢s cl esfuerzo cortante medio de disefio que se determi-
nara segun ¢l inciso 2 4.2

El :ctor de reduccién de resistencia, Fy, se tomara como:

07 para muros liafragma, muros confinados ¥ muros con
refuerzo inl rior, segun se definen en el capitulo 3 de
estas horma .

0.4 para muros .10 confinados ni reforzados

No +¢ considerard incremento alguno de la fucrza coranie
res sente por cfecto de las dalas y castillos de muros confina-
do: deacuerdo con la seccion 3 3. Cuando se coloque refuerzo
horizontal en las juntas con las caracteristicas definidas en la
sec.10n 3.3 para muros confinados y en la scccion 3.4 para
mutus con refuerzo interior podrd incrementarse en 25 por
ciexio la fuerza cortante resistente calculada con ia ec 4 3,
sieinpre que la cuantia dc refuerzo horizontal, p,, no sca
inforior a 0.0005 ni al valor que resulte de la expresion
siguicnte
P 4200

py = 0.0002 v* (1 +0.2 ;7;) T

4.3.3 Resistencia a flexocompresion en el plano del muro

La resistencia a flexion y a flexocompresion en el plano de!
muro se calculard, para muros sin refuerzo, segon ta teoria de
resistencia de materiales suponiendo una distribucidn lineal
de esfuerzos en la mamposleria. Se considerara que la mam-
posteria no resiste tensiones y que la falla ocurre cuando
aparece en la seccidn critica un csfuerzo de compresion iguat
af*

La capacidad a flexion o flexocompresion en el plano de un
muro con refuerzo interior o exterior se calculard con un
método de disefio basado en las hipétesis estipuladas en ¢
inciso 2.4. Entodos los casos 1a capacidad debera afectarse de!
factor de resistencia F, determinado como scindica al final de
este inciso 4.3.3

Para muros reforzados con barras colocadas simétricamente
¢n sus extremos, las formulas simplificadas siguientes dan
valores suficientemente aproximados v conservadores del
momento resisiente de disciio

Para flexién simple. el momecnlo resistente se calculira
como

M,=F, A, f_‘ d

donde
A es ¢l drea de acero colocada cn el extremo del muro

d'" la distancia entre los ¢entroides del acero colocado ¢
ambos extremos del muro

Cuandoexistacargaaxial sobre cl muro. chimomento resistent
dc la seccion se modificara de acucrdo con la ecuacion

M,=M,+030P,d : siP,< l}

M, =(1.5M, +0.15 P, d) (1 - gu) . sip,> Lt

4 B

donde

P, esla carga axial de discfio total sobre el muro, que s
considerard positiva s1 es de compreston

d el peralte cfectivo del refuerzo de tensién

P, laresistencia a compresion axial
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F. sctomars igual a 0.8 si P <P./3 ¢ igual a 0.6 en caso
contrario

2. CONSTRUCCION
5.1 Materiales
3.1 I Piezas

Condrciones. Las piczasempleadas deberdn estarlimpiasy sin
rajaduras.

. . . .|
liumedecimicnto de las piezas. Deberan saturarse previamen-
.. - 1
te a su colocacion todas las piezas de barro; las piezas a base
dc .cmento deberan estar secas al colocarse. '

|

!

o I

3.5.2 Morteros |

f
. . N .
Alvzclado del mortero. La consistencia del mortero s¢ ajustara
tratindo de que aicance la minima fluidez compatible co;n una
sicil colocacion. Los materiales se mezclardn en un recipicnte
no absorbente, prefiriéndose. siecmpre que sea posible. un
mezclado mecanico. El tiempo de mezclado. una vez que ¢l

agua se agrega, no debe scr menor de 3 minutos.

Rewiezciade. Si el mortero empicza a endurccerse, podrd
remezclarse hasta que vuclva a tomar la consistencia descada
agigandole agua si es nccesario.

Los morteros a base de cemento normal deberan usarse dentro
dcl fapso de 2.5 horas a partir del mezclado inicial.

5./ 3 Concretos

Los concretos para el colado de clementos de refucrzo. interio-
res o exteriores al muro, tendran la cantidad de agua que
ascuure una consistencia liquida sin segregacion de los mate-
rizics constituyentes, El tamafo maximo del agregado serd de
i

5.7 Procedimientos de construccion

52 Juntas

El inortero en las juntas cubrira totalmente las caras horizon-
talcs v verticales de la pieza. Su espesor serd el minimo que
peririta una capa uniforme de mortero v la alineacién dce las
pie.. s. El esposor de las juntas no excederd de 1.5 cm.

5.2 2 Aparejo

Las 16rmulas y procedimientos de calculo especificados en
estas disposiciones son aplicables sdlo si las piezas se colocan

en forma cuatrapeada; para otros tipos de aparejo, cl compor-
tamniento de los muros debera deducirse de ensayes a esc.la
natural.

5.2.3 Concreto y mortero

En castilios y huecos interiores se colard de manera que sc
obtenga un llenado completo de los huccos El colado de
elementos interiores verticales se efectuara en tramos no
mayores de 1,5 m a menos que el &rea del hueco sca mayor de
65 ¢cm?, caso en el cual se permitird el colado en tramos hasta
de 3 m, sicmpre que sca posible comprobar, por aberturas en
Ias piezas, que el colado llega hasta el extremo inferior lcl
elémento.

5.2.4 Refuerzo

El rcfuerzo se colocara de mancra quc se ascgurc que sc
mantenga fijo durante el colado El recubrimicnto. separu-
cién y traslapes minimos scran los quc se especifican
para concreto reforzado; para esfuerzo colocado cn s
junias regird lo especificado en la seccién 3.4. No se admitira
traslape de barras de refucrzo colocadas ¢n juntas horizon-
tales.

5.2.5 Construccion de muros

En la construccidn de muros, ademis de los requisitos de 115
secciones anteriores, se cumplhiran los siguientes:

Ladimension de la seccién transversal de un muro que cumpla
alguna funcion estructural o que sea de fachada no serd menor
de 10 cm.

Todos los muros que se toquen o crucen deberan anclarse o
ligarse entre si, salvo que se tomcen precauciones que garan!-
cen su estabilidad y buen funcronamiento,

Los muros defachada que reciban recubrimiento de materia-
Ics pétrcos naturales o antificiales deberan llevar ¢lemenics
suficientes dc liga y anclajc para soportar dichos recu.-
brimientos. T

Durante la construccion de todo muro sc tomaran las precau-
ciones nccesarias para garantizar su estabilidad cn el proccso
de la obra, tomando en cuenta posibles cmpujes horizontale-,
incluso vicnto ¥ sismo.

En los planosdeconstruccién deberan especificarse claramen-
te: peso maximo admisible de las piczas, resistencia de las
mismas y tolerancia en sus dimensiones; asi como el mortero
considerado encldisciioy losdetallcs del aparejode las piczas
del refuerzo y su anclaje y traslape, detalles de intersecciones
cntre muros y anclajes de elementos de fachada,
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5 2.6 Tolerancias

H
i

a) Enningiinpuntoel ¢je de un muroque tenga ﬁlnc.:ié_n_,

estructural distara mas de 2 cm del de proyecto.

b) El desplome dec un muro no serd mayor que 0.004
veces su alturani 1.5 cm,

6. M AMPOSTERIA DE PIEDRAS NATURALES
0.1 dlcance ,

Est.i seccion se refiere al disefio v construccion de cimientos,
muies de retencién y olros elementos estructurales de mam-
posteria del tipo conocido como de tercera, o sea formado por
piediis naturales sin labrar unidas por mortero.

1
i
6.2 Viateriales !

|
62 1 Piedras : i

Las picdras quesc cmpleen en elementosestructurales deberdn
satisfacer los requisitos siguientes: ‘
Resistencia minima a compresion en direccion normal a los
plan s de formacidn 150 kg/cm®

Re-1~1encia minima a compresion en direccién paralela a los
.. 1
plan s de formacion 100 kg/cm?

Ab.crcion maxima 4%

Re-islencia al intemperismo; maxima pérdida de peso después
de > :iclos en solucién saturada de sulfato de sodio
10"

Las ropiedades anteriores se determinaran de acuerdo con los
precedimientos indicados en el capitulo CXVI1 de las Especi-
ficaciones Generales de Construccidn de la Sccretaria de
Ob.:s Publicas (1971).

La. »edras no necesitardn ser labradas, pero sc evitard en
lo »wsible el empleo de piedras de formas redondeadas y de
canivs rodados. Porlo menos el 70% del volumen del elemento
est.ard constituido por piedras con un peso minimo de 30 kg
cada una,

6 - > Morteros

Los morteros que se empleen para mamposicria de picdras
na:y-ales deberdn cumplir con los requisitos siguientes:

a) Larelacion volumétrica entre la arena y la suma de
cementantes se encontrard entre 2,25y 5,

b) La resistencia minima ¢n compresion scrd de
15 kg/em?,

¢) La resistencia se dcterminara segun lo especificado
en la norma NOM C 61

6.3 Diserto
6.3.1 Esfuerzos resistentes de diseio

Los esfuerzos resistentes de disefio en compresion, f* | v en
cortante, v¥, se tomardn como sigue;

Mamposteria unida con mortero de resistencia en compresion
no menor que 50 kg/cm? :

P =20 kg/em?, v* =0 6 kg/eny®
Mamposteria unida con mortcro de resistencia en compresion
menor que 50 kg/cm?

¢ =15kg/cm?; v* =04 kgfem? !

-'}'.‘
Los esfucrzos dc disefio anteriores incluyen va un factos
de reduccién, F_, que por lo tanto no deberd ser conside-
rado nucvamente en las formulas de prediccion de resistencea
6.3.2 Determinacion de la resistencia o
A
Scverificarad que en cada seccidn la fuerza normal actuante d;
disefio no exceda la fuerza resistente dada por la expresion

P,=(1-20) A P

stendo t el peralte de fa seccidn, A . sudrcay ¢ la excentricidad
con que actda la carga, La expresion antertor cs valida cuando
la relacion entre la altura del elemento de mamposteria y ¢!
peralie de su seccion no excede de 5; cuando dicha relacion s
cncuentre entre 5y 10, la resistencia se tomara igual al 80%,
de la calculada con la expresion anterior; cuando la relacion:
exceda de 10 deberdn tomarse en cuenta explicitamente jo.
efcctos de csbeliez en la forma especificada para mamposteri:
dc picdras arificialcs.

La fuerza cortante actuante no excederd de la resistente
obienida de multiplicar el area transversal de 1a seccion mis
desfavorable por el esfuerzo cortante resistente segun el incis.
antetior. 4

6.4 Construccion

6.4.1 Predras

Las piedras que se emplecan deberdn estar limpias y sin
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rajaduras. No se empleardn picdras que presentan forma de
laja Las piedras se mojaran antes de usarlas.

6.+ 2 Mortero

El monrcro se elaborara con la cantidad de agua minima
necysaria para oblener una pasta manejable. Para el mezclado
y remiezelado se respetaran los requisitos del inciso 5.1.2

6 4 2 Procedinuento constructivo

La mamposteria sc desplantara sobre una plantilla de mortero
o concreto que permtita obtener una superficie plana. En las
primeras hiladas se colocaran las picdras de mayores dimen-
sioncs y las mejores caras de las piedras se aprovecharan =para
los paramentos. Cuandolas piedras sean de origen sedimeniario
sc cclocardin de manera que los lechos de estratificacion
qucden normales a la direccion de las compresioncs, |Las
picdr s deberan humedecerse antes de colocarlas v se acdmo-
darir de mariera de llenar lo mejor posible ¢l hueco formado
por las olras piedras. Los vacios se reflenardn completamente
con predra chicay moriero. Deberan usarse picdras a tizon/que
ocupardn por lomenosunaquinta partedel arcadcl paramento
vestardn distribuidas en forma regular. Screspetardn, ademas
los requisitos del ingiso 5.2.5. que sean aplicablcs.

6.5 Cimientos

En cimientos de picdra braza la pendiente de las caras incli-
nadas. medida desde 1a arista de la dala o muro, no serd menor
que | 3 (vertical) : | (horizontal).

En cimicntos de mampostcriade forma trapectal conun talud
verucal y el otro inclinado, tales como cimicntos de lindero.
debera verificarse la estabilidad del cimicntoa torsion. De no
efectuarse esta verificacion, deberan existir cimientos per-
pendiculares a cllos a scparaciones noe mayores de las que

séfiala la siguiente tabla:

Presion de contacto Claro maximo, en m

con ¢l terreno, p. tonym2  Caso(]) Caso (2)
p<2.0 5.0 : 10.0
2.0<ps2.5 4.5 9.0
2.5<p<3.0 4.0 73
3.0<ps4.0 30 6.0
" 4.0<ps5.0 2.5 45

En todo cimiento deberan colocarse dalas de concreto reforza -
do, tanio sobre los cimientos sujctos a momentos de voltec
como sobre los perpendiculares a ellos Los castillos deber:
cmpotrarse en los cimicntos no menos de 40 cm.

En latabla anterior. ¢l claro maximo permisible se reficre a b
distancia entre los c¢jcs de los cimicnos perpendiculares
menoscl promediode losanchos medios deéstos Loscasos ()

v (2) corresponden respectivamente a mamposteria iigada con
mortero de ¢al ¥ con moriero de cemento. No deberan existin
planos definidos de falla transversales al cimiento

6.6 Muros de contenciin

En cl discfio de muros de contencidn sc tomard cn cuenta la
combinacién mas desfavorable de cargas laterales y verticales
debidas a empuje de ticrras. al peso propio del muro, a las
demads cargas muertas que pucdan obrar v a la carga viva que
licnda a disminuir ¢l factor de scguridad contra volico ¢
deslizamiento.

Meéxico D.F., a 24 de febrero de 1993, ¢l Jefe del Departamento
dcl Distrito Federal. Oscar Espinosa Viflarreal - Ribrica - El Se-
cretario de Obrasy Servicios, Danie! Ruiz Ferndndez. - Ribrica
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CRITERIOS DE DISENO SiSMICO

Amador Teran-Gilmore
Universidad Auténoma Metropolitana Azcapotzalco
Av. San Pablo 180, Colonia Reynosa, México 02200, D.F.

La respuesta dinamica de una estructura durante una excitacion sismica depende de las
caracteristicas mecanicas de la primera, y de la manera en que estas interactuan con las
caracteristicas dinamicas de la segunda. Dadas las complejidades e incertidumbres involucradas,
no es facil plantear ni entender el comportamiento y desempefio que una estructura pueda llegar a
tener durante una excitacion sismica. Por tanto, el disefio sismico no puede verse como una ctencia
exacta, stno mas como un arte, donde la intuicion y buen juicio tienen mas que aportar que un
célculo numeérico.

Dado lo complejo del tema, en la presentacidon que se ofrece a continuacion se simplifican algunos.
conceptos con la intencion de clarificarlos, y enfatizar algunos detalles que son de importancia.
Cuando es necesario profundizar en algunos conceptos, estos se ilustran a través de ejemplos que
involucran elementos o estructuras de concreto reforzado. Sin embargo, la presentacion es lo
suficientemente general para que estos conceptos puedan extenderse con facilidad a otro tipo de
materiales estructurales.

FORMULACION DEMANDA-SUMINISTRO
Nuestro enfoque actual de disefio sismico esta basado en una formulacién de demanda y suministro:
DEMANDA SISMICA < SUMINISTRO SISMICO (1)

Este enfoque implica primero, estimar las demandas sismicas, para luego estimar los suministros
sismicos correspondientes. La informacion que se requiere para establecer la Ecuacion | puede
agruparse en 4 categorias.

o Criterios de desempeiio (comportamiento deseado). Es necesario considerar el
comportamiento deseado de la estructura durante los diferentes niveles de excitacion sismica
considerados relevantes. :

] Niveles sismicos de disefio. Es necesanio establecer excitaciones sismicas de diferente
intensidad para definir en contra de que se va a disefiar a la estructura. Es importante
considerar que la estructura estara sujeta, a lo largo de su vida atil, a excitaciones sismicas
de diferente intensidad.

e Demandas sismicas. Primero, es necesano identificar cuales son las demandas sismicas



relevantes para cada uno de los niveles sismicos considerados; para esto es importante
considerar el comportamiento deseado de la estructura para cada uno de estos niveles. Una
vez identificadas, es necesario cuantificar las demandas sismicas por medio de un analisis
estructural, ‘

° Suministros sismicos. Una vez establecidas las demandas, puede entonces establecerse una
serie de suministros sismicos que las satisfagan. Debe enfatizarse que la prediccion de las
demandas v la evaluacion de los sumimistros sismicos no es una tarea facil. Las demandas
sismicas en una estructura dependen fuertemente de sus suministros sismicos (la respuesta
de la estructura depende de las caracteristicas mecanicas que se le suministran), mientras
que los suministros sismicos se proveen a la estructura en funcion de las demandas
estimadas. Esto hace que el disefio sismico sea iterativo por naturaleza.

CRITERIOS DE DESEMPENOQ/NIVELES SISMICOS DE DISENO

Actualmente, {a filosofia mundial del disefio sismico se basa en que las estructuras de ocupacion
estandar deben satisfacer las siguientes condiciones;

° Resistir sin dafio (estado limite de servicio) niveles menores de movimiento sismico;

® Resistir sin dafio estructural, aunque posiblemente con algun tipo de dafio no estructural
{(estado limite de operacidn), niveles moderados de movimiento sismico;

. Resistir sin colapso, aunque con algun tipo de dafio estructural y no estructural ({estado
limite de seguridad), niveles mayores de movimiento sismico

Lo anterior tmpiica combinar tres criterios de desempefio (o estados limite), formulados en funcion
del dafio estructural y no estructural aceptable, con tres niveles sismicos de disefio (menor,
moderado v mayor). E] definir la correspondencia que hay entre los criterios de desempeiio y los
niveles sismicos considerados da lugar a los objetivos de disefio.

Como podra apreciarse, el tercer objetivo de disefio acepta daiio en los elementos estructurales, lo
que 1mplica que es posible que la estructura vava mas alla de su rango elastico, y exhiba un
comportamiento plastico de importancia. Esto a su vez implica que es posible utilizar suministros
de resistencia que, dependiendo de la capacidad de deformacion de la estructura, pueden llegar a
ser varias veces menor que la resistencia requenda para mantenerla en el rango elastico. La
posibilidad de disefiar para estas resistencia reducidas se ha reflejado en mayor racionalidad
economica durante el disefio sismorresistente.

CARACTERISTICAS MECANICAS RELEVANTES

Existen cuatro propiedades de una estructura que tienen mucha relevancia en su comportamiento
dinamico durante una excitacion sismica. Tres de estas, la resistencia lateral, la rigidez lateral y la



capacidad de deformacion son caracteristicas mecdnicas de la estructura que deben disefiarse;
mientras que la cuarta, la masa reactiva, normalmente no se disefia, sino que suele conocerse antes
de! disefio de Ia estructura. La Figura 1 ofrece una interpretacion grafica de las tres caracteristicas
mecanicas mencionadas arriba. En esta presentacion se tomard al cortante basal (Vy), tal como se
define en la Figura 1a, como una medida de la resistencia lateral de la estructura.

Como ilustra la Figura 1, cuando se hable de la deformacidén de la estructura se hara referencia al

desplazamiento lateral que en su nivel superior producen las fuerzas laterales inducidas por la
excitacion sismica (8,,e,). De alguna manera, y aunque esta no representa una cuantificacion ideal,

se ha llegado al consenso de que el nivel de deformacién puede cuantificarse por medio del

concepto de ductilidad de desplazamiento global, iu. La Figura 1b ilustra la definicion de ductilidad
ultima p,, que es igual al desplazamiento de azotea ultimo que alcanza la estructura cuando se le

sujeta a un estado de deformacion monotonicamente creciente (8, ), normalizado por el

desplazamiento de azotea de fluencia (3,). Como se muestra se recurre a idealizar el

comportamiento de la estructura por medio de una curva bilineal para hacer posible la definicion

de 5,.

Aunque es necesario formalizar Ia definicion de ductilidad y racionalizar su uso dentro del disefio
sismorresistente, el concepto de ductilidad nos permite distinguir entre la capacidad de deformacion

eldstica de una estructura y su capacidad de deformacion plastica. No exceder la primera implica

que no habra dafio estructural, mientras que un desplazamiento creciente en el rango plastico de

comportamiento, caracterizado por la fluencia del material estructural, implica dafio creciente. Por
tanto, imponer un limite maximo para el desplazamiento lateral que una estructura puede alcanzar:
durante una excitacion sismica, implica un entendimiento claro de sus capacidades de deformacion

elastica y plastica, o en otras palabras, de la ductilidad maxima que esta puede desarrollar. '

La ngidez de una estructura de concreto reforzado en su rango elastico (K.) depende del claro vy
dimensiones transversales de los elementos estructurales, asi como del refuerzo longitudinal de los
mismos. En el rango inelastico, la ngidez lateral (K,) depende de vanas cosas, dentro de las cuales
destacan la regularidad de la estructura, el nivel de cargas gravitacionales y el detallado de los
elementos estructurales. La resistencia lateral de una estructura de concreto reforzado depende de
las dimensiones de los elementos estructurales y, si esta bien disefiada (el acero longitudinal fluye
antes de que se presente cualquier tipo de falla fragil), de la cuantia de acero longitudinal de dichos
elementos. Finalmente, la capacidad ultima de deformacion depende del detallado, dimensiones,
claro, v resistencia de los elementos estructurales v sus conexiones. Si los elementos no estructurales
estan conectados a la estructura, v son de naturaleza tal (por ejemplo muros de relleno de
mamposteria, que son muy rigidos y resistentes) que afectan de manera importante las caracteristicas
mecanicas de esta, es necesano tomarlos en cuenta cuando se establecen las caracteristicas
mecanicas de la estructura.

Puede notarse que el valor de las caracteristicas mecanicas mencionadas en el parrafo anterior
dependen del valor de varios pardmetros comunes, de manera que existe una interaccion importante
entre estas. Un cambio en el valor de una de estas caracteristicas mecanicas afecta necesariamente
el valor de las otras. A pesar de esto, su dependencia no es de tal naturaleza que pueda establecerse
un relacion directa entre ellas, de manera que puedan obviarse, durante el disefio sismico, algunas



de ellas en favor de otras. Esto implica que durante el disefio sismico deben tomarse en cuenta
explicitamente cada una de estas tres caracteristicas mecanicas. Dentro de este contexto, es
Importante reconocer que no hay ni material ni sistema estructural ideal para tomar las acciones que
las excitaciones sismicas inducen en las estructuras. Cada material y sistema estructural ofrece una
combinacion de estas tres caracteristicas mecanicas que exhibe fortalezas y debilidades para resistir
las excitaciones sismicas. '

Con base a lo discutido arriba es conveniente plantear la ecuacion demanda-suministro conforme:

DEMANDA SISMICA ¢ SUMINISTRO SISMICO (2)
de de
* Resistencia Resistencia
Rigidez Rigidez
Capacidad de deformacion Capacidad de deformacion

Como se ilustra en la Figura 1b, K, establece en el rango elastico una relacion entre 1a fuerza lateral
total actuando en la estructura y la deformacién lateral que Ia primera induce en la segunda. La
rigidez lateral de la estructura no solo debe verse como una medida para controlar la deformacion
lateral, sino como una propiedad que determina en gran medida la respuesta de la estructura ante
una excitacion sismica. Para entender esto, considere que el periodo de la estructura depende
directamente de su rigidez, y que la respuesta dinamica de la estructura depende fuertemente de su
periodo. Esto puede entenderse a partir del concepto de espectro, que se ilustra en la Figura 2. La
Figura 3 muestra espectros obtenidos para El Centro NS 1940 v SCT EO 1985, excitaciones
sismicas caracteristicas de suelo firme y blando, respectivamente. La abcisa de las graficas
presentadas en las Figuras 2 v 3 corresponde al periodo, mientras que las ordenadas corresponden
a la resistencia minima que requiere un sistema de un grado de libertad con un periodo dado, para
permanecer en su rango elastico de comportamiento durante la excitacion sismica. Puede notarse
que las demanda de resistencia depende de manera importante en el valor de periodo y, por tanto,
en el valor de 1a ngidez lateral de la estructura.

Para una rigidez lateral dada, esto es, para un periodo T dado, la resistencia lateral de la estructura
exhibe una fuerte influencia en su demanda méaxima de desplazamiento plastico (recuerde que en
esta presentacion se caracterizara dicha demanda a través de la demanda maxima de ductilidad). La
Figura 4 ilustra esquematicamente la interaccion que existe entre la resistencia lateral y la demanda
de p. Como se 1lustra, un incremento en la resistencia lateral disminuye de manera importante la
demanda de p, particularmente cuando este incremento se da a partir de valores muy bajos de
resistencia. Para un penodo dado, un incremento de resistencia disminuye las demandas plasticas
de deformacion, tanto maximas como acumuladas, y por tanto se ve reflejado en una disminucién
en ¢l nivel de dafio estructural. Note que, como se ilustra en la Figura 4, para un T dado existen
diferentes resistencias asociados a diferentes valores de 1. Con los diferentes valores de resistencia,
pueden plantearse espectros ineldsticos de resistencia, como los incluidos en la Figura 5, que



resumen las resistencias que deben tener sistemas con diferente T para que su demanda maxima de
u durante la excitacion sismica sea igual al valor de p asociado al espectro.

A partir de los puntos A y B ilustrados en la Figura 4, pueden plantearse dos cnterios de disefio
sismico (el punto A esta asociado a demandas de p < 2, mientras que el punto B esta asociado a
demandas altas de p, digamos del orden de 6):

¢ Punto A. Las demandas maximas y acumuladas de comportamiento plastico inducidas en
estructuras con alta resistencia suelen ser bajas. Por lo general estas estructuras presentan
elementos estructurales robustos con cantidades importantes de refuerzo longitudinal. El
' detallado del refuerzo transversal y otros aspectos de detallado (por ejemplo, traslapes y anclaje)
no se cuidan mucho, de manera que los elementos estructurales en particular, y la estructura en
general, exhiben poca capacidad de deformacidén plastica. Este tipo de sistemas basa su
supervivencia durante la excitacion sismica practicamente en su capacidad resistente. Si esta se
excede, normalmente ocurren fallas altamente indeseables y catastroficas; lo que implica que

el disefio de su resistencia debe ser muy conservador.

e Punto B. Las estructuras con baja resistencia lateral suelen sufrir demandas maximas y
acumuladas de comportamiento plastico muy elevadas cuando se les sujeta a excitaciones
sismicas severas. Fstas estructuras presentan por lo general elementos estructurales esbeltos con
cantidades relativamente bajas de refuerzo longitudinal. Es muy importante refinar el detallado
de los elementos estructurales (estribos cerrados y cercanos, anclaje, etc.) para que estos sean.
capaces de incursionar de manera importante en su rango plastico de comportamiento. Esta alta:
capacidad de deformacion es importante no solo para evitar la falla de los elementos
estructurales, sino el deterioro progresivo de sus caracteristicas mecanicas debido a un fenomeno
de fatiga de bajo ciclaje. Es importante recalcar que cuando un sistema entra, durante una
excitacion sismica severa, de manera importante a su rango de comportamiento plastico, es
dificil predecir con precision su respuesta dinamica

Un gran porcentaje de estructuras sismorresistentes se diseila actualmente con un criterio intermedio
entre el A v el B. Este criterio intermedio enfatiza la importancia de lograr un equilibrio entre las
capacidades resistente y de deformacion ltima que se le suministran a la estructura. De esta manera
no solo se logra una solucion economicamente factible, sino confiable desde un punto de vista
estructural. Este criterio intermedio resulta en elementos estructurales algo robustos con un buen
detallado sismico; los cuales sufriran demandas moderadas de comportamiento plastico durante
excitaciones sismicas severas. Bajo estas circunstancias, es posible predecir, con un grado de
precision aceptable, la respuesta dinamica de la estructura.

MANEJO DE LA RESISTENCIA LATERAL

Se discutio antes que un incremento en la resistencia lateral de una estructura sismorresistente
resulta en una disminucidn de sus demandas de deformacion plastica, y por tanto, en su nivel de
dario estructural. Dicho en otras palabras, un incremento de resistencia suele reflejarse en un mejor



desempefio estructural. Sin embargo, un incremento de resistencia no siempre se ve reflejado en un
mejor desempefio sismico del contenido de la estructura o de sus elementos no estructurales. En
algunos casos, un incremento de resistencia viene acompaiiado con incrementos importantes de la
aceleracion o distorsion de entrepiso, lo que resultaria en un mayor nivel de dafio en el contenido
de la estructura (equipo, inmobiliario, instalaciones, etc.) y de los elementos no estructurales,
respectivamente.

Anexo a estas notas se incluye el articulo titulado Efecto de la resistencia en las diferentes
demandas sismicas donde esto se discute en detalle.

ANALISIS ESTRUCTURAL

Dentro del enfoque actual de disefio sismico, se considera que se conoce la capacidad altima de
deformacion plastica que la estructura es capaz de alcanzar cuando se le sujeta a un estado de
deformacion monotonicamente creciente. Como se discutié antes (ver Figura 1b), esta capacidad
se caracterizara por medio de p,,. El disefio sismico consiste entonces en determinar la resistencia
lateral y rigidez lateral que deben proporcionarse a la estructura para que, durante la excitacion
sismica de disefio asociada al estado limite de seguridad, su demanda maxima de ductilidad no
exceda y,. De tal manera que el analisis estructural se plantea a partir de la siguiente formulacion
parcial de la ecuacion demanda-suministro:

DEMANDA SISMICA < SUMINISTRO SISMICO (2)
de de
Resistencia Resistencia
Rigidez Rigidez

Dado que normalmente se utilizan métodos de analisis elastico para resolver el analisis estructural,
se plantea una relacion lineal entre la resistencia lateral v la ngidez lateral de la estructura, que no
es valida en el rango plastico de comportamiento mostrado en la Figura 1b. Otro aspecto por
considerarse es que la ecuacion 2 se plantea solo para niveles mavores de excitacion sismica, y se
supone que el disefio de la estructura resistente bajo esta condicion resulta en estructuras capaces
de satisfacer los criterios de desempefio asociados a niveles menor v moderado de excitacion
sismica.

La capacidad de deformacién de la estructura no se maneja explicitamente, sino a través del
detallado de la estructura. Los codigos exigen ciertos requerimientos de detaltado (separacion y
remate de 1os estribos, anclaje, etc.) que se asocian con una p, dada. Esta p,a su vez se asocia con
un factor de reduccion de resistencia, R, a partir del cual pueden establecerse espectros inelasticos
de resistencia, como se ilustra en la Figura 6. A partir de estos espectros, es posible definir fuerzas
laterales concentradas al nivel de las losas de entrepiso, como muestra la Figura 7a, para modelar
el efecto de 1a excitacion sismica de disefio sobre la estructura. Estas fuerzas inducen elementos



mecanicos en los elementos estructurales, y producen distorsiones de entrepiso, que constituyen una
medida de las demandas de resistencia y rigidez en la estructura, respectivamente. Los elementos
mecanicos {axial, cortante, momento flexionante, etc.) inducidos en los elementos estructurales
constituyen las demandas de resistencia que deberan satisfacerse mediante un refuerzo longitudinal
y transversal adecuado. La distorsion de entrepiso (definida en la Figura 7b) da una medida de las
demandas de rigidez, va que los reglamentos especifican limites de distorsion maxima que no deben
excederse durante el analisis estructural. El excederlos implica aumentar el tamafio de los elementos-
estructurales (esto es, su rigidez) hasta que se cumpla con dichos limites.

EEs importante enfatizar que el analisis estructural no debe utilizarse directamente para concebir ¢l

sistema estructural, sino para reforzar o replantear la concepcion inicial de la estructura {(que debe

plantearse antes de pasar a la etapa numerica del disefio). Como se discutira mas adelante,

particularmente en el tema de DISENO POR CAPACIDAD, antes de levar a cabo el andlsis

estructural el proyectista tiene que tener una idea muy clara de como la estructura que concibe debe

resistir las acciones que en ella induce la excitacion sismica de disefio. Esto es particularmente

valido en situaciones, como lo es la del disefio sismico, donde la estimacion de las cargas de disefio

y de la respuesta de la estructura ante estas es altamente incierta. Bajo este contexto, los resultados.
del analisis estructural deben ser subordinados a un planteamiento conceptual sélido, que considere

otro tipo de medidas de naturaleza no nimerica que fomenten el desempefio adecuado de la-
estructura.

A partir del estudio de la Figura 8 pueden vislumbrarse algunas de las limitaciones de un analisis
estructural eldstico. En esta figura se contrasta las respuestas elastica e inelastica de un edificio de
10 pisos. Como puede apreciarse, tan pronto como el edificio entra en su rango plastico de
comportamiento, se presenta una acumulacién muy importante de deformacion en los pisos
inferiores. Esta acumulacion, que es importante para una estructura regular como la mostrada en la
Figura 8, puede resultar imposible de predecir en estructuras con irregularidades de importancia,
tanto en planta como elevacion, de resistencia, rigidez y masa reactiva.

CONTEXTO DEL DISENO SISMICO

Es practica comun que los codigos prescriban métodos simplificados para estimar las demandas
sismicas en la estructura sismorresistente. Por gjemplo, una suposicion tipica con el fin de estimar
fas distorsiongs de entrepiso (a partir de las cuales se determina la rigidez lateral de la estructura)
es que el desplazamiento lateral de la estructura durante la excitacién sismica de disefio, es
independiente de su resistencia lateral. Esto es, el desplazamiento que tendria la estructura si incurre
en su rango plastico de comportamiento es exactamente igual al que tendria s1 permaneciera
elastica. Esto, como se discute en detalle en el articulo titulado Efecto de la resistencia en las
diferentes demandas sismicas, no sucede en muchos casos de interés practico (por ejemplo, el
desplazamiento de estructuras con periodo fundamental de vibracion pequefio es muy sensible a la
resistencia lateral de las mismas; lo mismo que para estructuras desplantadas sobre suelo blando y
cuyo T se aproxima al periodo dominante de la excitacion). A lo anterior, es necesario afiadir el
hecho de que, como se 1lustra en la Figura 9, muchas veces el espectro de disefio, y los espectros de
respuesta obtenidos a partir de excitaciones generadas en el sitio de la construccion presentan



diferencias de importancia. Lo anterior implica dos cosas:

. El proyectista tiene a su disposicion un espectro de disefio elastico que no necesariamente
refleja todas las caracteristicas importantes de las excitaciones sismicas a las que estard
sujeta la estructura.

° La manera sobr-esimpliﬁcada con que el proyectista estima la demanda de desplazamientos
v de comportamiento no lineal (demanda de ductilidad) en la estructura no siempre da
resultados razonables.

Por tanto, las demandas de desplazamiento y ductilidad que se dan en la estructura durante una
excitacion sismica pueden variar significativamente con respecto a aquellas presumidas por la
normatividad vigente.

Ademas de lo anterior, es necesario reconocer que la incertidumbre inherente en la respuesta sismica
de las estructuras hace que el cilculo de sus demandas de desplazamiento v ductilidad (aun si se
contara con un espectro de disefio que incluyera todas las caracteristicas de los movimientos
generados en el sitio de la construccion) da lugar a estimaciones aproximadas de dichas demandas.
Esto es, es necesario reconocer que la respuesta sismica de una estructura, especialmente si entra
de manera importante en su rango de comportamiento plastico, es altamente incierta. La Tabla 1
resume las fuentes mas importantes de incertidumbre, y una aproximacién a su contribucion a la
incertidumbre total asociada a la prediccion de la respuesta sismica de las estructuras.

Tabla 1 Fuentes de incertidumbre en la respuesta sismica

Fuente de incertidumbre Porcentaje
Caracteristicas ¢ intensidad de la excitacion 50
sismica
Respuesta sismica no lineal de la estructura 30
Modelado 10
Disefio vs Construccion 10
Total . 100

Ante semejante panorama, que incluve metodologias sobresimplificadas y alta incertdumbre, es
necesario tomar precauciones que permitan garantizar el comportamiento adecuado de las
~ estructuras ante excitaciones sismicas de alta intensidad. Un parte importante en cuanto a esto es
garantizar que el comportamiento de la estructura sea:

. Estable. Sea cual sea el mecanismo sismorresistente seleccionado, es necesario que este



funcione a lo largo de toda la excitacion sismica sin exhibir una degradacion excesiva de sus
propiedades sismorresistentes.

Consistente. Es necesario fomentar que se active el mismo mecanismo sismorresistente
(aquel que ha sido seleccionado) independientemente del tipo de excitacion sismica al que
se sujeta a la estructura. Por ejemplo, considere el caso en que el proyectista decida que la
estructura que disefia debe resistir la excitacion(es) sismica(s) de disefio desarrollando un
mecanismo de viga débil-columna fuerte. En este caso, el disefiador debera tomar las
precauciones necesarias para que, independientemente del tipo e intensidad del sismo, el
comportamiento no lineal en el edificio tienda a concentrarse en las vigas.

Controlado. La respuesta dinamica de la estructura debe permanecer dentro de ciertos limites
de respuesta que son consistentes con el desempefio estructural y no estructural deseado. En
muchos casos es deseable controlar las demandas maximas y acumuladas (en su caso) de
aceleracion, desplazamiento y comportamiento plastico, para asi mantener la integnidad del
contenido de la estructura, y fomentar el buen desempefio sismico de sus elementos no
estructurales y estructurales.

En cuanto a lo que esto implica para el disefio de la estructura, puede decirse que: " £s importante
que el estructurista limite que es lo que puede hacer la estructura durante laf(s) excitacionfes)
sismica(s) de disefio, de manera que la excesiva hibertad en su respuesta no la conduzca a limites
inaceptubles de comportamiento”,

A estas alturas surge de manera natural la siguiente pregunta: ;Que puede hacer el disefiador para
fomentar que el comporiamiento de la estructura que diseiia sea estable, consistente y controlado?
Entre las acciones que debe tomar, destacan las siguientes:

Configuracion estructural. Tanto como sea posible, la configuracion estructural del edificto
debe ser: sencilla, simétrica, regular y redundante. Cabe aclarar que si los elementos no
estructurales contribuyen a resistir las cargas laterales, entonces también deberan tomarse
en cuenta para definir la configuracion estructural de la estructura.

L Sencilla. Los mecanismos sismorresistentes deben bajar las acciones sismicas desde
donde se generan hasta el suelo, de una manera clara y sencilla.

. Simetria. Dentro de lo posible, los elementos resistentes deben ubicarse en planta de
manera simétrica con respecto al centro de masa de la estructura. De esta manera,
se minimiza la respuesta torsional del edificio, que en algunos casos puede llevar a
que las demandas de ductilidad se concentren de manera excesiva, y por tanto
pehgrosa, en unos cuantos elementos resistentes. Por razones similares, es
importante evitar distribuciones asimétricas de masa en planta.

. Regularidad. Es importante mantener una distribucion razonable de resistencia,
rigidez y masa en altura (esto es, evitar discontinuidades importantes). Variaciones



importantes de estas propiedades en altura pueden resultar en concentraciones
excesivas de comportamiento no lineal en los elementos de un piso.

. Redundancia. Es muy recomendable repartir la labor de resistir la excitacion sismica
entre varios elementos sismorresistentes.

| Suministros sismicos. Las caracteristicas mecanicas de la estructura deben disefarse
explicitamente, considerando cuidadosamente como su resistencia lateral, ngidez lateral y
capacidad de deformacion impactan su desempeiio sismico.

[ Detallado. Un buen detallado es esencial para fomentar un comportamiento ductil en la
estructura, asi como para evitar que se generen mecanismos fragiles durante la respuesta
sismica de la misma.

DISENO POR CAPACIDAD

Para motivar la discusion acerca de la necesidad del disefio por capacidad, se discutir el ejemplo’
resumido en la Figuras 10 y 11. El ejemplo consiste en el disefio bajo cargas gravitacionales y
laterales de un paso a desnivel que puede idealizarse como un sistema de un grado de hbertad. La
Figura 10 muestra que la masa del sistema estructural se asume concentrada al nivel del tablero del
piso del paso a desnivel. Ademas, se ilustran las acciones de disefio por concepto de carga
gravitacional y sismica, asi como la superposicion de estas dos condiciones para obtener las
acciones de disefio.

La Figura 11 muestra una serie de suministros sismicos que satisfacen las demandas sismicas
obtenidas en la Figura 10 Dichos suministros no contradicen los requerimientos ni filosofia de una
gran cantidad de codigos actuales. Sin embargo, como se muestra en la Figura 11, el disefio que
resulta a partir de elios esta lejos de tener un comportamiento adecuado cuando se requiere que €l
paso a desnivel entre a su rango no lineal de comportamiento. En particular, el mecanismo
sismorresistente deseable para el paso a desnivel es el mecanismo ductil definido a partir de la
fluencia a flexion del acero en la base de la columna. Para que este mecanismo se forme, es
necesario que el cortante basal en la columna alcance el valor de 7.5, de manera que por su brazo
de palanca de 20, de un momento en la base de 150. Sin embargo, como se muestra en la Figura 11,
la resistencia a corte de la columna es de 6, por lo que la columna exhibiria un faila fragil a corte
antes de que pueda formar un mecanismo dactil. La Figura 11 muestra, suponiendo que la carga
gravitacional en el paso a desnivel es 1gual a la mostrada en la Figura 10, que aun proporcionando
una resistencia adecuada a corte a la columna, €l mecanismo ductil deseado no se formaria, ya que
antes fallaria la cimentacion de la estructura.

El ejemplo anterior, aunque muy simple, demuestra que los suministros sismicos deben satisfacer
ciertas condiciones que no siempre son requendas por los cddigos de disefio sismorresistente. Esto
ha llevado a plantear filosofias de disefio, como la de disefio por capacidad, que garanticen el
comportarniento adecuado de las estructuras.



El objetivo del la filosofia de disefio por capacidad es producir sistemas estructurales que sean
capaces de resistir las excitaciones sismicas por medio de mecanismos estables, consistentes y
controlados. Este concepto normalmente se aplica al disefio de estructuras ductiles, y se enfoca al
planteamiento de un mecanismo ductil para disipar la energia que el sismo introduce a las mismas.

El correcto uso de cualquier filosofia de disefio sismorresistente empieza por identificar el contexto
bajo el cual se da el disefio de la estructura. En particular, existen una serie de limitantes que el
disefiador debe tomar en cuenta como punto de partida:

° Criterios de disefio. En la mayoria de los casos, los critenos de disefio de las estructuras estan
definidos acorde al ias funciones (tipo de ocupacién) que debe desempefiar la estructura.
Estos criterios suelen expresarse en funcion del dafio estructural y no estructural que es
aceptable en la estructura durante los sismos a las que estara sujeta.

] Configuracion arquitectonica. El proyecto estructural esta limitado por los requerimientos
arquitectonicos.

° Normatividad vigente. Los codigos de diseilo sismorresistente imponen requerimientos .
minimos de disefio que no pueden ignorarse. 5

L Excitaciones sismicas de disefio. Las propiedades del terreno en €l sitio de l1a construccion,
v las posibles fuentes sismogénicas que afectan al mismo, determinan las caracteristicas de
las excitaciones sismicas de diseiio. .

* Incertidumbre. Como se menciono antes, existen vanas fuentes de incertidumbre inherentes
al disefio sismorresistente.

Entre las herramientas con las que el proyectista cuenta, para establecer un buen disefio a partir de
las limitantes planteadas, se encuentran:

L] Conocimiento. Es deseable que el ingeniero posea un nivel de conocimiento que le permita
ir mas alla de la simple aplicacion de los requerimientos minimos planteados por la
normatividad vigente.

* Intuicion. Ademas, es deseable que el ingeniero sea capaz de intuir la pertinencia de las
soluciones que plantea, los cambios que deban hacerse a su planteamiento original, y la
confiabilidad de los calculos que realiza durante ia fase numérica del disefio.

° Herramientas de analisis estructural. Actualmente existen poderosas herramientas de analisis
estructural que permiten al proyectista estimar, y hasta visualizar, el efecto que la excitacién
sismica tiene sobre la estructura que disena.

. Filosofia/Metodologia de disefio. Se debe recurrir a metodologias de disefio basadas en
conceptos estructurales solidos, como es el caso del disefio por capacidad.



Los pasos que deben seguirse para hacer un disefio por capacidad pueden resumirse conforme a lo
siguiente:

Primero, es necesario identificar los posibles modos de comportamiento y falla de la
estructura, v establecer entre ellos una jerarquia de ocurrencia. En el ¢jemplo del paso a
desnivel existen tres modos principales: uno estable de disipacion de energia, y dos
indesecables. El proyecusta debe decidir en cual(es) modo(s) es deseable que la estructura
responda, y cuales deben evitarse a toda costa. En el ejemplo del paso a desnivel, los modos
se clasificarian, de mejor a peor conforme a lo que sigue: fluencia en la base de la columna,
falla a corte de la columna, falla de cimentacion.

Segundo, es necesario seleccionar un mecanismo sismorresistente estable y consistente. Esto
implica definir el material y sistema estructural, que en el caso del ejemplo planteado
consiste en un sistema ductil de concreto reforzado. Parte esencial de este planteamiento es
que se 1dentifiquen las zonas donde se concentrara el comportamiento no lineal en la
estructura, que para el paso a desnivel es la base de las columnas.

Tercero, es necesario fomentar que la estructura responda controladamente a traves del
mecamsmo seleccionado. Esto generalmente se logra por medio de: la seleccion de
configuraciones estructurales adecuadas (que eviten la concentrancion excesiva de
deformacion no lineal en unos cuantos elementos), el disefio contra modos de falla
indeseables (proporcionarles suficiente resistencia para que no se produzcan antes de que
se active el modo de disipacién de energia deseado); y el detallado de las zonas que disipan
la energia (para garantizar un suministro adecuado de capacidad de deformacion en el rango
plastico). En el caso del ejemplo del paso a desnivel, esto implica proporcionar suficiente
capacidad a corte a la columna, y suficiente capacidad a la cimentacion para que la
estructura sea capaz de desarrollar su mecanismo dictil. Ademas, esto implicara un
detallado adecuado en la base de la columna que le permita acomodar las demandas de
deformacidn no lineal esperadas durante las excitaciones sismicas de disefio.

Uno de los casos mas 1lustrativos en cuanto al uso de 1a filosofia de disefio por capacidad dentro de
la normatividad actual es el de disefio de marcos dictiles de concreto reforzado. Al respecto, cabe
mencionar que los requerimientos especificados en el Reglamento de Construcciones del D.F.
(RCDF) fomentan un mecanismo estable de disipacion de energia por medio de la fluencia a flexion
del acero longitudinal. Parte importante de este enfoque consiste en'

Limitar la relacion de esbeltez de los miembros estructurales (especialmente las vigas) para
fomentar un compertamiento a flexion en ellos v disminuir lo mas posible los efectos de
corte {en la Figura 12 puede verse que L/H se limita a valores mayores de 4, donde L es el
claro de la viga y H su peralte total).

Limitar las cuantias minima y maxima de acero longitudinal de los elementos estructurales
a cantidades que permitan un comportamtento ductii (ver los requerimientos para A, y A,
de las vigas en la Figura 13);



Proveer acero longitudinal a compresion en cantidad importante para fomentar el
comportamiento ductil de la pieza (por ejemplo, en la Figura 13 se especifica que en vigas
la mitad del acero positivo no debe ser menor que el de acero negativo en L,);

Proveer confinamiento adecuado al concreto, por medio de estribos, para incrementar su

capacidad de deformacion y permitir el comportamiento ductil de los elementos.
estructurales (ver en la Figura 14 los estrictos requenimientos de separacion y detallado de

los estribos en la zona L, de las vigas).

Note que la zona definida por la longitud L, es la zona donde se presume se concentraran las
demandas de comportamiento no lineal, esto es, las zonas criticas de disipacion de energia.

Para fomentar que el mecanismo de disipacion de energia sea consistente, €l RCDF tiene
requerimientos para evitar que ocurran los varios mecanismos fragiles mediante los cuales pueden
fallar los diferentes elementos de concreto. A continuacion se incluye una lista de estos modos de
faila indeseables y aigunas de las medidas que toma el RCDF para evitarlas.

Pandeo lateral de los elementos estructurales. Para evitar el pandeo lateral de los elementos
estructurales se limita la relacion que su ancho b puede tener con otras dimensiones (ver en
la Figura 12 las limitaciones impuestas al valor de b y a sus relaciones con otros elementos).

Pandeo prematuro del refuerzo longitudinal. Una de las funciones del acero transversal es
proporcionar soporte lateral al refuerzo longitudinal para evitar su pandeo (ver en la Figura
14 los estrictos requerimientos de separacion y detallado de los estribos en la zona L, de las
vigas). ‘

Aplastamiento del concreto en zonas de compresion excesiva. Otra de las funciones del acero
transversal es mejorar las propiedades de! concreto que se sujeta a compresion para evitar
su aplastamiento prematuro (ver en la Figura 14 los estrictos requerimientos de separacion
v detallado de los estribos en la zona L, de las vigas)

Fractura del acero. La cuantia mimma de acero a tension especificada en la Figura 13 tiene
como objeto el evitar la fractura prematura de este acero.

Fallas a corte de los elementos estructurales. Las Figuras 15 y 16 ilustran que los
requerimientos del RCDF exigen una resistencia a corte en los elementos estructurales que
les permita alcanzar la fluencia a flexi6n en sus dos extremos.

Formacion simultanea de articulaciones pldsticas en columnas. La Figura 16 ilustra que los

requenimientos del RCDF fomentan un mecamsmo columna fuerte-viga débil por medio de
proporcionar una resistencia a flexion en las columnas bastante mayor a la correspondiente
a las vigas.



® Conexiones o nudos. Se promueve que el acero de las vigas fluya antes que falle la conexidn
viga-columna, por medio del suministro, en cantidad suficiente, de estribos en la zona de la
conexion (ver Figura 17).

® Anclaje/Adherencita. Un aspecto muy importante para permitir la fluencia del acero
longitudinal de los elementos estructurales es evitar las posibles fallas de adherencia o
anclaje por medio de los estrictos requerimientos mostrados en la Figuras 18 y 19.

/

Cabe aclarar que aqui no se ha realizado un examen exhaustivo de los requerimientos del Capitulo
5 de las Normas de Concreto del RCDF. Solo se han ilustrado como algunos de estos forman parte
de una filosofia de un disefio de capacidad. También es importante mencionar que esta filosofia
también va implicita en los requerimientos para ¢l disefio de muros ductiles de concreto reforzado.
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Figura9 Diferencias entre espectros elasticos de disefio y de respuesta
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Regquisitos generales

v_

A YA, > 0.7 A7A
y

1.

. e zonas donde aparczcan tensioncs.

A,y A, <0.75 A, (drea de refuerzo correspondicate a la falla balanceada).

Requusitos para marcos dictiles

\/_
Ay A, 207 22 entodala longiwd de I viga
y

A YA, SOTSA,.

Minimo dos barras # 4 en toda la longitud y en ambos lechos,

No sz admiten paquetes de mds de dos batas.

El momento resistente positivo en |) no serd menor que la mitad del momeato resistente negativo.

No puede haber traslapos, ni corte del refuerzo longitudinal ea |,

Todo el refucrzo de tensita, A,, necesario por sismo deberd pasar por ¢l ndcleo de la columna.

En toda seccidn de 1a viga deberd proporcionarse una resisiencia 8 mOmeEnto negatve y positivo no menor
que una cuarta pane de la mixima que se tiene en los extremos de al viga.

Figura X Requisitos para el refuerzo longitudinal de vigas
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51 ¥ 53 S df2 en las zonas donde la fuerza conante excede de La que resiste el concreto.
Estribos # 2 o mayores.

Reguusitos para marcos diictiles

Estribos # 2.5 o mayores.

En la zona 1; los estribos deberdn ser cerrados y con remate a 135°C, como s¢ indica en la figura 8.4.
La separacién no debers exceder de:

8 didmetros de 1a barra longitudinal mayor
5= | 24 didmetros de estribo

30cm

di4

Ademis. al menos una de cada dos barras longitudinales de la periferia deberd estar abrazada por 1z esquina de un estribo.
Fuera de 1) habrdn esuibos a una scparacién 5, = d2.

Figura ¥ Requisito para refuerzo transversal de vigas
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Mg IMy = Myp + My, cs la suma de los momentos flexionanles resistentes (negativo
T ' de un lado y positive del otro) de los extremos de las vigas
4 que {legan a un nudo.
\M vD ‘ .
M, \ } IMe = Mcg + Moy, es lasuma de los momentos flexionantes que deben ser
capaces de resistir los extremos de las columnas (supenor ¢
M\-__.( inferior) que llegan a dicho nudo.
ct

El momento resistents de la columna se calculard para la carga axial que le
cormesponde a la columna por efecto de la carga vertical mds ¢l doble de la que sc
gencra para efecto de las fuerzas sfsmicas actuando en la direccidn cormespondiente
al signo de los momentos flexionantes considerados.

Nudo viga-columna

cs
.....Q VC
— —
.V Me +Mgy
cC=——3
My 2 1.5CEM,)

Vb

Figura b Revision para la capacidad a flexocompresion y cortante de columnas

ty. alrura de Ia cot I )
1 zc';'ﬂ 2 Cc;u“‘:’:r Por equilibrio del nudo:
o A V)= (As) + AL 25 £, ~ Vo
A (1.235) Z AnlL23,) Para la condicién de mecanismo de viga se tiene, aproximadamente.
1 (s /. 4 by - _ 15k
( p Vi s+ A2 11 - 33

Az (1.25fy) —T Asy (125 No debe excederse de:
Asy

ViS4SR VR bh,

lurana
> .d::‘;nentzgs?mfmor V= 5Fpf % b, h,, cuando hay vigas en las cuairo caras de la unin.

3
Figura b{ Revisidn por cortante de conexiones viga-columna
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EERC-PNI
Pre-Northridge. sumulated field welding,
panel zone yielding, weld fracture. small rotation capacity

Eurthquake Engineermg Research Center, Umiversity of California at Berkeley
March 7. 1993
Vitelme ¥V, Bertero: with Andrew S. Whittaker and Amir S. Gilani

Specinen DL

aevaeords:

fUstolation:

RN
Poncipal Investgaior,
Related Summaries: 13,14
“Experimental Investigations of Beam-Column Subassemblages.”
01, Match 1996,
FEMA / SAC Joint Venture. Phase |

Report No. SAC 96-
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Pundimyg Souree:

CONNECTION DETAIL
- t ™ 5116 37
Widx17o . ! " PR
g C YR % 4 RETURN TYP TRE
éf‘%’gl < 0072" DIAM. £717-8 ELECTRODE

- (B) T/8" A325

L <
P W30409 J
] (A26)
"'
> 3/8 30° )
. 4 ZCJP,
. - — N\TYP. T&B

MATERIAL PROPERTIES AND SPECIMEN DETAILS

! Yield Stress (ksi} Ultimate Strength (ksi)
NMembe S Grade _
! mull cents coupon Lests* mill certs. coupon lests*
Beam W3ONYY A6 LN 5;)5371132%“ 734 770 igt)ﬂ\;“;ﬁc
v 4 e
I Column WLINET6 | AST2Gr 50 56.5 ngost]““ic 74.5 6(:505““"?
: .5 we S we

Weldimg Proceduie
Specihicaiian

Shear tih
Panel sone
Continusy plates

Boundiny conditions

Ohther detashing

Allwelds FCAW-S5 in conformance with AWSD1.1-94, performed with 0.120" duiameter
AWS E707-4 elcetiodes Preheas and interpass iemperature per Table 4 3. Fillet weld ot
slrea tab 1o beam web performed with 0.0727 diameter AWS E71T-8 electrode

27w d- 127
Nodoubler plies

R pltes with CIP groove weld
Smgle-sided test. no floor slab, axial toad 1n lower half of column equal to shear in beam.
spectmen tested i upnght pusibon
Connectien between column and beam welded 1n the upright position

T 23587 plate wath eight 7/8™ A325 bohis

*Coupen locauons per ASTM




BACKGROUND

The abjectives ol testing the Pre-Nonhndge specimens were to replicate mn the laboratory the failure medes observed in
the teld aler the Nonhndge carthquake o develop a better understanding of the failure mechanisms, and 1o acquire data on
o hilel deformanon chasacteristics of beam-column connections constructed 0 industry standards before 1994, The
srectmen descisbed mots sumnury was fabricated under controlled conditions by a local commercial steel fabnicator to
vtk specilicd by SAC and the primeipal invesnigator. 1t was intended to be identical to the specimens described n Test
stpinaies No 2and 3 In addition. these were intended 1o be nearly identical to the specimens described in Test Summaries
oo s and o wlieh were tested at U CL San Diego Because each of these were fabricated under controlled conditions,
ey el L s pessible that therr quality s superior (o typical moment connections fabricated in the field prior to the Northridge
cunlrguabe As such. some tield-fabricated moment connections may exhibit less rotation capacity than these test specimens.

Fhe standind SAC/ATC-24 luadimg tistory was used n the quasi-stauc testing of the specimen. The yield displacement
c0pol the specsnen was calcubated rom nonlmear analysis to be 1,40 m.

TEST SET-UP
,,,,,, ! 122" |

Lateral rastraint frame

; AN
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S|

114"

]
I
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)
]
P
]
1
]
3

o |
|

e Strong iloor
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Strong wall
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DISPLACEMENT HISTORY AND KEY EXPERIMENTAL OBSERVATIONS

Applicd Displacement History | Key Observations of the Test
Puint Description
Co 0= tmalvaeah 1 Shear yielding 1n the panel zone (displacement = 0 755},}
et T ¥ Fracture of welded connection of beam top flange 10 col-
= 26, R St 2 umn flange dunng first excursion to 39, .
% (3] | )
_é_ -3, e
-8 .-
—3 I
DETAILED TEST RESULTS
Quantity tsee introduction tor definmtions used 1n EERC tests) Maxima
Peak detuator torce (Kips): 116
Force/Dnsplacement Propertes Bean detormanon () 1.7
L Expernmental beim vield displacement (in ) 12
Rotation Capacity Manvimum plastie rotauon (% radian): 1.1
- i Cumulatve plasiic rotanon (% radian): NA
Fnciey Dissipanon Properuies Cumulative energy dissated (k-n.): 464
Sode o fofnes Fracture of the welded beam top lange to colunn flange connection duning the first half-cycle of loading o 38,



DISCUSSION

Specimen EERC-PNI tailed durtng the first half-cyele of loading to a displacement of 38,. Failure occurred 1 the
stoon e welded connection of the beam top flange to the column flange at a beam tp displacement of approximately 0.1 1n.
durmy the excursion Falure of the speaimen was preceded by shear yielding in the panel zone. initally observed during the
s displacement evele to (K758, The specimen faled abruptly during the 39, cycle. Data from the strain gages on the top-
ac b e 1op Hange ot the beam indicated Besural strains eacceding 20.000 microstrain. However. visual inspection of the

wonnen followmy (he testing sugeested that there was littie plastification over the depth of the beam. The maximum plastic
ciation of the connectien prior o failure was appreximately 1.1% radian: 0.7% rachan in the panel zone. and 0.4% radian in
we bennt The panel zone dissipated substantiadly more energy than the beam.

DISCLAIMER

Fhes ~sumunaey bas Been prepared trom the ened reterence. The SAC Joint Ventere has not verified any of the results presented herein, and no warranty
i alteced with eegand to the results, findings and recommendatens presented. either by the Federal Emergency Management Agency. the SAC Joing
“entore e dnduad some ventue partners. then directors, members. or employees These orgamzations and individuals do not assume any legal
el o responsibility fen the accuracy, completeness, o usetulness of any of the information, products, or processes included in this publication.

e ]
. . . \ . -
Pheresder s catfoned to carelully review the matenal presented herein More detaled information s available o the cited reference.



SAC Phase | Analyvticat Studies of Butlding Performance

Project Title
SAC Swvey ot Steel Moment-Resisting Frame Butildings Affected by the 1994 Northridge
Fathguake

Stb-coniactors
David Benowitz. S.E : Nabth Youssel & Associates
Nahih Y oussel. S.E 0 Nabth Youssef & Associates

Project Sumnnury
This report presents suinmauies and preliminary interpretations of data from steel
moment-1esisting frame buildings shaken by the Northrige earthquake of January. 1994, The
subject buildings were investgated tor earthquake damage to various degrees al various
Tnes sinee the event. Data was collected for this report between August, 1994 and March.
1QYA

[0 ceneral. two patterns of unaceeptable conditions are discernibie. One pattern is limited to
weld toot discontnuities that may represent poor construction quality these show hittle relation
o suzuciural demand The other pattern mvolves full-blown weld or base metal fractures and
docs appear 1efated 1o locatons of erniteal structural demand. A remaining question ts

whether the two pauerns ae linked. that 15, whether poor initial quality leads to fracture
durmg carthquakes. Survey data sugeest that poor quality. while it may contribute to damage.
1> nut by selt sutficient to cause damage. even under relatively high stress. Post-Northridge
labaratory testing has shown thas weld discontinuities are also not necessary for fracture.

Some broad hndimgs regarding general damage patierns and quantities include:

IoAbout 206 ol swveved buildings reported noe damage at all. About 30% of
surveved bulldings reported weld damage only.

2 Oneer 40% of ivestgated floor-frames were undamaged. and anather 40% bhad

wekd damage only Among cuse study buildings. which are somewhat more damaged
Han average ovel 706 of mdividual connections were undamaged. and another 17%
had weld damage only, Of all the weld damage reported. about half was limited to root
e ks detected by ultrasonie testing.

A wveld acruehs threquently not canfirmed by visual inspection) were reported two to
three ttmes as often as base metal iractures. (Cracks 1in the weld-column fusion zone
are genetally considered as weld damage.) Weld cracks were reported at the beam
hattom Ii'ungc about thice tmes as ofien as at the beam top flange. Base metal
Iractires at ihe top ol the connection were extremely rare. Top inspection was
substannally incomplete compared to bottom inspection.

4. Onverall. about 16% of floor-lames had some base metal fracture at the bottom of
the connection. about 334 had cither base metal fracture or significant weld cracks.

5 Aboul 804% ot all fioor-trames had less than one third of their connections
dinmaeed

SAC Stee] Project
¢fo Earthyuake Engincermg Research Center
1201 South 46th Street
Richmond. CA 94804
(510y231-9477
FAX {510} 231-5664
sucstee] @eere.berkeley edu
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The Phase 2 Sweel Project has a number of inter-related, problem-focused
mvestigations nte vanous aspecis of the steel moment frame problem. These
are hroken mio the following six basic arcas:

MMaterials and Fracune - evaluating the basic material characteristics
ot steels used in building construction in seismic regions of the United
Sutes

Jomung and Inspection - addressing issues related to welding. bolung.
and in-process and post-carthquake mnspection

Cuonnection Performance - beam-column connection modeling and
full-scale 1estng

System Performance - purametric analytical studees of steel frames
with varving ground motions. modeling assumptions, €tc.
Performance Prediction and Evaluation - development of rational and
rehaile performance-hased destgn procedures for steel moment frames
Economie, Sucial. and Political Aspects - identifying opportunities for
and huriers against implementing improved seismic design criteria

Performance of Sweel Bunldings in Past Earthquakes

Daia on Butldings Inspected under the L AL Inspection Ordinance
Detailed Data Collicction for Selected WSMF Buikdings

Evatuation of Inspection Relabiliey and Identification of Wla Damage
[nstitutionat Demands Caused by WSMF Damage

Damage 1o Welded Stee! Moment Frame Buildings in Earthquakes other
than Nortmdge

Coordinanon for Topical Investizations on the Performance of Steel
Buildings i Past Earthquakes

Assess Current Knowledge

Database Development tor Sorting and Summartzing Test Results
Maintenance and Updates of the Literature Database

Matenials and Fracture

Chatacterization of the Material Properties of Rolled Sections
influence ol the Through-Thickness Properties upon Beam to Column
Flange Welds

Joining and Inspeciion

Fects of the Relatve Strength of Base and Weld Metal on Weldment
Behavior at Dadterent Suam Rates

Eects of Weld Metd and HAZ Notch Toughness on Welded Joint
Behavior

Sensiovity of Welded Jomts 1o Variatons in Welding Procedures,
Parameters and Conditions

Retfiabiliy of Non-Destructive Evaluation Methods for Welded Joints -
Catabbish Model UT Procedures

Svnihesize Data Model tor Weld Performance

stablish Weld Aceeptance Criteria

Connection Performance

Assess and Improve Finite Element/Fracwure Modeis for unreinforced



and Cover Plated Connecuon Detals

Assess and Improve Finwte Element/Fracture Medels for Various
Connection Configurauons and Types

Develop Analvicallv-Based Design Methods for Dafferent Connections
Conbigmations

Development and Evaluatien ol Analytical Tools for Benchmark and
Analviteal Investizations

Svatem Performance

Develop Suites of Ground Motions

Parametne Study on the Effect of Seisnie Demands of Structural
Confizwations. Propartonmyg and Modeling

Parametric Study on the Eitect of Seismic Demands of Deterioration of
Hysterenie Characienistics
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THE SAC JOINT VENTURE

SAC s ugomt ventare of the Structural Engineers Association of California (SEAOC), the Applied Technology Council
CATCL and Califorva Umversities for Research m Earthquake Engineenng (CUREe,) formed specifically to address both
mmediate and long-erm needs related 1o solving problems of the Welded Steel Moment Frame (WSMF) connection that
hocamwe apparent as a result of the 1994 Northndge earthquake. SEAQC is a professional orgamization composed of’
mine than 3600 practicing structurat engineers n Calitomia  The volunteer efforts of SEAOCE members on various
technical commmittees have been instrumental i the devetopment of the earthquake design provisions contained n the
{omform Butldmng Code as well as the MNutional Earthquake Hazards Reduction Program (NEHRP) Provisions for Seismic
Revidanoms jor New Bialdings, The Applicd Technology Council 1s a non-profit organization founded specifically to
petiorm problem-tocused research related 1o structural engineering and to bridge the gap between civil engineering
roseircly and engineermy practice. §t has developed a number of publications of national significance including ATC 3-
vo, which serves as the basis for the NEFRP Recommended Provistons. CUREe 1s a nonprofit organization formed to
promoete and conduct research and educational activities related to earthquake hazard mitigation. CUREck eight
msttutiemal members are: the Califormia Institute of Technology, Stanford University, the Umiversity of California at
Botkeley. the Umversity of Califorma at Davis. the University of California at Irvine. the University of California at Los
Anueles. the Umiversaty of Califorma at Sun Diego. and the Umversity of Southern California This collection of

unn ersiy cathquatke research laboratory, library. computer and faculty resources is among the most extensive 1n the
fnned States, The SAC Joint Venture allows these three orgamizations to combing their extensive and unique resources.
augmented by subcontractor umversines and organizations from around the nation. into an integrated team of
practiioners and researchers. uniquely qualified to solve problems related to the seismic performance of WSMF

strucitnes

DISCLAIMER

Fhe purpose of this document 1s to serve us o supplement to the FEMA-267 publication Interim Guidelines. Evalation,
Hepain, Moditicanon and Design of Welded Steef Moment Frame Svructures . This Adwvisory, which is mtended to be used
n conjunction with FEALL-267, supercedes and entively replaces [nrerim Guidelines Advisory No. 1 (FEMA 267q).
FIO-267 was published o provide engmeers and binlding officials with guidance on engineering procedures for
euaduation. weparr, modificatton und destgn of welded stee] moment frame structures, to reduce the nsks associated with
carthguitkeanduced damage  The recommendations were developed by practicing engineers based on professional
rdgment and expericnce and a preiimmnary program of laboratory, field and analytical research. This preliminary
peseareh. known as the SAC Phase 1 program. commienced in November, 1994 and continued through the publication of
the dnreren Gaadelmes document. This Jiierim Guideimes Advisory No. 2, which updates and replaces /nrermm
Catedelie s Advivory Voo Fos based on supplementary data developed under a program of continuing research. known as
the SAC Phase 2 progranm, as well as findings developed by other, independent researchers. Final design
recommendations. supercedng both FEAA-267 and this decument are scheduled for publication in early 2000
rdependent review and gundance i the production of both the FEAA-267, Interim Gudelines and the advisories was
prosaded by o project oversight panel comprised of experts from industry, practice and academia. Users are cautioned that
resciteh i the behavior of these structures 1s continung. Interpretation of the results of this research may invalidate or
stegest the need tor modificanon of recommendatons contned herein, Neo warranty is offered with regard to the
vecenmetidations contained herein, either by the Federal Emergency Management Agency, the SAC Joint

v enture. the individual joint venture partners, their directors, members or employees. These organizations and
therr emplovees do not assume any legal liability or responsibility for the accuracy, completeness, or usefulness of
ain ob the information, products or processes included in this publication. The reader is cautioned to carefully
review the material presented herein. Such information must be used together with sound engineenng judgment when
apphied w specitic engmeenng projects This Arrermn Guadelines Advisory has been prepared by the SAC Joint Venture
wiil funding provaded by the Federal Emergeney Management Agency. under contract number EMW-95-C-4770 The
SAC Fome Ventare grateiully acknowledges the support of FEMA and the leadership of Michacl Mahoney and Robert
Panson Projeet Ofticer and Technieal Advisor, respectively, The SAC Joint Venture also wishes to express its gratitude
to e Jarge numburs of engineers. butlding ofticials, orgamizations and firms that provided substantial efforts. materials,
and advice and who have contributed significantly to the progress of the Phase 2 effort.
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PREFACE

Purpose

The purpose of the futerim Guidelines Advisory senes is to provide engineers and building
alficials with nmety information and guidance resulting from ongoing problem-focused studies of
L sersmic behavior of moment-resisting steel frame structures. These advisories are intended to
be supplements to FEMA-267 [nterim Guidelines: Evaluation. Repair, Modification and Design
of Helded Sreel Moment Frame Structures first published in August 1995,

The st fnterim Gudelines Advisorv, FEMA-267a, was published in January 1997. The
spectite revisions and updates to the /nrerun Guidelines contained in FEMA-267a were developed
hased on mput obtained from a group of engineers and building officials actively engaged in the
use of the FE£MA4-267 document. 1n the period since 1ts initial publication in August 1995, That
mput was obtained during a workshop held in August 1996, in Los Angeles. California.

This second Interim Guidelines Advisory has been prepared as a series of updates and
tevisions both to the FEMA-267. Inrerim Guidelines which it supplements and to the FEAMA-
26 7a, fnternn Guidelmes Advisory publication, which it supercedes. The material contained in
this fieron Guidelines Advisorv No. 2 is based on the extensive analytical and laboratory
research that has been conducted by the SAC Joint Venture and other researchers during the
mter ening period. along with recent developments in the steel construction industry. The
material contained m this Advisor has been formatted to match that contained in the original
inicrim Guedelmes . o permit the user to insert this matenal directly into appropriate sections of
that document. This Advisor: 1s not intended to serve as a self-contained text and should not be
used as such, [t does. however, completely replace the material contained in FEMA-267a.

A new set of recommendations for the design. analysis. evaluation repair, retrofit and
construction of moment-resisting steel frames is currently being prepared as part of the Phase 2
PProgram to Reduce Earthquake Hazards in Steel Moment Frame Structures. These new Seismic
Desien Criteria. which are anticipated to be completed early 1n the year 2000, will replace in their
ety the FEMA-267 Interon Guidelmes and this Interim Guidelines Advisory No. 2.

Background

[he Northndge carthquake of January 17, 1944, dramatically demonstrated that the
prequaliiied. welded beam-to-column moment connection commonly used in the construction of
welded steel moment resisting frames (WSMFs) in the period 1965-1994 was much more
siscepuible to damage than previously thought. The stability of moment frame structures in
carthquakes s dependent on the capacity of the beam-column connection to remain intact and to
restst tendencies ot the beams and columns to rotate with respect to each other under the
afluence of lateral detlectuon of the structure. The prequalified connections were believed to be
ductite and capable of withstanding the repeated cycles of large inelastic deformation explicitly
relied upon i the building code provisions for the design of these structures.  Although many
altected connections were not damaged. a wide spectrum of unexpected brittle connection

iii
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nactures did occur. ranging from 1solated fractures through or adjacent to the welds of beam
tlanges to columns. to large fractures extending across the full depth of the columns. At the time
ihis damage was discovered. the structural steel industry and engineering profession had little
understanding of the specific causes of this damage, the implications of this damage for building
safeive or even 1if reliable methods existed to repair the damage which had been discovered.
vithough the connection fadures did not result in any casualties or collapses, and many WSMF
binldimgs were not damaged. the incidence of damage was sufficiently pervasive in regions of
~irong cround motion to cause wide-spread concern by structural engineers and building officials
with reeard io the safetv of these structures in future earthquakes.

I response to these concerns. the Federal Emergency Management Agency (FEMA) entered
inte o cooperative agreement with the SAC Joint Venture to perform problem-focused study of
the seisnue performance of welded steel moment connections and to develop interim
recommendations for professional pracuce. Specifically, these recommendations were intended to
address the mspection of earthquake affected buildings to determuine if they had sustained
stenificant damage. the reparr of damaged buildings: the upgrade of existing buildings to improve
their probabie future performance: and the design of new structures to provide more reliable
woistie performance Within weeks of receipt of notification of FEMAS intent to enter into this
agreement. the SAC Joint Venture published a series of two design advisories (SAC, 1994a: SAC
1994h)  These design advisories presented a serres of papers, prepared by engineers and
researchers engaged in the investigation of the damaged structures and presenting individual
options as to the causes of the damage. potential methods of repair, and possible designs for
more rehable connections in the future. In February 1995, Design Advisory No. 3 (SAC. 1995a)
wis published. This third advisory presented a synthesis of the data presented in the earlier
publications. together with the preliminary recommendations developed in an industry workshop,
aitended by more than 30 practicing engineers. industry representatives and researchers. on
methods of mspecting. repairing and designing WSMF structures. At the time this third EldVlSOl’y!
was published. significant disagreement remained within the industry and the profession as to the
specthie causes of the damage observed and appropriate methods of repair given that the damage
had occurred  Consequently. the preliminary recommendations were presented as a series of issue
statements, followed by the consensus opinions of the workshop attendees, where consensus
ovisted, and by majority and dissenting opintons where such consensus could not be formed.

Durmg the first halt of 19935, an intensive program of research was conducted to more
defmitively explore the pertinent issues, This research included literature surveys, data collection
on alfected structures, stauistical evaluation of the collected data, analytical studies of damaged
and undamaged buildings and laboratory testing of a series of full-scale beam-column assemblies
representing 1vpical pre-Notrthridge design and construction practice as well as various repair,
upgrade and alternative design detatls - The findings of this research (SAC 1995¢, SAC 19954,
SAC 1993¢0 SAC 19951, SAC 1995¢. SAC 1996) formed the basis for the development of FEMA
207 - fmerun Gudelines: Evaluanon, Repair, Modification, and Design of Welded Steel Moment
{rame Soructires {ISAC, 1993b). which was published in August, 1995, FEMA 267 provided the
arst definite. albet mterim. recommendations for practice, following the discovery of connection
danuige 1o the Northnidge earthquake.
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As a result of these and supplemental studies conducted by the SAC Jomnt Venture, as well as
mdependent research conducted by others. it is now known that a large number of factors
contributed to the damage sustained by steel frame buildings in the Northridge earthquake. These
included:

+ design practice that favored the use of relatively few frame bays to resist lateral
seismie demands. resulting in much larger member and connection geometries than had
previously been tested.

» standard detarling practice which resulied in the development of large inelastic
demands at the beam to column connections;

¢ detailing practice that often resulted in large stress concentrations in the beam-column
connection. as well as mherent stress risers and notches in zones of high stress:

= the common use of welding procedures that resulted in deposition of low toughness
weld metal in the eritical beam flange to column flange joints:

» ctanvelv poor levels of quality control and assurance in the construction process,
resulting in welded joints that did not conform to the applicable quality standards:

o cxcessively weak and [lexible column panel zones that resulted in large secondary
stresses 1n the beam flange to column flange joints;

» large varatuons n the strengths of rolled shape members relative to specified values:

« an mherent inability of matenal to vield under conditions of high tri-axial restraint such
as exist at the center of the beam flange to column flange joints.

With the identification of these factors it was possible for FEMA 267 to present a
recommended methodology for the design and construction of moment-resisting steel frames to
provide connections capable of more reliable seisi:ne performance. This methodology included
the followimye recommendations

¢ proportion the heam-column connection such that inelastic behavior occurs at a
distance remote trom the column tace, minimizing demands on the highly restrained
column matenal and the welded joints:

e spectivoweld filler metals with rated toughness values for critical welded joints:

o deta] connections to meorporate beam flange continuity plates, to minimize stress
concentrations:

¢ remove backing bars and weld tabs from critical joints to minimize the potential for
stress risers and notch effects and also to improve the reliability with which flaws at
the weld root can be observed and repaired;
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e quahfy connection configurations through a program of full-scale inelastic testing of
representative beam-column assemblies, fabricated in the same manner as is proposed
for use 1 the structure;

e ncreased participation of the design professional 1n the specification and surveiilance
of welding procedures and the quality assurance process for welded joints.

fn the ume since the publication of FEMA-267. SAC has continued. under funding provided
v FEMAL to perform problem-focused study of the performance of moment resisting connections
ol various configurations. This work, which is generally referred to as the SAC Phase Il program.
meludes detated analytical evaluations of buildings and connections, parametric studies into the
ctlects on connection performance of connection configuration, base and weld metal strength,
ioughness and ductility, as well as additional large scale testing of connection assemblies. The
mient of this siudy 1s to support development of final guidelines that will present more reliable and
ceonomical performance-based methods for:

« dentification of damaged structures following an earthquake and determination of the
extent. severity and consequences of such damage;

¢ design of effective repairs for damaged structures;

» sdenufication of existing structures that are vulnerable to unacceptable levels of
damage 1n future earthquakes:

» design of structural upgrades for existing vulnerable structures;
o desizn of new stridctures that are suitably resistant to earthquake induced damage:

e procedures for construction quality assurance that are consistent with the levels of
rehability intended by the design criteria.

This Phase 11 program of research. which is being conducted by the SAC Joint Venture in
parallel and coordination wiath work by other researchers, 1s anticipated to be complete in late
1999, Ttas the intent of FEMA and the SAC Joint Venture to ensure that pertinent information
and findhngs from this program are made available to the user community in a timely manner
through the publication of this series of design advisory documents. This Inrerim Guidelines
Addvevorv Noo 2 s the second such publicatton.

Format

This Aedvisory has been prepared as a series of updates and revisions to the FEMA-267,
fnrerim Guiidelines publication, It has been formatted in a manner intended to facilitate the
identification of changes to the original FEMA-247 t2xt. Only those sections of FEMA-267 that
are bemy revised at this ume are meluded. Other sections of FEMA-267 remain in effect as the
current best recommendations of the SAC Joint Venture. This Advisory replaces the earlier
Interim Guidelines ddvisorv, FEMA-2674a, i 1ts entirety.
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To facihitate coordination of this Advisory with FEMA-267, the existing system of chapter and
section numbering has been retained. The Table of Contents lists all sections of the chapters
being revised. including those sections for which no revisions are included. Within the body of
s document. a section heading 1s provided for each section of the chapter: however, if no
reviston 1o the section 1s currently being made. this is indicated immediately beneath the section
neading,

To thailitate reading ot this document. where a revision Is made to a section in FEMA 267, the
sntire text of that secuon 1s included heremn. Where existing text from FEMA-267 1s reproduced
m s document. without edhit. it is shown in normal face type for guidelnes. and in italicized type
ior commentary, Where existing text 1s being deleted, this is shown in strike through format. A
stnule sirkethrough indicates text deleted i the first advisory, FEMA-267a. A double
strthethrough indicates text deleted in this current advisory. New text is shown in underline
format. A single underhne identifies text added in the first advisory, FEMA-267a. A double
underhine identilies text added in this current advisory. When a modification has been made to a
portion of text. relative to FEMA-267. this will also be noted by the presence of a vertical line at
the outside margin of the page. The following two paragraphs 1llustrate these conventions for
cundehne and commentary text. respectively.

This sentence 1s representative of typical guideline text, that has been reprinted

from FEMA-267 without Chanﬂe IFh-h-%» f.»ee—ia-ﬁepreeeﬂ-am-veef-ﬁhe-weﬁh

llk Wiy in \vhu,h text bunU 'lddt,d 10 FEMA 767 n thlc Imfﬂ im Gmdelme

Adhvevory s wdennfied. This sentence iliustrates the wav in which text added to
FEMA-207 mthe mievious Suerpn Cnudelines Advizor s jdentified,

Commeniary . This sentence s representative of typical commentary text, that has
hoen reprinied from FEMA-267 without change. S5ertenee-frepresentatrd-ok
fwmmm
{(riveeletrres—tebrtvorrrrideitiffed- -Honerer -
vheet et Hmrtrt o A #EHM&M%HMH#&M*‘WW%!f*

ine i fvtetertftods This sentence indicates the way in which text added to the
FEMA-267 commentary in this Advisory is shown This final senrence illustiraies
e way i which text wdded un provions advisory FFEMA-267a, iy identified.

Intent

Thus frrertm Guedelines Advisory together with the Interim Guidelines they modity, are primarily
miended tor two different groups of potential users:

a)l Engineers engaged in evaluation, reparr, and upgrade of existing WSMF buildings and in
the design of new WSMF buildings incomporating either Special Moment-Resisting Frames
or Ordinary Moment-Resisung Frames wilizing welded beam-column connections. The
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recommendations for new construction are applicable to all WSMF construction expected
to resist earthquake demands through plastic behavior.

) Regulators and building departments responsible for control of the evaluation. repatr, and
occupancy of WSMF buildings that have been subjected to strong ground motion and for
reculation of the design. construction. and inspection of new WSMF buildings.

The tundamental goal of the information presented in the Interim Guidelines as modified by this
Acfvrverss to helpdentifv and reduce the risks associated with earthquake-mduced fractures in
WRMI bunldings through proviston of timely information on how to inspect existing buildings for
damage. repar damage 1f found. upgrade existng buildings and design new buildings. The information
presented here prumanly addresses the issue of beam-to-column connection integrity under the severe
melaste demands that can be produced by building response to strong ground motion. Users are
reforred to the applicable provisions of the locally prevailing building code for information with regard
i other aspects of bullding construction and earthquake damage control.

Limitations

The mformation presented in this Intering Guidelines Advisory, together with that contained in the
lnicrin Chindelines it modifies. is based on lunited research conducted since the Northridge
I urthquake. review of past rescarch and the considerable experience and judgment of the professionals:
cozaged by SAC to prepare and review this document.  Additional research on such topics as the effect
of loor skibs on trame behavior. the effect of weld metal and base metal toughness, the efficacy of
vinous beam-column connecuion details and the validity of current standard testing protocols for
prediction ol earthgquake. performance of structures is continuing as part of the Phase 2 program and 1s .
eapected Lo provide important mformation not available at the time this Advisory was formulated.  -*
Therelore, many of the recommendations cited herein may change as a result of forthcoming research ..
Foatiils

The recommendations presented herein represent the group consensus of the committee of
Ciutdelme Writers retained by SAC following independent review by the Project Oversight
Comnuttee . They may not reflect the individual opinions of any single participant. They do not
necessartdy represent the opintons of the SAC Jomt Venture, the Joint Venture partners, or the
sponsormg agencies. Users are cautioned that available information on the nature of the WSMF
iroblent s ina rapid stage of development and any information presented herein must be used
with caution and sound engineering judgment.
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INTRODUCTION

1.1 Purpose

There are no modifications to the Guidelines or Commentary of Section 1.1 at this time.

1.2 Scope

There are no modificatons to lln. Guidelines or Commentary of Section 1.2 at this time.

i.3 Background

Followng the January 17. 1994 Northridge. California Earthquake, more than 100 steel buildings
with welded moment-resisting frames were found te have experienced beam-to-column connection
[tactures The damaged structures cover a wide range of heights ranging from one story to 26 stories:
and o wide range of ages spanning from buildings as old as 30 years of age to structures just being
crected at the ume of the earthquake. The damaged structures ese were spread over a large
seographical area. including sites that experienced only moderate levels of ground shaking. Although
el ey tew such buldings were located on sites that experienced the strongest ground shaking,
Jamage to these butldings was quite severe. Dhscovery of these extensive connection fractures. often
wiih little associated architectural damage to the buildings,was has-been alarming. The discovervkes
also caused some concern that simitar, but undiscovered damage may have occurred in other buildings
adlected by past carthquakes. Indeed. there are now confirmed sselated-reports of such damage. In
particular, a publicly owned building at Big Bear Lake 1denews-te-hewe-been was damaged by the

andu s-Big Bear. California sequence of earthquakes. and-si-leastone-butdina—under-consirieton
hekitte-CatHos-a-tHretirrete-the several buildings were damaged during thel 989 L.oma Prieta

ullu;mkc%%ﬁe—h&ﬁ*p&myeeé—%ﬁ#d&maﬂe in the San Francisco Bay Area

WEME construction i1s used conumonly throughout the United States and the world, panticularly
Jor nud- and high-rise construction. Prior to the Northridge Earthquake, this type of construction was
constdered one of the most seismicresistant structurar systems, due to the fact that severe damage to
such strvetures had rarelv been reported in past earthquakes and there was no record of earthquake-
mduced collapse of such buikdings. constiucted n accordance with contemporary US practice.
However the widespread severe structural damage which oceurred to such structures in the
Nonthridge Earthguake calkds-for re-exanination of this premise.

The baste mtent of the carthquake tesistive design provisions contained in the building codes 1s to
protect the public satety, however. there 1s also an intent to control damage. The developers of the
husldmg code provisions have explicitly set forth three specific performance goals for buildings
designed and constructed o the code provisions (SEAOC - 1990). These are to provide buildings with
the capacity to

+ resist nunor earthquake ground motion without damage:

Inroduciion
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* resist moderate earthquake ground motion without structural damage but possibly some
nonstructural damage. and

* resist major levels of earthquake ground motion, having an intensity equal to the strongest
cither experienced or forecast for the building site, without collapse, but possibly with some
structural as well as nonstructural damage.

I ceneral, WSME buildings in theNorthridge Earthquake met the basic mntent of the building
caddes, 1o protect life safetv. However. the ground shaking intensity experienced by most of these
butldings was sienificantly less than that anticipated by the building code Many buildingsthat
cxperienced moderate intensity ground shakingexperienced significant damage that could be viewed as
[ulimg to mecet the intended performance goals with respect to damage control. Further, some
muembers of the engineering profession (SEAOC - 1995b) and government agencies (Seismic Safety
Comiussion - 1993) have stated that even these performance goals are inadequate for societys current

needs.

WSMF buildimgs are designed 1o resist earthquake ground shaking based on the assumption that
thev are capable of extensive vielding and plastic deformation, without loss of strength. The intended
plastic deformation is intended to be developed through a combination ofeensists-ef plastic rotations
developmy within the beams, at their connections to the columns and plastic shear yielding of the
column panel zones ane+Theoreticallvthese mechanisms should becapable of resulting in benign
(hssipation of the earthquake energy delivered to the building. Damage is expected to consist of
maoderate vielding and localized buckling of the steel elements, not brittle fractures. Based on this
presumed hehavior. building codes require a minimum lateral design strength for WSMF structures that
1~ approximately 1/8 that which would be required for the structure to remain fully elastic.
Supplemental provisions within the building code. intended to control the amount ofinterstory dnft
ustamed by these flexible frame buildings. typically 1esult in structures which are substannally stronger
than this mmimum requirement and in zones of moderateseismicity. substantialoverstrength may be
present e accommodate wind and gravity load design conditions. In zones of highseismicity. most
such structures designed to nunnmum code cnteria will not start to exhibit plastic behavior until ground
motions are expertenced that are 173 to 1/2 the severty anticipated as a design basis. This design
approach has been developed based on historical precedent, the observation of steel building
performance in past earthquakes. and linnted research that has included laboratory testing of beam-
column models. albeit with nmuxed results, and non-linear analytical studies.

Observation of damage sustamed by buildings in theNorthridge Earthquake indicates that contrary
to the intended behavior, in sume sy cases brittle fractures initiated within the connections at very

low Tevels of plastie demand. and in some cases. while the structures remainedsssentiallyelastic.
Fvmcallyv, but not adways, fractures initiated at. or near, the complete joint penetration {CJP) weld
between the beam bottom flange and column flange (Figure 1-1). Once mnitiated, these fractures
progressed along o number of different paths. depending on the individual joinand stress conditions.

Frgure -1 1ndlmh.s |us[ one of these pmcntlal {racture growth pattems imeeaga{efs-mm&l%htdeﬂﬂﬂed
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APPrep
[ et

=—Column flange

Fused zone

!‘,Beam flange

Backing bar
Fracture

....l\‘/_. Y

Figure 1-1- Common Zone of Fracture Initiation in Beam -Column Connection
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progressed in o number of ditferent ways.
« et : .

thoteeied-braisy - r~aasesyIn many cases, the fractures progressed
vempletebedirectly through the thickness of the weld, and if fireproofing was removed, the fractures
were evident as a erack through exposed faces of the weld, or the metal just behind the weld (Figure 1-
24 Other fracture patterns also developed. In some cases, the fracture developed into a surface that

resembled athrough-thickness fatlure of the column flange material behind the CJP weld (Figure 1-2b).
[0 these cases. a portion of the column flange remained bonded to the beam flange, but pulled free

[rom the remainder of the column. This fracture pattern has sometimes been termed a “divot” or
Tugget larlure.

o ot 357
- el i

A number of tractures progressed completely through the column flange, along a near horizontal
plane that ahens approximately with the beam lower flange (Figure 1-3a). In some cases. these
liactures extended into the column web and progressed across the panel zone Figure (1-3b).
investivators have reported some mstances where columns fractured entirely across the section.

a. Fracture at Fused Zone

b. Column Flange “Divot” Fracture

Figure 1-2 - Fractures of Beam to Coelumn Joints
g A 2 DR L R R
pigge w

a Fraciures through Column Flange b. Fracture Progresses into Column Web

Figure 1-3 - Column Fractures

Introduction
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Omcee these fractures have occurred, the beam - column connection has experienced a significant
iwss of flexuaral rigidity and capacity. Residual flexural strength and rigidity must be developed through
i couple consisting of forces transmitted through the remaining top flange connection and the web
bolts, dmabsResearch suggests that residual stiffness is approximately 20% of that of the undamaged
connecton and that residual strength varies trom 10% to 40% of the undamaged capacity, when
loadimy resulis in tensile stress normal to the fracture plane. When loading produces compression
across the fracture plane, much of the original strength and stiffness remain. However, in providing
s ressdual strength and stiffness. the beam shear connections can themselves be subject to failures.
consisting of fracturing of the welds of the shear plate to the column, fracturing of supplemental welds
1o the beam web or fracturing through the weak section of shear plate aligning with the bolt holes
tFrgre 1-4).

\Lu)nd Hiny

Jemt penetration wcld at the face ol'lhe column. The presence of the column web behind the column
lange tends 1o locally sutten the joint of the beam flange to the column flange, further concentrating

the distribution ot connection stresses and strains, Finally, the presence of the heag beam and ¢olumn

Introduction
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T 1ldc W pusmon. The welder must therefore work _from both sides of the beam we tartm and
iwrminaung the weldnear the center of the joint, a practice that often results in poor fusion and the
jnesenee ol slae inclusions at this Jocation,_These conditions, which are very difficult to detect when
the weld backing s left i place, as was the tvpical practice, are ready-made crack initiators, When this
rewion of the welded joints 15 subjected to the the large concentrated tensile stresses, the weld defects begin

GrOW IO uac]\s and thcse uaa,l\'

Desprte the obvious local strength impairment resulting from these fractures, many damaged
butldings did not display overt signs of structural damage, such as permanent dnfts or extreme damage
to architecual elements. Until news of the discovery of connection fractures in some buildings began
to spread through the engineering community. 1t was relatively common for engineers to perform
cucsory post-earthquake evaluations of WSMF buildings and declare that they were undamaged. In
arder to reliably determine it a building has sustaii:zd connection damage, it 1s necessary to remove -

architectural finishes and fireproofing and perfompendestrdetive-axaminaton-tretams— s
inspeeton-and-wleasentetestn caretul visual inspection of the welded joints supplemented, in some

canes, by nondestructive testing. Even if no damage is found, this is a costly process. Repair of

dumaged connecuons 1 even more co:tly M%ﬁéﬂg&mm&eenﬁm

ettt

n 1hL case of one WSMF bm]dm«g mmdged bg theNonhndgve eanig uake, regalr COsts were
sutlicientdy laree that the owner elected to demolish rather than replace tha i

Immediately lollowing theNorthridge Earthquake, a series of tests of beam-column subassemblies
were performed at the University of Texas at Ausun. under funding provided by the AISC as well as
private sources, The test specimens used heavy W14 column sections and deep {W36) beam sections
commonly emploved in some Califormia construction. Initial specimens were fabnicated using the
standard prequalified connection specified by thellniform Building Code (UBC). Section 2211.7.1.2
oF UBC-94 { NEHRP-9] Section 10 10.2.3¢ specified thisprequalified connection as follows:

»2211.7.1.2 Connection strength. The girder top column connection may be considered to be adequate
to develop the flexural strength of the girder if it conforms to the following:

[ the Hunges have full penetration butt welds to the columns.
2 the girder web to column connection shall be capable of resisting the girder shear determined for the
combination of graviey loads and the seismic shear forces which result from compliance with Section

2211.7.2.1. Thus connection sivength need not exceed that required to develop gravity loads plus
3(RG/Sy tmes the givder shear resulting from the prescribed seismuc forces,

buroduction
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Where the flexural strength of the girder flanges is greater than 70 percent of the flexural strength of
the entire section. (1.e. biy(d-1)F,>0.7Z.F,) the web connection may be made by means of welding or
bugh-strength boluing.

For girders not meeting the criteria in the paragraph above, the girder web-1o-column connection shall
be made by means of welding the web directly or through shear tabs to the column. That welding shall
have a sirength capable of developing at least 20 percent of the flexural strength of the girder web  The
aider shear shall be sesisted by means of additional welds or friction-type slip-cntical high strength boits
or hoth. ’

and:

2211.7.2.1 Strength. The panel zone of the joint shall be capable of resisting the shear induced by beam
bending moments due to gravity loads plus 1.85 times the prescribed seismic forces, but the shear
strength need not exceed that required to deveiop 0.8EZM; of the girders framing into the column flanges
atthe jomt ™

In order o investigate the effects that backing bars and weld tabs had on connection performance,
these were removed from the specimens prior to testing. Despite these precautions, the test specimens
fifed at very low fevels of plastic loading. Following these tests at the University of Texas at Austin,
reviews of literature on historic tests of these connection types indicated a significant failure rate in past
tesis as well, although these had ofien been ascribed to poor quality in the specimen fabrication. It was
concluded that the prequalified connection. specified by the building code, was fundamentally flawed
and should not be used for new construction in the future. '

in retrospect. this conclusion may have beensomewhat premature. More recent testing of 2
connections having configurations similar to those of theprequalified connectign, but incorporating
oueher weld metals, havine backing bars removed from the bottom flange jointand fabricated with #-
seater care to avord the defects that can result in crack initiation, have performed better than those

mibally ested atthe University of Texas, However, as a class, when fabricated using currently
prexvinimg construction practice, these connectionsstiil do not appear to be capable of consistent]

developye the Jevels of duetility presumed by the building codes for service in moment-resisting frames
thatare subjected 1o larve inelastic demandsihenthe-Arsttest-speeHnens-for-thet-sereswere

Feth
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1-7



fnterim Guidelmes Advisory No. 2 SAC 99-01

I reaction to the University of Texas tests as well as the widespread damage discovered following
the Northridge Earthquake. and the urging of the California Seismic Safety Commission. in September.
1994 the Intemational Conference of Building Officials (ICBO) adopted an emergency code change to
the 1993 editon of the Unifornr Building Code (UBC-94) {1994 NEHRP Recommended Provisions
Seciforr 320 This code change. jointly developed by the Structural Engineers Association of
wanornie AISHand ICBO sttt deleted theprequalified connection and substituted the following in its
.

“2211.7.1.2 Connection Strength. Connection configurations utitizing welds or high-strength
bolts shall demonstrate. by approved cyvelic test results or calculation, the ability to sustain
melasoie rotation and develop the strength erneiia in Section 2211.7.1.1 considering the effect of
steel overstrength and strain hardening.™

“2211L7.1.1 Required strength. The girder-to-column connection shall be adequate to develop the
lesser of the following,

¥ The strength of the girder ir {lexure.

2 The moment correspending 1o development of the panel zone shear strength as determined from
formula 11-17

Untortunately. neither the required “inelastic rotation”, or calculation and test procedures are well
delined by these code provisions. Design Advisory No. 3 (SAC-1995) included an Interim
Recommendatuon (SEAQC-1993) that attempted to clarify the intent of this code change. and the
preferred methods of design in the interim penod until additional research could be performed and
relible aceeptance ertteria for designs re-established, The State of California similarly published a joint
snlerpretation of Regulatons (DSA-OSHPD - 1994} indicating the interpretation of the current code
requirements which would be enforced by the state for construction under its control. This applied
onlv o the construction of schools and hospitals in the State of California. The intent of these Intenm
Cndelmes s to supplement these previously published documents and to provide updated
recommendations based on the results of the linuted directed research performed to date.

1.4 The SAC Joint Venture

There are no modifications to the Guidehnes or Commentary of Section 1.4 at this ime.

1.5 Sponsors

There are no modifications to the Guidelines or Commentary of Section 1.5 at this tume.

1.6 Summary of Phase 1 Research

There are no modificanons 1o the Guidelines or Commentary of Section 1.6 at this time.
1.7 Intent

Introduction
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There are no modifications to the Guidelines or Commentary of Section 1.7 at this time.

1.8 Limitations

There are no modifications to the Guidelines or Commentary of Section 1.8 at this time.

-

;.5 Use of the Guidelines

here are no moditications to the Guidelines or Commentary of Section 1.9 at this time

Introduction
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3. CLASSIFICATION AND IMPLICATIONS OF DAMAGE

3.1 Summary of Earthquake Damage

There are no modifications to the Guidelines or Commentary of Section 3.1 at this time.

5.2 Damage Types

There are no modificattons to the Guidelines or Commentary of Section 3.2 at this time

3.2.1 Girder Damage

There are no modifications to the Guidelines or Commentary of Section 3.2.1 at this time.

3.2.2 Column Flange Damage

There are no modifications to the Guidelines or Commentary of Section 3.2.2 at this time.

3.2.3 Weld Damage, Defects and Discontinuities

Sy tvpes ot weld discontinuities. defects and damage are defined in Table 3-3 and illustrated
m Frgure 3-4. All applv to the omglele lomt Qenetratlgn(CJP) welds between the g Elrder flanges
and the colunmn flanges. He g ;T - :
Following theNorthnidge l:arthquake many instances olea and W]b conditions were reported
as damage. These conditions, which are detectable only by ultrasonic testing or by removal of

weld backing, are now thought more likely to be construction defects than damage.

Table 3-3 - Types of Weld Damage, Defects and Discontinuities

Tvpe Description

Wl Weld root indications

Wla incipient indications-— depth <3/16™ or

/4 width < vpd

Wlh Root indications larger than that for Wla
W2 Crack through weld metal thickness
W3 Fracture at column interface
Wi Fracture at girder flange interface
WS UT detectable indication - nonsejectable

Classificattons and Implications of Damage
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Note. See Figure 3-2 for related column damage and Figure 3-3 for girder damage
Figure 3-4 - Types of Weld Damage

Commentainv: Desplte significant controversy, type Wi and W3 discovered in
huildings following the Northridge earthquake, were commonly reported as
dumage. These small discontinuities and defects located at the roots of the CJP
vwelds are deteciable onh v ultrasonic remng (UT) when the weld backing is left
{r place or by

hackinge is rc’mrwed. lr How seems likely that most such conditions are not
demngee at all,_but rather_are pre-existing construction defects. A number of
fuciors pownt to this conclusion, _First, statistical surveys of damgge sustained by
fm.'/ffmm in_the Northr fd"e emthuua!\e show rhat if tvpe W1 and W5 condjtions

drjlcr enee benveen the meidence rate of reported W1 and W5 conditions in these
o doections, sugeesting that these conditions are not correlated with shaking
AT IAN

The discovery of W conditions 1n welds for which original construction
gualitv assurance documentation is gvarlable, indicatine that no such defects
were preseii when the hulldimo was originally constructed, tends to contradict
thiv grgmment, However, imvesueanons conducted by SAC under the Phase 2
project have indicated that as a result of the joint geometry, UT technigues are
often unable 1o detect W1 conditions at the weld root, when scanning of the |
w_conducted firom the top surface of the beam bottom flange. It is important to
note that fus is the most conmon method of conducting UT as part of

’ copytruction gquality assurance When UT scanning of a joint is conducted from

the hottom surface of the flance_ays is cormonly done when inspecting for

Classifications and Implications of Damage
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curthquake damage, it becomes more [fke!l that such condztzonv will be det e(_tca’E
suice the geometric constraints -

leads to the concluston that it is probable that typical construction quality
assurance UT of welded joints would be likely to miss W1 conditions, allowing
thent 1o be diseovered in later post-earthguake surveys.

Wihen FEMA-267 was first published, it was recommended that W1 conditions
he trcared as damage and that UT be used as a routine part of the post-
carthquake vestgation process, n order to discover these conditions. However,
more recent vestieations conducted ln SAC have revea!ed that even the carcful
scannine npcally conduct ]
ro reliahlv deteet these c'rma’nmm Given that it is both expensive and difficult to
{ocate 17T conditions as pare of a post-earthquake mvesnganon and also, that
these condinons are unlikely 1o be damage at all_it is no lon

reconunended that exhaustive nrvestications for these conditions be conducred as

part of the earthguake dunmage investigation process,
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Tvpe W2 fractures extend completely through the thickness of the weld metal
and can he detected by either MT or VI techniques. Type W3 and W4 fractures
nccur at the zone of fusion bebween the weld filler metal and base material of the
airder and column flanges. respectivelv. All three types of damage result in a
loss of 1ensile capacity of the girder flange to column flange joint and should be
repeired.

Aswarh givder damage. damage to welds has most commonly been reported at
the bottown girder to column connection, with fewer instances of reported damage
at the wop flange, Available data indicates that approximately 25 per cent of the
total dumage m this catcgory occurs at the top flange, and most often, top flange
dumage occurs in connections which &lso have bottom flange damage. For the
same redasons previoush described for givder damage, less weld damage may be
expected at the wop flange. However, it is likely that there is a significant amount
of damage to welds ar the top gurder flange which have never been discovered due
to the diffreultv of aceessing this joint. Later sections of these Interim Guidelines
provide recommendations for situations when such inspection should be
performed.

3.2.4 Shear Tab Damage '

There are no medifications to the Guidelines or Commentary of Section 3.2.4 at this time.

3.2.5 Panel Zone Damage

There are no modifications to the Guidelines or Commentary of Section 3.2.5 at this time.

3.2.6 Other Damage

There are no modifications to the Guidelines or Commentary of Section 3.2.6 at this time.

Classifications and Implications of Damage
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3.3 Safety Implications

The implications of the damage described above with regard to building safety are discussed in
_As part of the SAC Phase 2 program, extenstve nonlinear analyses have been
conducted of WSMF buildings to determine the effects of connection fractures on building

performance and also to develop an understanding of the nisk of earthquake-induced building
voliapse These studies indicate that risk of collapse of WSMF buildings designed to modern

standards and having connections capable of ductile behavior is guite low. Even in regions of
sery lugh seisnueity, such as those areas of coastal California adjacent to major active faults, the
probabibity that such a building would experience earthquake-induced collapse appears 1o be on
1he order of one occurrenceper building, every20,000 vears. For buildings that have bnittle
cunnections such as those commonly constructed prior to 1994, the probability of collapse
ereases somewhat 1 only the bottom_flange connections of beams to columns 1s subject to
tracture, the nsk of global collapse of buildings in¢reases to perhaps one occurrence in 15,000
vears. presuminyg that the fraciures do not jeopardize column capacity. However, if both flanges
ol the connections are subject to fracture, or if substantial column damage occurs, the risk of
collapse ingreases significantlv, Also, 1t is important to note that severe connection fractures can

resultin significant nigk of local collapse and hife safety endangerment.

1S section

Wihnle these studies have been heipful in providing an understanding of the level of risk
mhuuu n WSMF qnuctun,q with brmle connecnonsthev do not Drov1de sufficient information

sess the degree of

risk w nh any lt.’ll confidence However. based on the historic performance of modern WSMF
buildmes. tvpreal of those constructed n the United States, it appears that the risk of collapse 1n
moderate magnitude earthquakes. ranging up to perhaps M7, isvery low for buildings which have
been properly designed and constructed according to prevailing standards. A possible exception
to this may be buildings located in the near field (< 10 km from the surface projection of the fault
mapture) of such earthquakes (Heaton. et. al - 1993), however, this is not uniquely a problem
a~sociated with steel butldings. Our current building codes irgeneral, may not be adequate to
provide for rehable performance of buildings within the near field of large earthquakes. As 1s also
the case with all other types of construction. buildings with incomplete lateral force resisting
syatems, severe conticuration irregulanties. inadequate strength or stiffness, poor construction
quahty. or deteriorated condiion are at higher risk than buildings not possessing these
characteristies.

No modern WSMF buildings have been sited within the areas of very strong ground motion
romy carthquakes larger than M7, or for that matter, within the very near field for events
exceedmya M6.5.0 This stvle of construction has been in wide use only in the past few decades.
< onsequently. it s not possible to state what level of risk may exist with regard to building
response to such events, This same lack of performance data for large magnitude, long duration
cvents exists for virtually all forms of contemporary construction. Consequently, there is
considerable uncertainty n assigning levels of risk to any building designed to minimum code
regquirements for these larger events,

Classifications and Implications of Damage
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Conmeniary—feseaseh-condietodio-daiehanot-Doon-conelsivewith-rosard-+o

Iven though there were no collapses of WSMF buildings in the 1994
Northridge Carthquake, a should not be assumed that no risk of such collapse
cxists. Indeed. a number of WSMF buildings did experience collapse in the 1995
Kobe Earthquake. The detailing of these collapsed Japanese buildings was
somevwhat different than that found in typical US practice, however, much of the
fraciure damage that occurred was similar to that discovered following the

Norihridae event.

Because of a lack of data and experience with the effects of larger, longer
duration carthquakes. there is considerable uncertainty about the performance of
all ivpes of buildings in lurge magnitude seismic events. It is believed that
seisme ks in such large events are highlv dependent on the individual ground
motion al a specific sire and the characteristics of the individual buildings.
Therefore. generalizanons with regard to the probable performance of individual
npes of construction mayv not be particularly meaningful.

The risks to occupants of WSMF buildings with britile connections is regarded
s fess. e niast cases, than o occupants of the tvpes of buildings listed below.
However, because of the uncertainties invadved, the degree of risk in large events
canned be defitively quantified. nor can it categorically be stated that properly
constructed WSME buildings sited in the near field of large events are either

Classifications und Implications of Damage
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maore or less at rsk than many other code designed building svstems which do not
appear on the following list:

Concenirie braced sieel frames with bracing connections that are weaker than the
hruces

Knee hraced steel frames
Unremforced mason bearing wall buildings
Non-ductile remforeed concrete moment frames (infilled or otherwise)

Reinforced concrete moment frames with graviry load bearing elements that were
not designed o participate in the lateral force resisting svstem and that do not
have capuacitv o withstand earthquake-induced deformations

Tut-up and rewnforced masonry huildings with inadequate anchorage of their
heavywalls to their horizontal wood diaphragms

Precast concrete structures without adequate interconnection of their structural
clements

[ addition, WSMFE struciures with brittle connections would appear to have
fonver piherent sersnue risk than structires of any construction type that:

o not having complete, definable load paths
have significant weak and/or soft stories

have major worsional irregularity and insufficient stiffness and strength to resist
the vesulting seismic demands

minimal redundancy and concentrations of lateral stiffness

These are general statements that represent a global view of svstem
porformance. As with all seismic performance generalizations. there are many
cteel moment frame hulddings that are more vulnerable to damage than some
individual buildings of the general categories listed, just as there are many that
will perform herer.

3.4 Economic Implications

" There are no modifications to the Guidelines or Commentary of Section 3.4 at this time.

Classifications and Implications of Damage
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4. POST-EARTHQUAKE EVALUATION

4.1 Scope

There are no meodifications to the Guidelines or Commentary of Section 4.1 at this time.

4.2 Preliminary Evaluation

There are no modifications to the Guidelines or Commentary of Section 4.2 at this time.

4.2.1 Evaluation Process

Preliminary evaluation is the process of determining if a building should be subjected to
detailed post-earthquake evaluations. Detailed evaluations should be performed for all buildings
thought to have experienced strong ground motion, as indicated in Section 4,2.1.1 or for which
the other indicators of Section 4.2.1.2 apply. Deratled post-earthquake evaluations include the
entire process of determining if a building has experienced significant damage and if damage is
found.-determining appropriate strategies for occupancy, structural repair and/or modification.
xcept as indicated in Section 4.2 3, detailed evaluation should as a minimum, include
mspections ot a representative sample ofmoment-resisting (and other type) connections within
the butlding.

4.2.1.1 Ground Motion

There are no modifications to the Guidelines or Commentary of Section 4.2.1.1 at this time.

4 2.1.2 Addional Indicators

There are no modifications to the Guidelines or Commentary of Section 4.2.1.2 at this time.

4.2.2 Evaluation Schedule

There are no modifications to the Guidehnes o7 Section 4.2.2 at this time.

Contmentary [t nuportant to conduct post-earthquake evaluations as soon
following the carthquake as 1s practical. Aftershock activity in the months
munediately following an carthyuake is likely to produce additional strong
ground motion at the sue of a damaged building. If there is adequate reason to
wssume that dumage has occuired, then such damage should be expeditiously
wircovered and repaired. However, since adequate resources for post-earthquake
evaluation may be limired. a staggered schedule is presented, with those buildings
having a greater likelihood of damage recommended for evaluation first.

Post Earthquake Evaluation
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Lurge magnitude earthquakes arve often followed by large magnitude
aftershacks. Therefore, it s particularly urgent that post-earthquake evaluations
he performed expeditiously following such events —H-insuferemiresourecs-tre

. If visual inspection reveals

\uh\mnna! damage. umw[e.r ation should be given to vacating the building until
cither an adequaie period of time has passed so as to make the likelihood of very
larcoe aftershocks relativelyv low (e.g. 4 weeks for magnitude 7 and lower, and 8
weeks jor magnitudes ahove this), complete inspections and repairs are made. or
« detailed evaluation mdicares that the structure retains adequate structural
stiffness and strength to resist addrtional strong ground shaking. Rreliminary

Fhroterbbe=Tuble 4-[relutes the urgency for post-earthquake building
evaluation to both the magnitude of the earthquake and the estimated peak
around wceeleration experienced by the building site. This is because large
magnitude events arve more likely to have large magnitude aftershocks and
hecause buildigs that experienced stronger ground accelerations are more likely
i frave heen damaged. Except in regions with extensive strong motion .
instrumentation, estimates of ground motion are quite subjective. Following =
major damaging earthquakes. government agencies usually produce ground
maotton maps showing projected acceleration contours. These maps should be
used when available, When such maps are not available, ground motions can he
extimated using any of several attenuation relationships that have been published.

4.2.3 Connection Inspections

Fxeeptas indicated yn Sections 4.2.3.1 and 4.2 3.2, below, Bdetailed evaluations should
include mspectionof the buildimg® moment-resisting connections in order to determine their
candion. As a {irst pass, mspections may be limited to careful visual inspection of the joint of
the_beam bottom tlange to the column, When such inspection reveals the presence of connection
damage, o more thorough inspection of the damaged connection should be conducted. Since
monent-resisting frame buildimgs commonly have many connections, inspections can be quite

casthy Therefore, it shall be permissible to 111111[ mspecnonﬂoe-f-a representative sample of
WSME {and other) connections—es ; .
Sectton 4,33 provides three alternative approaches to selecting an appropnate qample of
cortnections for mspection.

4 2.3 1 Analytical Evaluation

There are no moditicanons to the Guidelines or Commentary of Section 4.2.3.1 at this time.

Post Earthyuake Evaluation
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4.2.3.2 Buildings with Enhanced Connections

There are no modifications to the Guidelines or Commentary of Section 4.2.3.2 at this time.

4.2.4 Previous Evaluations and Inspections

There are no modifications to the Guidelines or Commentary of Section 4.2.4 at this time.

4.3 Detailed Evaluation Procedure

Wherse detailed evaluation 18 recommended by Section 4.2, assessment of the post earthquake
condition of a bullding, its ability to resist additional strong ground motion and other loads, and
determimation of appropriate occupancy, structural repair and/or modification strategies should be
based on the results of a detailed inspection and assessment of the extent to which structural
svatems have been damaged.

[n_order to obtain complete data on a building’ post-earthquake condition, it is necessary to

wispect each of the buildings moment-resisting frame elements and their connections. However,
such extensive nspections could be very costly. As an alternative to that approach, this Section

rocedures bv which a representative sample of beam-column connections 1s

selected and Inspected, Fhs-SaeHonPrasenis RE-GteR-49804 pts. [n this
approach. the results of the sample inspections are used to calculate a cumulative damage index,
13, Tor the structure as well as the probability that if all of the building$ connections had been
mspected. the damage index at any floor of the structure hes would have been found 1o exceeded
axvulue of 173, General occupancy. structural repaii and modification recommendations are made
hased upon the values calculated for these damage indices. In particular, a calculated damage
midex of 1/3 15 used to indicate. in the absence of more detailedanalyses, that a potentially
hazardous condition may exist.

[resents 2 serles of

The structural engineer may use other procedures consistent with the principles of statistics
and structural mechanics to determine the residual strength and stiffness of the structure in the as-
damaged state and the acceptability of such characteristics relative to the criteria contained in the
Burldime code or other rational eriteria acceptable to the building official.

There are no madifications to the Convmentary of Section 4.3 at this time.

4.3.1 Eight Step Evaluation Procedure

Post-¢arthquake evaluation should be carried out under the direct supervision of a structural
vngineer The Tollowing ewght-step procedure may be used to determine the condition of the
structure and to develop eccupancy. repair and modification strategies. Note that this procedure
v avnitien presuming that ispection is limited to a representative sa er of

connections present m the building
2.4 and 6 may be omitied.

Post Earthquake Evaluation

4-3



Intertm Guidelines Advisory No. 2 SAC99-01

Step 1

The moment-reststing connections in the building are categorized into two @ more
“uroups” (Section 4.3.2 and 4.4) comprised of connections expected to have similar
probabilities of being damaged.

Complete steps 2 through 7 below. for each group of connections.

Sep 2

Step 3

-

Step 4

Step

Step 6

SLep

SIep N,

th

~

Determine the ninimum number of connections in each group hat should be inspected
and select the specific sample of connections to be inspected. (Section 4.3.3)

Inspect the seiected set of connections using the technical guidelines of Section 5.2.
and determine connection damage indices.d;, for each inspected connection (Section
4.3.4)

If mspected connections are found to be seriously damaged, perform additional
inspections of connections adjacent to the damaged connections. (Section 4.3.5)

Determine the average damage index (d, ) for connections in each group, and then the

average damage index at a typical floor. (Section 4.3.6)

Given the average damage index for connections in the group, determine the .
probability. P_ that the connection damage index for any group, at a floor level. -
exceeds 13, and deternune the maxinum estimated damage index for any floor. D .

(Section 4.3.7)

Based on the caleulated damage indices and statistics, determine appropriate
occupancy. structural repair and modification strategies (Section 4.3.8). 1f deemed-
appropriate. the structural engineer may conduct detailed structural analyses of the »
huilding in the as-damaged state. to obtain improved understanding of its residual
condition and to confirm that the recommended strategies are appropriate or to
suggest alternative strategies.

Report the results of the inspection and evaluation process to the building official and
building owner. (Section 4.3.9)

Sections 4.3 2 through 4.3 9 indicate how these steps should be performed.

There are no modifications o the Conmeitary of Section 4.3.1 at this time.

4.3.2 Step 1— Categorize Connections by Groups

There are no modifications to the Guidelines or Commentary of Section 4.3.2 at this time.

4,3.3 Step 2— Select Samples of Connections for Inspection

There are no moditications to the Guidelines or Commentary of Section 4.3.3 at this time.

Post Earthquake Evaluation
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4.3.3.1 Method A - Random Selection

There are no modifications to the Guidelines or Commentary of Section 4.3.3.1 at this time.

4 3.3.2 Method B - Deterministic Selection

There are no modifications to the Guidelines or Commentary of Section 4.3.3.2 at this time.

4.3.3.3 Method C - Analytical Selection

There are no modifications to the Guidelines or Commentary of Section 4.3.3.3 at this time.

4.3.4 Step 3— Inspect the Selected Samples of Connections

There are no modifications to the Guidelines of Section 4.3.4 at this time.

+ 341 Damage Characterization

Characterize the observed damage at each of the inspected connections by assigning a
connection damage index. d. obtamed either from Table 4-3a or Table 4-3b. Table 4-3a presents

diamage indices for individual classes of damage and a rule for combining indices where a
connection has more than one type of damage. Table 4-3b provides combined indices for the
more common combimations ot damage.

Post Earthquake Evaluation
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Table 4-3a - Connection Damage Indices

Type Location Description’ Index’d;
(il Giirder Buckled Flange ' 4
G2 Cnder Yielded Flange 1
K Cirdet Top or Bottom Flange fracture in HAZ 8
Gt Giuder Top or Bottom Flange fracture outside HAZ 8
Pres Gude Top and Bottom Flange fracture 0
PO Girde Yieldimg o1 Buckling of Web 4
7 Cinnder Fractiure of Web 10
(i Grirder Lateral-torsional Buckling ¥
1 Colunin incipient flange crack (detectable by UT) 4
[ Coulumn Flange tear-out or divot 8
{3 Calumn Full or purtai flange crack outside HAZ 8
4 Column Full or partial flange crack in HAZ 8
(3 Column Lamellar flange tearing 6
0 Column Buckled Flunge 8
€7 C olumn Fractured column sphee 1 8
’ Wl CH weld Minor root indicauon - thickness <3/16” or t#4: width < by4 o4
‘ Wl CII weld Root indication - thickness > 3/16" or t¢4 or width > b4 04
W2 P weld Crack through weld metal thickness 8 \
W3 CH weld Fracuure at guder interface 8
Wi CIP weld Fracture at column interface B
AL CiP? weld Root mdication— norecjectable 0
R Shear tab Partial crack at weld to column (beam flanges sound) 4
Sth Shea b Partial crack at weld to column (beam flange cracked) 8 i
S~ Sheat tab Crack in Supplemental Weld {beam flanges sound) 1 N
N2 Shear tab Crack in Supplemental Weld 2o flange cracked) ¥
P shear tab Fructuie through tab at bolt holes 10
S Sheat tab Yiclding or bucklng of tab 6
N3 Shear tab Damaged. or missing bolts’ G
NG Shear tab Full length fracture of weld to column 10
P Puncl Zone Fracturce. buckle. ar yield of continuity plat(.3 4
1" unel Zone Fractuie of contiun iy plate welds? 4
I3 I"ancl Zong Yiclding or ductile deformation of web 1
4 Panel Zone Fracture of doubler plate welds® 4
I'% Panel Zone Partial depth fracture in doubler pl_ﬂte3 4
't Fanel Zone Purtial depth fracwire in web? 8
"y el Zone Full {or near full) depih fracture 1in web cordoubie_r}glalﬂ3 &
I'N Panel Zong Web buckhing 6
b anel Zone Futh severed column 10

Sotes To Table 4-30
I Sec Frgures 322 through 3-6 forallustrations of these types of damage.
2 Where muluple damage tpes have oceurred o a single connection, then:
A Sunn the damage uidices for all types of damage with d=1and treat as one type  If multiple types sull
vt then

Post Earthquake Evaluation
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b. For nwo types of damage refer to Table 4-3b. If the combination is not present 1n Table 4-3b and the
damage indices for both types are greater than or equal to 4, use 10 as the damage index for the
connection. 1f one i less than 4, use the greater value as the damage index for the connection

¢ If three or more types of damage apply and at least one is greater than 4, use an index value of 10,
otherwise use the greatest of the applicable individual indices.

Panel zone damage should bereflected in the damage index for all moment connections attached to the

damaged panel zone within the assembtly.

4 Missmg or loose bolts may be a result of construction error rather than damage. The wndition of the metal
around the bolt holes. and the presence of fireptdofing or other material i the holes can provide clues to this.
Where 1t 1s determimed that construction ervor is the cause, the condition should be corrected and a damage
index of 07 assigned

'

Table 4-3b - Connection Damage Indices for Common Damage Combinations’

Cirder. Column Shear Tab Damage | Girder, Column Shear Tab Damage
or Weld Damage Damage Index or Weld Damage Damage Index
[ Ci3orGd Sia 8 Cs Sla 6
S1b 10 S1b 10
S2a 8 S2a 6
S2b 10 S2b 10
S3 10 S3 10
; S4 10 : S4 10
| S5 10 S5 10
S6 10 S6 10
C2 Sia 8 W2, W3, or W4 Sla 8
. S1b 10 S1b 10
S2a 8 S2a 8
S2b 10 ) S2b 10
S3 10 S3 10
S4 10 S4 10
S5 10 S5 10
S6 10 S6 10
Cior C4 Sla N
Sib 10
S2a 8
S2b 10
53 10
S4 1)
N3 10
S6 10

I See Table 4-34 footnote 2 for combinations other than those contained in this table.

More complete deseripuions (including sketches) of the various types of damage are provided
m Section 3.1, When the engineer can show by rational analysis that other values for the relative
severities of damage are appropriate, these may be substituted for the damage indices provided in

Pust Earthquake Evaluation
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ihe tables. A full reporting of the basis for these.different values should be provided to the
building otficial, upon request.

Commentarv: The connection damage indices provided in Table 4-3 (ranging
from () 1o 10) represent judgmental estimates of the relative severities of this
damage. An index of 0indicates no damage and an index of 10 indicates very
vevere duamage.

When initiallyv developed, these connection damage indices were
conceptualized as estimates of the connections lost capacity to reliably
paracipate in the huildings lateral-force-resisting svstem in future earthquakes
math Oandicaring no loss of capaciry and 10 indicating complete loss of
capacity). However, due 1o the lunited data available, no divect correlation
henveen these damage indices and the actual residual strength and stzjfnesv of a
damaged connection was ever made. Thev do provide a convenient measure,
however, of the extent of damage that various connections in a building have
cyperienced.

When FEMA-267 was first published _weld root d:scontmumev Type Wla and
defects, tvpe Wb, were dms: ted as damage in Ta le

( eidelines Advisory No. 2, n’rc damace indices for these conditions has been

reduced to a nuli value, consistent with classifving them as pre-existing
conditions, rather thail damage,

=

Lo shoudd be nojed that the reduced dumage index associated with these
conduions is notntended to indicate that these are not a concern with regard to
funre performance of the buldding. In particular, type W1b conditions can_serve
wy ready untiarors for the tvpes of brintle fiactures associated with the other
demage tvpes and connections having such conditions are more susceptible to
futire carthguake-mduced damage than connections that do not have_these
conditions. Correction_of these conditions should generally be considered an

uperade or modification, rather than a damage repair,

4.3.5 Step 4— Inspect Connections Adjacent to Damaged Connections

There are no modifications to the Guidehines or Commentary of Section 4.3.5 at this time.

4.3.6 .Step 5— Determine Average Damage Index for Each Group

There are no modifications to the Guidelines or Commentary of Section 4.3.6 at this time.

Post Earthquake Evaluation
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4.3.7 Step 6— Determine the Probability that the Connections in a Group at a Floor Level
Sustained Excessive Damage

There are no modifications to the Guidelines or Commentary of Section 4.3.7 at this time.

4.3.7.1 Some Connections in Group Not Inspected

There are no modifications to the Guidelines or Commentary of Section 4.3.7.1 at this time.

4.3.7.2 All Connections in Group Inspected

There are no medifications to the Guidelines or Commentary of Section 4.3.7.2 at this time.

4.3.8 Step 7— Determine Recommended Recovery Strategies for the Building

There are no modifications to the Guidelines or Commentary of Section 4.3.8 at this time.

4.3.9 Step 8 - Evaluation Report

There are no modifications to the Guidelines or Commentary of Section 4.3.9 at this time.

4.4 Alternative Group Selection for Torsional Response

There are no modifications to the Guidelines or Commentary of Section 4.4 at this time.

4.5 Qualified Independent Engineering Review

There are no modifications to the Guidelines or Commentary of Section 4.5 at this time.

)
4.5.1 Timing of Independent Review

There are no modifications to the Guidehnes or Commentary of Section 4.5.1 at this time.

'4.5.2 Qualifications and Terms of Employment

There are no modifications to the Guidelines or Commentary of Section 4.5.2 at this time.

4.5.3 Scope of Review

There are no modifications to the Guidelines or Commentary of Section 4.5.3 at this time.

4.5.4 Reports

There are no modifications to the Guidelines or Commentary of Section 4.5.4 at this time.

Post Earthquake Evaluation
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4.5.5 Responses and Corrective Actions

There are no modifications to the Guidelines or Commentary of Section 4.5.5 at this time.

4.5.6 Distribution of Reports

There are no modifications to the Guidelines or Commentary of Section 4.5.6 at this time.

#.5.7 Engineer of Record

There are no modifications to the Guidelines or Commentary of Section 4.5.7 at this time

4.5.8 Resolution of Differences

There are no modifications to the Guidelines or Commentary of Section 4.5.8 at this time.

Post Earthquake Evaluation

4-10

o



Interim Guidelines Advisorv No. 2 SAC99-01

5. POST-EARTHQUAKE INSPECTION

When required by the butlding official, or recommended by the Interim Guidelines in Chapter
4. post-earthquake mspections of buildings may be conducted in accordance with the Interim

Ciuidelines ot this Chapter_In order to determine, with certainty, the actual post-earthquake

congition of g building, it 15 necessary to inspect all elements and their connections. However, it
1 permisstble to selectAs-an appropriate sample (or samples) of WSMF connections showtd-be
selested for mspection in accordance with the Chapter 4 Guidelines. These connections, and
others deemed appropriate by the engineer, should be subjected to visual inspection (V1)ead
supplemented by non-destructive testing (NDT) as required by this Chapter.

Commentary:_The onlv way to be certain that all damage sustained by a building
is detected 1s to perform complete inspections of every structural element and
coinection._In most cases, such_exhaustive J:zosr-eafuu_/ge inspections would be
both economically un racrical and also unneces _As recommended by these
suidelings, the purpose of post-earthquake inspections is not to detect all damage
that tay heen sustaned by a building, but rather, to detect with reasonable
certatniy, that damage tikely ro resulr in a significant degradation_in the
budddines ability 1o resist figure loading. The connection sampli

succesied by Chapter 4 of these Interim Guidelines was developed ¢

love probabiline that damage in_buildings that had sustained a_substantial
reduction in load carryving capacity would be overlooked while avoiding the
performance of exhaustive nvestigations of buildings that have sustained
refativel v insienificant damacoe.

Hihere vreater certainty in the detection of damage is desired
WOrE CXIensive progrant u{ inspection can be conducui For those cases in
which it s desived to j

COUrTVITS CApaenty
connections should he performed so that an analvttcaf_mndel of the building can

he developed that reasonahly: represents its post-earthquake condition,

5.1 Connection Types Requiring Inspection

5.1.1 Welded Steel Moment Frame {(WSMF) Connections

The inspection ot a WSMF connection shouldgtart with visual inspection of the welded
hottom beam flange to column tlange joint and the base materials immediately adjacent to this
Jomi B damage to this joint is apparent, or suspected, then inspections of that connection should
be extended 1o include the complete joint penetration (CJP) groove welds connecting both top

and bottom beam tlanges to the column flange, including the backing bar and the weld access
holes an the beam web: the shear tab connection. including the bolts, supplemental welds and

Post-Earthquake Inspection
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beam web: the column's web panel zone. includingdoubler plates: and the continuity plates and
contiuity plate welds (See Figure 3-1). In addition, where visual inspection indicates potential
concealed damage, visual inspection should be supplemented with other methods
nondestructive [esting.

Commeniary: The largest concentration of reported damage following the
Northridge Earthquake occurred at the welded joint between the bottom girder
flange and column, or in the immediate vicinity of this joint. To a much lesser
cxtent. dumage was also observed in some buildings at the joint berween the top
airder flange and column. If damage at either of these locations is substantial (d,
por Chaprer 4 greater than 5), then damage is also commonly found in the panel
zente or shear tah areas.

When origmally: published +ese these Interim Guidelines recommended
complere inspection. by visual and NDT assisted means, of all of these potential
damage arcas for a small representative sample of connections. This practice &
was consistent with that followed by most engineers in the Los Angeles area.
follving the Northridge Earthquake. It requires removal of fireproofing from a
reflatively large surface of the steel framing, which at most connections will be

undamaged.

[ the tine sinee the Interun Guidelines were first published,_extensive
imvestigarions fuave heen conducied of the statistical distribution of damuage
sustained v buildinges i the Northridee earthquake, the nature of this damage
and_the cffect of thus damgee on the futire logd-carrvine capacity of the
butldinos. These invesioations stronely sueeest that the Wla and Wih
conditions ai the weld roor are unlikely 1o be earthguake damage, but rather,
conditions of discontinuin: and defects from the origingl construction. Further,
studdees have shown that NDT methods are generally unreliable in the detection of
these condiions, As a_result,_the current recommendation is not to conduct
exhaustive NODT investications of connections_in order to discover hidden

dengoe, as was orfeialiv recommended,

D series of analvieal investieations of the effect pof moment- fesmfmy

aonnection damaee on hwldding behaviar

g_mmhw of connections experience fracture dat one beam flange to column joint,
there is relainely litlde mcerease in the probapility of elobal collapse in a future
(_ugiqrm/u Sundarly, these investigations indicate that if both the top and
botton heam flange to column oints fracture in g large anumber of conneclions,
a_verv aieificant incerease i the prrobability of elobal building colfapse occurs.
Therefore, to reduce the costs associated with post-earthguake inspections, with
the publicanon of Intermm Guidelines Advisory No. 2 it is recommended that post-

carthguake mspections imnally be limired to visual inspection of the beam bottom

Puost-Earthquuake Inspection
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fuange to colwmn joint region. If there is evidence of potential damgge in_this
region that (s not durectly observable by visual means, for example_a gap between
the weld backine and column flunge, then supplemental investigati this joint
should be conducted using NDT, L if it f

vccurred ar the bean botton flange joint. then inspections of that connection
should be extended 1o encompass the entire connection including the top beam

fange joing, the shear (ah and column panel zone. This approach was permitted

as i alrernaie, in the original publication of the Interim Guidelines

5.1.2 Gravity Connections

There are no modifications to the Guidelines or Commentary of Section 5.1.2 at this time.
5.1.3 Other Connection Types
There are no modificanons to the Guidelines or Commentary of Section 5.1.3 at this time.
Post-Earthquake Inspection
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5.2 Preparation

[ %]

.2.1 Preliminary Document Review and Evaluation

5.2.11 Document Collection and Review

There are no modifications to the Guidelines or Commentary of Section 5.2.1.1 at this time.

5.21 2 Preliminary Building Walk-Through.

There are no modifications to the Guidelines or Commentary of Section 5.2.1.2 at this time.

5.2.1.3 Structural Analysis

There are no modifications to the Guidelines or Commentary of Section 5.2.1.3 at this time.

5.2.1.4 Vertical Plumbness Check

There are no modifications to the Guidelines or Commentary of Section 5.2.1.4 at this time.*

5.2.2 Connection Exposure

Pre-inspection activities to expose and prepare a connection for inspection should include the
local removal of suspended ceiling panels or (as applicable) local demolition of permanent ceiling
[1ish to access the connecuon: and cleaning ofsufficient firepr m the beam and column
supfaces toallow visual observation of the area to be inspected. If jnitial inspectigns are to be -

| b, to expose the column panel zone. the column flange, continuity plates, beam web and flanges.
The extent of the removal of fireproofing should be sufficient to allow adequate inspection of the
surtaces 1o be imspected. Figure 3-11 suggests a pattern that will allow both visual and NDT
mspection of the top and bottom beam flange to column joints, the beam web and shear
connection. column panel zone and continuity plates, and column flanges in the areas of highest
ayvpected demands . The maximum extent of the removal of fireproofing need not be greater than
a distanee equal to the beam depth "d” into the beam span to expose evidence of any yielding.

Paost-Earthquake Inspection
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Exposed surfaces
e /

Fireproofing

Fireproofing

Figure 3-th Recommended Zone for Removal of Fireproofing for Complete Inspections

wection_is 10 be limited to visual obseirvation of the surfaces o

Commenury I insg

the baxe mietal and welds,_cleaning o ;
cxpose these surfaces. However of wlirasonic testing s to be performed, the

sttrface over which the scanning will be performed must be free Slomving-ofwoedd
erempieFeteed Of N1l scale and weld spatter. Such cleaning should be done
with care. preferablv using a power wire brush, to ensure a clean surface that
does nor affect the accuracy of ultrasonie testing. The resulting surface finish
shounld he clean, free of onll scale, rust and foreign matter. The use of a chisel
stould he avorded to preclude scratching the steel surfaces which could be
mustaken for vield (mes. Spraved-on fireproofing on WSMFs erected prior to
ahout $4881 970 is likely to contain asbestos and should be handled according to
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applicable standards for the removal of hazardous materials. Health hazards
associared with ashestos were recognized by indu in the la 0s and
1969, most commercial production of ashestos containg aterials had cea
InApril, 1973, the federal government formally prohibited the production of
ashestos containine materials with the adoptio he Nationa ission
Stawndurds for Hazardous 4ir Pollutants, Allowi

produced prior to that date, it should be considered

conxtructed priorto 1975 contqin some ashestos hazards. To preclude physical
exposure to hazardous materials and working conditions_in such buildings, the
structural engineer should require by contractual agreement with the building
owser, prror to the start of the inspection program, that the building owner
deliver 1o the structural engineer for his/her review and files.a laboratory
certificate that confirms the absence of asbestos in structural steel fireproofing,
local pipe msulation, ceiling tiles, and drvwall joint compound.

5.3 Inspection Program

5.3.1 Visual Inspection (VI)

There are no modifications to the Guidelines or Commentary of Section 5.3.1 at this time.

53.1.1 Top Flange

There are no modifications to the Guidelines or Commentary of Section 5.3.1.1 at this time.

53 1.2 Bottom Flange

There are no modifications to the Guidelines or Commentary of Section 5.3.1.2 at this time.

5.3.1.3 Column and Continuity Plates

There are no modifications to the Guidelines or Commentary of Section 5.3.1.3 at this time.

Post-Earthquake Inspection
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5314 Beam Web Shear Connection

There are no modifications to.the Guidelines or Commentary of Section 5.3.1.4 at this time.

3.3.2 Nondestructive Testing (NDT)

NDT shewddmay be used to supplement the visual inspection of connections selected 1n
accordance with the Interun Guidelines of Chapter 4. The testing agency and NDT personnel
performing this work should conform to the qualifications indicated in Chapter 11 of these Interim
Cidelines. The following NDT techniquesshkettd may be used at the top and bottom of each
connection. where accessible. 1o supplement visual inspection: These techniques should be used
whenever visual inspection indjcates the potential for damage that is not directly observable.

a) Magnetic particle testing (MT) of the beam flange to column flange weld surfacesmay be

used to contirm the presence of suspected surface cracks based on visual evidence. Where

fractures are evideni from visual inspection, MT should be used to confirm thelateral

extent of the fracture, Adsurfaceswineh-wore-visaay—inspected-showld-betested-usinathe

.

-5

Comunentarv: The color of powder should be selected to achieve maxinum
contrast to the base and weld metal under examination, The test may be further
enhanced by applving a white coanng made specifically for MT or by appiving
penctrant developer prior to the MT examination. This background coating
should be allowed to thoroughly dime before performing the MT.

by Ultrasomie testing (UT ) may be used to detect the presence of hidden fractures, where
visual ingpecuion reveals the potential for such fractures-efat-frees-at-the-beamrHanse

Commentaryv: The purpose of UT is to 1) locate and describe the extent of
tnrernal defects not visihle on the surface and 2) to determine the extent of cracks
vhscrved visuallv and by MT, These guidelines recommend the use of visual
vispection as the pronary tool for detecting earthquake damage (See commentary

fo Sec 3000 U can be a useful techmygue for confirmation of the presence of
staspected fracrires af the beant flange o column flange joints. Visual evidence
the may sueoest the need for such resunge could include apparent separation of

the base of the weld backine from the fuce of the column.

Requirements and acceptance cntena for NDT should be as given in AWS D1, 198 Sections 6
nheb=n  Acceptance or rejection of planar weld discontinuity (cracks, slag inclusion, or lack of
[uston). mcluding reot mdications. should, as a minimum, be consistent with AWS Discontinuities

SSeverity Class designations of cracks and defects per Table®=26,2 of AWS D1.1-98 for Static

Puost-Earthquake Inspection
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Structures. BeasrHascse-vwealds . e
~Nete==-Backing bars need not be removed prior to performing UT.

Commentary: The value of UT for locating small discontinuities at the root of
beam flange to column flange welds when the backing is left in place is not
universally accepted. The reliabilin: of this technique is particularly questionable
at the center of the jowmt, where the beam web obscures the signal. There have
been a number of reported instances of UT detected indications which were not
found upon removal of the backing, and similarly, there have been reported
instances of defects which were missed by UT examination but were evident upon
removal of the backing. The smaller the defect, the less likely it is that UT alone
will reliublv derect its presence.

Despite the potential mmaccuracies of this technique, it is the only method
currenthv available, short of removal of the backing, to find subsurface damage in
the welds  Iris also the most reliable method for finding lamellar problems in the
column flange (vpe C4 and C3 damage} opposite the girder flange. Removal of
weld backing at these connections results in a significant cost increase that is
probablv nor warranted unless UT indicates widespread, significant defects
andfor damage in the building.

The proper scanning techniques, beam angle(s) and transducer sizes should be used as
specttied in the written UT procedure contained in the Written Practice, prepared in accordance
with Section 3.3.3 of these Interim Guidelines. The acceptance standard should be that specified
i the origimal contract documents. but in no case should it be less than the acceptance criteria of

ANWS DL ChapterS—or-Stateattoaded SHuetures

Cemmmentary Liquad dve penetrant testing (PT) may be used where MT is
precluded due to geomerrical conditions or restricted access. Note that more
stringent requirements for surface preparation are required for PT than MT. per
ANS DI

S g v v Bl
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Slahs, flooring and roofing need not be removed to permit NDT of the top
flange joinr unless there is significant visible damage at the bottom beam flange,
adjacent colummn flunge. column web, or shear connection. Unless such damage

is present, NDT of the top flange should be performed as permitted, without local
remaoval of the diaphragms or perimeter wall obstructions.

It should be noted that UT is not 100% effective in locating discontinuities
and defects in CIP heam flunge to column flange welds. The ability of UT to
reliably detect such defects is very dependent on the skill of the operator and the
care taken in the inspection. Even under perfect conditions, it Is difficult to
ohtam reliabie readings of conditions at the center of the beam flange to column
flunge connection as veturn signals are obscured by the presence of the beam
weh, If backing 1s left in place on the welds, UT becomes even less reliable.
There have been a number of reported instances in which UT indicated apparent
defects, that were found not to exist upon removal of the backing. Similarly, UT
has jailed in some cases to locate defects that were later discovered upon removal
of the bucking. Additional information on UT may be found in AWS B1.10.

5.3.3 Inspector Qualification

5.3.4 Post-Earthquake Field Inspection Report

There are no modifications to the Guidelines or Commentary of Section 5.3 .4 at this time.

5.3.5 Written Report

There are no modifications to the Guidelines or Commentary of Section 5.3.5 at this time.
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6. POST-EARTHQUAKE REPAIR AND MODIFICATION

6.1 Scope

There are no modificauons to the Guidelines or Commentary of Section 6.1 at this time.

6.2 Shoring

There are no modifications to the Guidelines or Commentary of Section 6.2 at this time.

6.3 Repair Details

There are no modifications to the Guidelines or Commentary of Section 6.3 at this time.

6.4 Preparation

There are no modifications to the Guidelines or Commentary of Section 6.4 at this time.

6.5 Execution

There are no modifications to the Guidelines or Commentary of Section 6.5 at this time.

6.6 STRUCTURAL MODIFICATION

6.6.1 Definition of Modification

There are no modifications to the Guidelines or Commentary of Section 6.6.1 at this time.

6.6.2 Damaged vs. Undamaged Connections

There are no modifications to the Guidelines or Commentary of Section 6.6.2 at this time.

6.6.3 Criteria

Connection modification intended to permit ielastic frame behavior should be proportioned
so that the required plastic deformation of the frame may be accommodated through the
development of plastic hinges at pre-determined locations within the girder spans, as indicated 1n
Elatire-b—2-Figure 0.6 3.1, Beam-column connections should be designed with sufficient
strength (through the use of caver plates, haunches, side plates, etc.) to force development of the
plastic hinge away from the column face. This condition may also be attained through local
weakening of the beam section. at the desired location for plastic hinge formation. All elements
ol the connection should have adequate strength to develop the forces resulting from the

Post-carthquake Repuair and Modification

6-1



Interim Guidelines Advisory No. 2 SAC 99-01

formation of the plastic hinge at the predetermined location, together with forces resulting from
aravity loads.

Undeformed
frame. kDeformed frame shape -
A
= Plastic Hinge
—
) drift angle - g
Y
e
L
-t —
Figure6-12 Figure 6.6.3-1 - Desired Plastic Frame Behavior

Commentary: Nonlinear deformation of frame structures is typically
accommodated through the development of inelastic flexural or shear strains b
within discrete regions of the structure. At large inelastic strains these regions
cetir developy into plastic hinges, which can accommodate significant concentrated
rotations at constant (or nearly constant) load through vielding at tensile fibers
and bucklhng at compressive jibers. If a sufficient number of plastic hinges
develop in a frame. a mechanism is formed and the frame can deform laterally in
o plastic manner. This behavior is accompanied by significant energy
dissipation. particularly if a number of members are involved in the plastic
hehavior, as well as substantal local damage to the highly strained elements.

The formation of hinges in cofumns, as opposed to beams, is undesirable, as this
results i the formation of weak story mechanisms with relatively few elements
participating. and consequently little energy dissipation occurring. In addition,
such mechamsms also result w local damage to critical gravity load bearing
clements.

The prescripnve conmneetion contained in the UBC and NEHRP Recommended
Provestony priov to the Northridge Earthguake was based on the assumed
development of plustic hinge zones swithin the beams et-adjacent to the face of the
codumn, orwithin the column panel zone uself. If the plastic hinge develops in
the colunn panel zone, the resulting column deformation results in verv large
secondary stresses on the beam flange to column flange joint, a condition which
can contribute to brittle fuilure. If the plastic hinge forms in the beam, at the face

of the column, s can result in very large #hronsh—thiekress—strain-domendon

[=]
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: ¢ « stress and strain demands on the welded
hcum ﬂanrve IQ cohunn ﬂm?oe joint. These conditions can also lead to brittle
ot fatlure. Although ongoing research may reveal conditions of material

properies. deston and detailing confisurations that permit connections with
Vielding veeurring ai the column face (o per form reliably, for rhe present, it s
Feconnniciided
that the connection of the beam 10 the column be modified to be suﬁtczentlv
strong to force the inelustic action {plastic hinge) away from the column face.
Plastie hingev in steel beams have finite length, typically on the order of half the
heam depth. Therefore, the location for the plastic hinge should be shifted at
least that distunce away from the face of the column. When this is done, the
flexural demands on the columns are increased, Care must be taken to assure
thar weak column conditions are not inadvertently created by local strengthening
of the connections

1t should be noted that connection modifications of the type described above.
while helieved to be effective in preventing brittle connection fractures, will not
prevent structural damage from occurring. Brittle connection fractures are
undesirahle hecause thev result in a substantial reduction in the lateral-force-
resoing strength of the structure which, in extreme cases, can result in instability
and collapse. Connections maodified as described in these Interim Guidelines
should experience many fewer such brittie fractures than unmodified connections.
However, the formation of a plastic hinge within the span of a beam is not a
completely benrgn event - Beams which haveformed such hinges may exhibit
larae buckling and vielding deformation, damage which typically must be
repaired. The cost of such repairs could be comparable to the costs incurred in
repatring fracture damage experienced in the Northridge Earthquake. The
primary difference is that life safety protection will be significantly enhanced and
most structures that have expertenced such plastic deformation damage should
conttnne o he safe for occupancy while repairs are made.

If the nepes of damuage described above are unacceptable for a given building,
then alicrnative methods of structural modification should be considered thar wiil
reduce the plustic deformation denands on the structure during a strong
carthguake. Appropriate methods of achieving such goals include the installation
of supplemental braced frames. energy dissipation svstems, and similar
svsienanie modifications of the buildings basic lateral force resisting system.

[y important 1o recocnize that o frames with relatively short bays, the
dovarad ineine idicated o Frowre 6 6 3-1 may net be able to form. If the
ctrecinve doxural lenoth (L e the ficure) of beams in a frame becomes too shoit,
then the beams or cirdees witl vield in shear before zones of flexural plasticine
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cen form. resulting in an inelustic behavior that is more like that of an
cocentricalv bruced frame than that of @ moment frame. This behavior may:
tigdvertenty occur in frames in which relatively large strengthened connections,
such as hawnches, cover plares or side plates have been used on beams with
icfaiivelv short spans. Tins behuvionr is illustrated in Figure 6.6.3-2.

The cmdelines contained in this section are intended to address the design of
Hovurallv dominaieod monicnt resisting jframes. When utilizing these ouidelines, it
i jportanti 1o conflrm that the confisuration of the structure is such thar the
presumed flevural hineme can actually occur, It iy possible that shear vieldine of
frame beams, sudh as that schematically illustrated in Figure 60.6.3-2 mav be a
desiable behavior mode. However_to date. there has not been enoueh research
conducted o the helavior of such frames to develop recommended desion
cyddelines I modifications 1o an existing frame result in such a configuration
doseeners xhould consider referringe o the code requirements for eccentrically
hraced frames Parvcular care should be taken to brace the shear link of such
Do auoainst fareral-torsional huckiine and also to adeguately stiffen the webs
toanveid local buckling follovwing shear plustificarion,

Shear Link

i
1]

Shear Link

Fivnre 6.6.3-2 Shear Yieldine Donnnared Behavior of Short Bay Frames

G.6.4 Strength and Stiffness

G641 Strength

When these Interim Guidelines require determination of the strength of a framing element or
component. this shall be calculated in accordance with the criteria contained inl/BC-94, Section
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22§1.4.2 I NEHRP-91 Section 10.2, except that the factor ¢ should be taken as 1.0}, restated as
follows:

2211.4.1 Member strength. Where this section requires that the strength of the member be
developed. the following shall be used:

Flexure M,=2ZF,

Shear V,=055F,dt

Axial compression P.=17F,A

Axial tension Pe=F, A

Conncctors
Full Peneuation welds F, A
Partial Penetration welds 1.7 allowable {sec commentary)
Bolts and fillet welds 1.7 allowable

crnatevely. the criteria contained in the 1997 editi
.\u'm'mm! Steel Buildings (AISC, 1997 may_ be used.

Conumentary: At the time the Interim Guidelines were first published_they were
hased on the 1994 edition of the Uniform Buildin de and the 4 edition
the NEHRP Provisions. In the time since that initial publication,_more recent
cdirions of both documents have been Dubhshed and codes based on rhese
duc e NS irave heen adu)led hy s I

aind has also been adopred by some jurisdichons as an amendment to the model
biunlding cades, Structural uperades desioned to

the 1994 Uniform Budding Code or 1994 NERHP Provisions, the parallel
provisions of the 1997 editions may be used instead, and should be used in those

Jurasdictions that have adopied codes based on_these updated standards.

Parnal penetration welds are not recommended for tension applications in
critieal connections resisting seisne induced stresses. The geometry of partial
penctration welds creates a noteh-like condition that can initiate brittle fracture
uirder conditions of hugh tensile strain,

My WSME suructiires are consiructed with concrete floor slabs that are
providvd with posive shiear attachment benveen the slab and the top flanges of
the airders of the momeni-resisung frames. Although not generally accounted for
oo deseen of the frames, the resultine composite action can increase the
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effeciive strenorh of the sirder sienificantly, particularfy ar sections where
crrvature of the vivder places the top flange into compression. Although this
clicet is dectly accomwnted for in the desion of composite systems. it is typically
neelected i the desien of svstems classified as moment resisting steel frames.

The mcrcased cirder flexural streneth caused by this composite action can resuly
i o anther of effeces including the unintentional creation of weak column -
sirona heam and weak pancl —one conditions. In addition, this composite effect
hes the porenital 1o reduce the offectiveness of reduced section or “dog-bone”’
npe comecton aysemblics. Unfortunately, very little laboratory testing of large
sl conpection assemblics swith stabs in place has been performed to date and
a g resuli these effects are not well guantified. In keeping with tvpical
Conitemporary desren praciice, the desien formulae provided in these Guidelines
sevlect the strensthening effects of composite action. Designers should, however,
he alert to the fuet that these composite effects do exist. Similar, and perhaps
oY Seyere s dfxo exist where steel heams su
concrete walls,

0.6.4.2 Stiffness

Calculauon of frame stiffness for the purpose of determining interstory drift under the
influence of the design lateral forces should be based on the properties of the bare steel frame,
neglecting the effects of composite action with floor slabs. The stiffening effects of connection
remlorcements {e.g.: haunches. side plates, etc.) may be considered in the calculation of overall
lrame stifiness and doift demands. When reduced beam section connections are utilizedthe
vediction my oncerall friome stffness. due to local reductions in girder cross section, should be

kN

canswdered 4

Conpuenttery. For desion purposes, frame stiffress is tvpically calculated
considervuie only the hehavior of the bare frame, neglecting the stiffening effects
ef by, gravire froameng, and grehitecnral glements such as walls. The resulting
e leufaion of buildme stiffness and perviod tvpicalhy underestimates the acrual
properiees, sihsrantially, Althoueh this approach can result in unconservative
opnvaios of deseen foree levels i tvpreallv produces conservative estimates of
prrcsiory diift demands Sinee the desien of most moment-resisting frames are
controlted by considerations of drift._this approach is considered preferable 1o
esifioeds that would have ithe potential 10 over-gstimaie building stiffness. Also.
sy e the clements that provide additional stiffness may be subject to rapid
dovradation under severe cvelic lateral deformation, se that the bare frame
sippness mav provide o reasonable estimate of the effective stiffness under long
dirarion wround shaking response

Noenvithstandoe the ahove desivners should be alert to the fact that
vaintentional sidiness mtroduced iy walls and other non-structural elements can
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stanificanthv alier the behavior of the structure in response to eround shaking. Of
particular concern, if these elements are not uniformly distributed throughout the
cirycnire, or isolaied from s response. they can cause soft stories and torsional
ivevulariies, conditions known tao result in poor behavior.

5.6.5 Plastic Rotation Capacity

The plasuc rotation capacity of modified connections should reflect realistic estimates of the
requiredevet of plastic rotation demand. In the absence of detailed calculations of rotation
demand. connecuons should be shown to be capable of developing a minimum piastic rotation
capactty on the order 0£0.025 to 0.030 radian. The demand may be lower when braced frames,
stpplemental damping, base 1solation, or other elements are introduced into the moment frame
svstem. to control s lateral deformation: when the design ground motion is relatively low in the
range of predominant periods for the structure; and when the frame is sufficiently strongand stiff.

As used 1 these Guidelines, plasuc rotation is defined as the plastic chordrotation angle. The
nlustic chord rotation angle 1s calculated using the rotated coordinate system shown in Fig. 6.6.5-
1 e the plasue deflection of the beam or girder, at the point of inflection (usually at thecenter of
s snai) A, divided by the distance between the center of the beam span and the centerline of
tire panel zone of the beam column connection, L. This convention is illustrated in Figure6.6.5-

s jmportant to noie that thus definition of plastic rotation is somewhat different than the
plastie rotton that would actually occur wathin a discrete plastic hinge in a frame model similar
o thal shown i Froure 6.0.3-1 These two quantities are related to each other, however, and if
ot of them 15 known, the other mav be calculated fromEq. 6.6.5-1.

1l

Fiocure 6.6.5-1 Calculation of Plastic Rotation Angle
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) (LCI_ “‘lh)
p - ph L {665-])
cL X
where, 6. is the plastic chord anule rotation. as used in these Guidelines
8., 1s the plastic rotation, at the location of a discrete hinge

L.y __is the distance from thecenter of the beam span to the center of the
beam-column assembly panel zone

} I 1~ the assumed location of'the discrete plastic hinge relative to the center of the
beam-column assembly panel zone

1" caleulations are performed to determine the required connection plastic rotation capacity,
the capacity should be taken somewhat greater than the calculated deformation demand, due to
the lugh variability and uncertainty inherent in predictions of inelastic seismic response. Until
better gindelines become available. a required plastic rotation capacity on the order of 0.005
radians greater than the demand calculated for the design basis earthquake (or if greater
conservausm is desired - the maximumespable-considered earthquake) is recommended.

Rotaiton demand calculations should consider the effect of plastic hinge location within the beam
span. as indicated i Frewre-6-12-Figure 6.6.3-1, on plastic rotation demand. Calculations should
he performed to the same level of detail specified for nonlinear dynamic analysis for base isolated
structures i UBC-94 Section 1655 [NEHRP-94 Section 2.6.4.4}. Ground motion time histories
witlized tor these nonlinear analvses should satisfy the scaling requirements of/BC-94 Section
16354 2 P NEHRP-94 Section 2.6.4.4} except that instead of the base isolated period, T), the
structure period, T. caleulated in accordance with UBC-94 Section 1628 {NEHRP-94 Section
233 1! should be used. B -
Commentary, When the Interine Guidelmes were first published, the plastic
rotation was detined as that rotation that would occur at a discrete plastic hinge,
senilar o the definition of 8. in Eqg. 6 6.3-1, above. In subsequent testing of
protolvpe coheciion asseimblios, iowas found that it is often very difficudt to
determie the value of this rotation parameter from test data, since actual plastic
funoes do not occur wl diserete powts i the assemblv and because some amaognt
af gty alve occurs g the panel zone of many assemblies_ The plastic chord
aigde voratton, mirodiseed in Inierim Guidelines Advisory No. 1, may more
readily: e obtamed from test data and also more closely relates to the drift
cpertenced dy g frame durmo eartligucke response 7

~Tradidonally . strucnoeal engineers have calculated demand in moment
frames by sizing the members for sirength and drift using code forces (either
cquivalent static or reduced dyvnanice forces) and then "developing the strength of
the memhers.” Smee T9SN, “"developing the strength” has been accomplished by
prescrptive means. [was assumed that the prescribed connections would be
strong enough so that the girder would vield (in bending). or the panel zone
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would vield (in shear) in a nearly perfectly plastic manner producing the plastic
rotations necessary to dissipate the energy of the earthquake. It is now known
that the prescriptive connection 1s often incapable of behaving in this manner.

in the 1994 Northridge earthquake, many moment-frame connections _
fractured with little evidence of plastic hinging of the girders or vielding of the
column punel zones  Testing of moment frame connections both prior to and
suhsequent to the carthquake suggests that the standard welded flange-bolted web
connection is unable 1o refiablv provide plastic rotations bevond about 0.005
vadian for all ranges of gurder depths and often fails below that level. Thus, for
Sframes designed for code forces and for the code drift limits, new connection
conficurations must be developed to reliably accommodate such rotation without
hrtle fracture.

I order to develop reasonable estimates of the plastic rotation demands on a
frames connections, it is necessary to perform inelastic time history analyses.
For reguiar structures, approximations of the plastic rotation demands can be
obtained from linear elastic analvses. Analytical research (Newmark and Hall -
1982) suggests that for structures having the dynamic characteristics of most
WSME huildings. and for the ground motions typical of western US earthquakes,
the total frame deflections obtained from an unreduced (no R or R, factor)
dvnamic analvsis provide an approximate estimate of those which would be
expertenced by the inelustic structure. For the typical spectra contained in the
hulding code. this would indicate expected drift ratios on the order of 1%. The
drift demands in a real structure, responding inelastically, tend to concentrate in
o fewe stores. rather than being uniformliy distributed throughout the structures
hewaht. Therefore. it is reasonable to expect typical drift demands in individual
siortes on the order of 1.3% to 2% of the story height. As a rough
approxumation. the drift demand mayv be equated to the joint rotation demand,
vielding expected rowtion demands on the order of perhaps 2%. Since there is
considerable variation in ground motion intensity and spectra, as well as the
ticlastic response of buildings to these ground motions, conservatism in selection
of an appropridie CORCCion rotdaion demand is warranted.

I recent testing of large scale subassemblies incorporating modified
connection details. conducted by SAC and others, when the connection design was
able 1o achieve a plastie rotation demand of 0.025 radians or more for several
cveles. the wliimate failure of the subassembly generally did not occur in the
cennectton, but rather in the members themselves. Therefore, the stated
conneciton capacity eriteriu would appear to result in connections capable of
providing reliahle performance.

{tshould he noted that the connection assembly capacity criteria for the
madificatton of existing huildings. recommended by these Interim Guidelines, is

Post-curthquake Repair and Modification

6-9



Interim Guidelines Advisory No. 2 SAC 99-01

somewhat reduced compared 1o that recommended for new buildings (Chapter 7).
This is tvpical of approuches normally taken for existing structures. For new
uldings, these Interim Guidelines discourage building-specific calculation of
required plastic rotation capacirv for connections and instead, encourage the
development of lughly ductile connection designs. For existing buildings, such an
approach may lead 1o modification designs that are excessivelv costly, as well as
the modification of structures which do not require such modification.
Cuonsequently, an approach which permits the development of semi-ductile
connection designs. with sufficient plastic rotation capacitv to withstand the
expected demands from a design earthquake is adopted. It should be understood
that buildings modified to this reduced criteria will not have the same reltabiliry
ws new hudldings, designed in accordunce with the recommendations of Chapter
7. The criteriv of Chaprer 7 could be applied to existing buildings, if superior
relivbiline is desired.

When perfornung inelastic frame analvsis, in order to determine the required
connection plastic rotation capacity. it is important to accuratelv account for the
focations at which the plastic hinges will occur. Simplified models, which
represent the hinge as occurring at the fuce of the column, mayvwiH underestimate
the plastic rotation demand. This problem becomes more severe as the column
spactng, Lo hecomes shorter and the distance between plastic hinges. L, a
areater portion of the wotal beam span. Eg. 6.6.5-1 may be used to convert
ot nlarcd values of plastic roratton ar a hinge remotely located from the column,
foothe chord anele rofation, used jor the definition of aceeptance criteria
contanied in these Cdelmes, In extreme cases, the girder will not form plastic
hinges ar all. but mstead, will develop a shear vield, similar to an eccentric
hraced frame.

6.6.6 Connection Qualification and Design

Muodified girder-column connections may be qualified by testing or designed using
cideudations. Qualification by testing is the preferred approach. Preliminary designs of
connections to be quahfied by test mav be obtained using the calculation procedures of Section
G603 The procedures of that section may also be used to calibrate previous tests of similar
connection configurations to shghtly different applications, by extrapolation. Extrapolation of test
resudts should be limited to connections of elements having similar geometries and material
specifications as the tested connections  Designs based on calculation alone should be subject to
qualified imdependent third party review.

Commenioary Becainse of tre cost of esang, use of calculations for interpolation
o exnrapolation of tesy resuldes i desorahle. How much extrapolation should be
aocepted s oa difficult decision, As additional testing is done, more information
meay he avadable on wiat consiinaes "conservaiive” testing conditions, therehy
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allenwing easier decisions relative 1o extrapolating tests to actual conditions which
are tikele o be {ess demanding than the tests. For example, it is hvpothesized
thai connecnons of shatlower thinner flanged members are likely to be more
celiable than similar connections consisting of deeper, thicker flanged members.
Thus. it muay: be possible 1o test the larcest assemblages of similar details and
extrapolaic to the smaller member sizes? - at least within comparable member
aroup familics. However, there is evidence to suggest that exirapolation of test
resulisy 1o assembiies usine membery of reduced size is not ahwavs conservative.
{nq recent seriex of texis of cover plated connections, conducted at the University
e Califonrnia ai Sun Diceo. a connection assembly that produced acceptable
posidles for one familv of beam sizes, W24, did not behave acceptably when the
pean depih vas reduced significantiv to WIS, In that project, the change in
refaine flexibilities of the members and connection elements resulted in a shift in
ihe baxic behavior of the assembly and nitiation of a failure mode that was not
ohverved i the specimens widh lareer member sizes. In order to minimize the
possibuliyv of such occurrences, when extrapolation of test results is performed. it
Vhonld be done with a hasie understanding of the behavior of the assemhbly, and
ihe likel cffects of changes to the assembly confieuration on this behavior. Test
results showdd not he extrapolated ro assemblyv confieurations that are expecited to
hehave diferentiy than the tested confieuration. Extrapolation or interpolation
of pesubis with differences i weldmg procedures, details or material propertics. s
cven more difficuli

¢.5.6 1 Qualification Test Protocol

There are no modifications to the Guidelines or Commentary of Section 6.6.6.1 at this time.

il

6.6 6.2 Acceptance Criteria

The mnumum acceptance criterta tor connection qualification for specimens tested 1n
aceordance with these Interim Guidelines should be as follows:

a) The connection should develop beam plastic rotations as indicated in Section 6.6.5, for
at teast one complete cycle.

b) The connection should develop a mimmum strength equal to 80% of the plastic
strength of the girder. calculated using minimum specified yield strength |
throughout the loading history required to achieve the required plastic rotation
capacity. as indicated in a}, above

<) The connecton should exlubil ductile behavior throughout the loading history. A
spectmen that exhibits a brittde Innit state (e.¢. complete flange fracture, column
crackme, throush-thickiness {ailures of the column flange, fractures in weldssubject to
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icnsion, shear tab cracking, ete. Y prior to reaching the required plastic rotation shall be
considered unsuccessiul.

&)y Throuchout the loadine history. until the required plastic rotation isachieved, the
connection should be judeed capable of suporting dead and live loads required by the
building code. In those specimens where axial load is applied durine the testine, the

specimen should be capable of supporting the applied load throughout the loading
history,

1hy evaluation of the test specimens performance should consistently reflect the relevant limit
sies  Tor example. the maximum reported moment and the moment at the maximum plastic
rotagon are unbikely io be the same. 1t would be inappropnate to evaluate the connection using
e maxomum moement and the maximum plastic rotation in a way that implies that thev occurred
simuliancousiv,  Ina simalar fashion, the maximum demand on the connection should be
onvaluaied using the maximum moment, not the moment at the maximum piastic rotation nless the

bohavior of the connection indicated that this Linut state produced a more critical condition in the
CONNCCiIon.

Commentary: Many connection configurations will be able to withstand
plasie rotations on the order of 0.025 radans or more, but will have sustained
stenificant damage and degradation of stiffness and strength in achieving this ’
deformation. The intent of the acceptance criteria presented in this Section is to
assure that when connections experience the required plastic rotation demand.
thev will stll have significant remaining ability to participate in the structures
fateral load resisting svsren.

In evaluating the performance of specimens during testing, it is important 1o
disturawisly benween britile behavior and ductile behavior. It is not uncommon for
small cracks 1o develop in specimens afier relatively few cveles of inelastic
detormation. i some cuaxes these initial cracks will rapidiy lead to wlrimate
jatlvy ¢ of the specunen amd in other cases they will remain stable, perhaps
cronvire slovwle wih repeared gyeles, and_nav oy mav not participate in the

wltiomane tailure mode The development of minor cracks [n a specimen, prior 1o
aciievenent of the rareer plastie rotution demand should not be cause for
ofoction of the desion if the cracks remain stable during repeated cveling.
Sondfai v the occurrence of brittle fractire ar inelastic rotations sienificantiy in
cveess of the rareet plustic reianon sirondd not he caise for rejection of the

donion

3.6 6.3 Calculations

There are no modifications to the Guidelines or Commentary of Section 6.6.6.3 at this time.
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6.6 0.3 1 Matenial Strength Properties

In the absence of project specific material property information (for example, mill test
reports). the values listed inFabie6-3-Table 6.6.6.3.1-1 should be used to determine the strength
of steel shape and plate for purposes of calculation. The permissible strength for weld metal
should be taken m accordance with the building code.

Table-6-3Table 6.6.6.3-1 - Properties for Use in Connection Modification Design

Material F. (ks1) F, . (ksi) F, (ks1)
A30 Beam 36 ' :
Dual Certified Beam
Axial. Flexural 50 65 min.
. Shape Group | 55°
Shape Group 2 58?
Shape Group 3 57
Shape Group 4 542
Through-Thickness - - Note 3
A372 Column/Beam
Axal, Flexural 50 65 min.
Shape Group 1 587
Shape Group 2 58°
Shape Group 3 57°
Shape Group 4 57°
Shape Group 3 ' 552
Through-Thickness - - Note 3
AY92 Structural Shape! Lise same values as for A572, Gr. 50

iNates.

L. See Commentary

2 Bused on coupens from web. For thick flanges,
the Fy .15 approximately 0.93 F, wep.

See Commentary

sl

Conunentarv: Tuble 6-3. Note | - The material properties for steel nominally
designared on the construction documents as ASTM A36 can be highly variable
ane i reeent vears, steel meeting the specified requirements for both ASTM A36
and A372 has rouninely been incorporated in projects calling for A36 steel.
Conscquently, unless project specific data is available to indicate the actual
strength of material incorporated into the project, the properties for ASTM 4572
steel should be assumed when ASTM A36 is indicated on the drawings, and the
assumption of a higher vield stress results in a more severe design condition.

The ASTM 4992 specificarion was specifically devel
pi_response to expressed concerny of the design community with regard to the
permissihle variation in chemistry and mechanical properties of structural steel
wider the A30 and 4572 specifications. This new specification, which was
adopred g late 1998, 1 very similar to at it includes
somewhaf more restrictove limits on_chemistry and on the permissible variation in
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of material recently proditced under ASTM A572, Grade 50.

Fabte-6-3Tuble 6.6.6 3-1. Note 3 - In_the period immediately following the

Northridoe carthguake, the Seismolooyv Committee of the Structural Enoineers
Lasoctation of Caldfornia and the International Conference aof Building Officials
pssued fnicrin Recommendation No. 2 (SEAOC-1995) to provide guidance on the
Josivn of moment resisung steel frame connections. Interin Recommendation
Noo 2 ncluded o reconpmendation that the through-thickness stress demand on
cofipnn flanges he limued 1w g value of 40 ksi_applied to the projected area of
heam flaiee attachment. This value swas selected somewhat arbitrarily, to ensure
tagl throveh-thickness vielding did not initiate in the column flanges of momeni-
roviciing comnections and because tovas consistent with the successful tests of
aascinblies with cover plutes conducted at the Universiry of Texas ar Austin
dicnectharde and Subol - 1994 rather than being the result of a demonstrated
tirowch-thickness capacity of tvpical column flange marerial. Despite the
soptewhat arbiraiyv nature of the selection of this value, its use often controls the
overall design of g connection assembiv including the selection of cover plare
thichness haundh depth. and simlar paranieters.

It would seem 1o be imporiant to prevent the inelasric behavior of connections
teon_heine congrolled by through-thickness vielding of the column flanges. This
1y Decanse i wonld be ecessary 1o develop very large local ductilities in the
column flenee paierial m order to accaonnnodate even modest plastic rotation
doemands on the assembly. However, extensive investigation of the through-
tychness belravior of column flangees in a T" joint configuration reveals that
neither vielding nor through-thickness failure are likely to occur in these
coppectrons. Barsom gand KNorvink (1997) conducted a statistical survey ¢
ayailahle dara on the tensile strength of rolled shape material in the through-
thuckness dorecuon, _These tests were generally conducted on small diameter
couponys, extracted from flange material of heavy shapes. The data indicates tha
hoth the vield stress and wltimate tensile strength of this material in the through-
thickness direcnion ix comparable to that of the material in the divection paraliel
to rolling, However i does mdicate somewhat greater scarter, with a number of
reporred values where the through-thickness strength was higher, as well as lower
than that i the longedingl doection. Review of this data indicates with high
confidence thay for small diconerer coupons, the vield and ultimate tensile value
of the marerial g through-thickness direction will exceed 90% and 80/%
respectively of the comparable values in the longitudinal direction, shefho-cemwies
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While this stansucal distribution suggests the likelihood that the thirough-
tluckness strength of column flunges could be less than the flexural strength of
atiached bean elements, testine of moire than imens at Lehich Universi
midicates that this is not the case. In these tests, high strength plates,
represenana beam flanees and havine a vield strength of 100 ksi were welded to
the jaee of 4572 Grade 30 and 4913, Grade 50 column shapes, to simulate the
portioin of a beam-column assembiv at the beam flange. These specimens were
placed u g universal tesiing machine and loaded to produce high through-
drckiess rensile stresses in the column flunge material, The tests simulated a

wiele reniee of conditions, represennng different weld meta! v as well and also 1o

molude ecccentrically applied loadineg, In 40 o
srenotiovvas inuted by tensile fatlure of the high strength beam flange plate as

opposed 1o the coltmn flange material. In the one failure that occurred within
the colump flange materwad, fracture imitiated at the root of a low-toughness weld,
al rool defects thal were utentionglly introduced to initigte such a fracrure,

Thre behavior illustrated by this test series is consistent with mechanics of
maierials theory, A the joint of the beam flange to column flange, the material is
very_ ol restrained. As g result of this,_both the vield strength and witimate
rensile streneth of the marerial in this region s significantly elevated.
these conduions, fuilure 1s anlikely to ocour unless a laree flaw: is present rhat can
lead 1o unstable crack propasation and brigtle fracture. In {ight of this evidence,
fnterim Guidelines Advisory No, 2 deletes any requirement for evaluation of
thiroucli-thickness flange stress in colums,

Hi»r‘f-m-'—!%ﬁ—rﬂw

Hired CFb e
tect vcﬂmﬁww—h—fm#fewfn :
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0.0 632 Determune Plastic Hinge Location

The desired Tocation for the formation of plastic hinges should be determined as a basic
parameter for the caleulatons. For beams with gravity loads representing a small portion of the
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1o1al flexural demand. the locaton ot the plastic hinge may be assumed to occuras indicated in

i able 6.6 63

e r‘ﬁ**l

2- l and llluqu'llgd in Fivure 66.6.3.2-1, a{—a—d*s{-aﬁee—equ&&e—l—%—eﬁﬂae—beam—éep{h

sprectie test dam for the connection indicates that a different value is appropnate—RefeHe—Fﬂfafe

— s

Table 6.6.6 3 2-1 Plastic Hinge Location - Strengthened Connections

Conneeton Tvpe Reference Section Hinge Location s,
!
i
foover phivies Sect. 7.9.1 d/4 bevond end of cover plates
1 aunches Sect. 793,794 d/3 bevond toe of haunch
Nerieg] Ribs Sect 79.2 d/3 bevond toe of ribs
=
Plastic - l
hinge by ] _
= |1~ Connection
Sh= = = i :
S| s reinforcement
g ——— St ooh . 7/ !
¢ =¥ 43 ——- |
= — |
o © [
, =S 1
E T 3 |
c = g '
2 S !
= c I
2 E ERS '
= t....:': |
.- o & |
e o E l
=3 @' 8 '
L I
- —-
I meH—l Figure 6.6.6.3.2-1 - Location of Plastic Hinge
Commentary: The suggested locations for the plastic hinge—at-a-disteec/3

i tet-Hiechdef therenforcedection indicated in Table 6.6.6.3.2-1 and
Digwre 65.6.0.3 2-1 aie = hased on the ohserved behavior of test specimens, with
no seenificant gravine load present. If significant gravity load is present, this can
hift the locations of the plastic hinges, und in the extreme case, even change the

Jorm of the collupse mechanism. If flexural demand on the girder due to gravity
ol 15 less than abowt 30% of the givder plastic capacity, this effect can safely be

neglecred. and the plusnie hinge locations waken as indicated. If gravity demands
significantlv exceed this level then plastic analysis of the girder should be

Post-carthquake Repair and Modification

6-17




Interim Guidelines Advisory No. 2 SAC 99-01

performed to determine the appropriate hinge locations. Note that in zones of
high seisnucitvy (UBC Zones 3 and 4, and NEHRP Map Areas 6 and 7) gravity
loading on the girders of earthquake resisting frames typically has a very small

cffect.

n 6633 Determine Probable Plastic Moment at Hinges

The probable value of' the plastic moment. M, at the location of the plastic hinges should be
determimed from the equation:

M= 00542 E_ (6
M, =1L1Z,F, (6.6.6.3.3-1)

where, &

F.. is the actual vield stress of the material, as identified from mill test reports. Where
null test data for the project is not traceable to specific framing elements, the
average of mill test data for the project for the given shape may be used. When
mill test data for the project 1s not available, the value ofF,,,, from
table-6-3Tablc 6.6 6.3-1 may be used.

i 15 the plastic modulus of the section

Commentary: The [LJ89S factor, in equation 6.0.6.3.3-1, is used to adfust
account for hwo effects. Funsd. i s irended to account for the typical difference
Denveen the vield stress in the beant web, where coupons for mill certification
tests are normallv extracted, andee the value in the beam flange. Beam flanges,
hewng comprised of thicker material, tvpically have somewhat lower yield
strengths than do beant web marerial. Second, it is intended toThefactorof~i—
FeemeRdea-te account for strain hardening, or other sources of strength above
vicld. v agrees fuorl well with availuble test results. It should be noted that the
1.1 factor could underestimate the over-strength where significant flange
huckling does not act as the gradual limit on the connection. Nevertheless, the
{1 fuctor seems a reasonuble expectation of over-strength considering the
complexities involved.
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Connection designy that result in excessive strength in the girder connection
relative to the column or excessive demands on the column panel zone are not
expected to produce superior performance. There is a careful balance that must
he mantamed benween developing connections that provide for an appropriate
allovvance for girder overstrength and those that arbitrarily increase connection
demand i the quest for a “conservative " connection design. The factors
suggested above were chosen in an attempt to achieve this balance, and arbitrary
mereases w these values are not recommended.

Wien the Tnieron Guidelimes were first published, Eqg. 6.6.6.3.3-1 included a
coclticient, oo iniended 1o aecount hoth for the effects of strain hardening and
b jor modeline uncertainty when connection designs were based on
calcnlairons as opposed 1o a specific program of qualification testing. The mtent
of s madeline wncertainie jucior was mwofeld: to provide additional
conservadas il i e desion when specitfic test data [or ¢ representative connection
weis fat avardahle. and also as an mducenent to enconrage projects to underiuke
connection gualificanon (esting provrams. After the Interim Guidelines had heen
fa s Jor sonte nnte, i hecame apparent that this approach was not an effective
fnddncenient for projects to perform gualification testing . and also that the use of
an overh faree value for the o coefficient often resulted in excessively large
coivtcction remforemy elements icover plates, e.g.) und other design features that
did nor appear conducive to good connection behavior, Conseguently, it was
decided 10 remove tiy modeling wnceriaimiy facror from the calculation of the
prohablc sircinoth of ann asseinbly

0.0.0.3.4 Deternune Beam Shear

The shear in the beam at the location of the plastic hinge should be determined. A free body
diagram of that portion of the beam located between plastic hinges is a useful tool for obtaining
ihe shear at cach plastic hinge. Fewre6-4H4Figure 6.6.3.4-1 provides an example of such a
caleulation.
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Plastic

hin gc\
\

Note: if 2M,, /L’is less
then the gravity shear in
the free body (in this
case P/2 + wL72),

then the plastic hinge
location will shift and L’
must be adjusted,

i accordingly

1L

) Mpr

.

Mpr ( = 5

uA”
Vpﬁ.___l.‘_~>

taking the sum of moments about “A” = (
Vp={Mpr+Mpr+P L2 +wl’ 22}/’

Figure 6.6.3.4-1 - Sample Calculation of Shear at Plastic Hinge

——

00635 Deternune Strength Demands on Connection

In order to complete the design of the connection, including sizing the various plates and
Juming welds which make up the connection, it 15 necessary to determine the shear and flexural
sueneth demands at each critical section. These demands may be calculated by taking a free body
ol that portion of the connection assembly located between the critical section and the plastic
hinge. -eure-65-Figure 6 6 3.5- 1 demonstrates this procedure for two cnitical sections, for the
beam shown in Fepare- 64 Fioure 6.6.3.4-1.

Plastic

|
|
. - | Plastic
L nge ]
i | hinge
R I
it I
M, M
Mo r | M
i'Ll p MC | pPr
[
u;‘l: - Vp d.:_... : f— Vp
P i T i
) :..‘_..;..._-..I : x+de/2 i
: ' -
]

M=M, +V x M=M,, +V (x+d,/2)

Cnticad Secuen at Colump Face Cnucal Section at Column Centerline

Figare 6= Ligure 6.6, 3.5-1 - Calculation of Demands at Critical Sections
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Commentary: Euch unique connection configuration may have different critical
sections. - The vertical plane that passes through the joint between the beam
Hanges und column (if such jeining occurs) will typically define at least one such
crirical section, used for designing the joint of the beam flanges to the column, as
well as evaluating shear demands on the column panel zone. A second critical’
yectton occurs at the center lie of the column. Moments calculated at this point
are used to check weak beam - strong column conditions. Other critical sections
should he selected as appropriate to the connection configuration.

6.6 0 3.6 Check for Strong Column - Weak Beam Condition

Buldings which formsidesway mechanisms through the formation of plastic hinges in the
beams can dissipate more energy than buildings that develop mechanisms consisting primarily of
plastic lnnges in the columns. Therefore, if an existing building’ oniginal design was such that
limging would occur in the beams rather than the columns, care should be taken not to alter this
hehavior with the addition of connection reinforcement. To determine if the desired strong
column - weak beam condition exists, the connection assembly should be checked to determine if
the tollowinyg equation is satisfied:

Y ZAF, -£)/> M >1.0 (6.6.6.3.6-12)

where. Z_ 15 the plastic modulus of the column section above and below the connection
Fh 1s the minimum specified yield stress for the column above and below
.18 the axial load in the column above and below
_.M 18 tllemkamdﬂ%eﬁmmmﬁmém}eﬁwm
—Seehen-6-6-6-2-3 sum of the column moments at the top and bottom of the
panel zone, respectively, resulting from the dewlopment of the probable beam
plastic moments, My, within each beam in the connection.

Commentary: Equation 6_0 6.3.6-12 15 bused on the building code provisions for
stronge column - weak beam dcs 1ign. The building code provisions for evaluating
strong column - weak heam conditions presume that the flexural stiffness of the
columny above and helow the beam are approximately equal_that the beams will
vield at il juce of ihe coluinn, and that the depth of the columns and beamys gre
wimall rclative 1o their respective span lengths. This permits the code to use a
refativelv sunple equationt o cvaltiare strong colunin - weak beam conditions in
vl e sumy of the flexiral capacitics of columns at g connection are compared
v e sauhis of the flovaral capaciies i the beams. The first publication of the
Lttering Guideluies ok this same approach,_except thay the definition of IM was
madified o expliculv recoonize that hecause flexural hineine of the beams would
oo al d tocation removed from the face of the column, the moments delivered
M the beans o the comncction woudd he lareer than the plastic moment strenoth
of i beam I this equation, SM, was (uken as the sup of the moments at the
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cenpier of the column, calculated in accordance with the procedures of Sect.
N.0 3.5,

This simplified upproach is not always appropriate_ -If non-symmetrical
connection configuranons are used, such as a haunch on only the bottom side of
the heam. this can result in an uneven distribution of stiffness between the rwo
coltm segments,_and premature vielding of the column, either above, or below,
i beami-colimn connection._Also, it was determmed that for comiection
copficurations in which the panel zone depth represents a sismificant fraction of
e tented colwmn heichi, such as can occur in some haunched and side-plared
conptections, the defininon of EM, contamed in the initial printing of the,
Cruidelies could tead 1o excessive conservatism in determining whether ar not a
sprone column - weak beant condition exists in a struchure, Consequently, Interum
Crpidelines Advisory No, | adopted the current definition of EM_ for use in this
cvaluation, This defimmon requires that the moments in the column, at the top
and hatiom of the panel zone be determined for the condition when a plastic
fncee has formed a all beams in the connection. Figure 6.6.6.3.6-1 illustrates a
wethod for derermining this quantity, frsuch-eases—When evaluation indicates
that a sirong colwni - weak beanm condition does not exist, a plastic analysis
should he considered o determine if an undesirable story mechanism is likely 1o
jornt in the building.

v, e assumed point of zero morment
i - - - - - e - " -
. M, v (L-1)/2)] -V, (h, +d,/2)
= ‘ h,+d, +h
‘ v, M g M=V,
v M, | M=oY,
AV - oV -
e - QJ SM =M, +M,
M
I \ /~—>/_ ‘ 7777777 x- )
Ivltl* \
v, Note:
= The quantities .Mr*r’ Vp. L,and L are
as previously identified.
o V| is the incremental shear distributed
VooV Y to the column at the floor level.
- ‘*‘ L LW """" 777 Other quantities are as shown. '

Pewe 0.6.0 3.60-1 Calcudation of Cofunn Moment for Strong Column Evaluation
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06 0.3.7 Check Column Panel Zone

The adequacy of the shear strength of the column panel zone should be checked. For this
purpuse. the term 0.8 ZM; should be substituted for the term 0.8ZMs in UBC-94 Section
Z211.7.2.1 10926 M, in NEHRP-91 Section 10.10.3.1 }-repeated-belowforconvenienceof
carerepiee. M, 18 the calculated moment at the face of the column, when the beam mechanism
forms. calculated as indicated in Section 6.6.6.3.5, above._In addition, #t is recommended not 10

e alicrmany e desien eriteria mdicated inUBC-94 Section 2211.7.2.1 (NEHRP-97 Sect.

G0 21y pernmiung panct zone shear strength to be proporttioned for the shear induced by
Sondmy moments from gravny loads plus 1.83 times the prescribed seismic forces.For
comvenicnee of reterence, UBC-94 Section 2211 7.2 1 is reproduced below, edited, © indicate the
recommended application;

2211.7.2.1 5tr eng,th {edued). The panel zone of the |omt shall be capable of resisting the
xhu] e -
P ! required to develop
(REN- O \‘"\IIOf the uuders fmmmu nto the column ﬂanges at the joint. The joint panel
zone shear strength may be obtained from the following formula:

3b.t,,’
V= 0.55F,d t| | + < (11-1)
: d,d t

whete. b, = width of column flange
¢, = the depth ot the beam (including haunches or cover plates)
d, = the depth of the column
t = the total thickness of the panel zone includingdoubler plates
. = the thickness of the column flange

Commentain . The effect of panel zone shear vielding on connection behavior is
aoi woll wndeirviood, I the past, panel zone shear vielding has been viewed as a
hemron mechanism thar perons overall frame ductilin: demands 1o he
aocommiodared winle mmnnzme the extent of inelastic behavior required of the
et eanied bean flunee o column flange joint. The criteria permitting panel zone
shcar sorength o be proportioned for the shears resulting from moments due to
argviy doads plus T 83 mes the desien seismic forees was adopted by the code
soccrficaliv o epconrage desiens with weak pannel zones. However, during recent
teatine of laroe scale connection assemblics with weak panel zones, it has heen
noied Hrad mn order (o acconmadate the large shear deformations that occur in

ihe panel zone_extreme Ckuikinge U deformations were induced into the column
flonroes ai the heam flanee to colwmn flanoe welded joint. While this did not lead
forpremaire foint juilure neall cases. s believed to have contributed to such
i emature fallures in ai least some of the specinens. The recommendations of
hiiv ~ection are miended 1o pesult tn stronoer panel zones than previously
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permitied by the code. thereby avoiding potential failures due to this kinking
action on the colupin flanzes.

6.6.7 Modification Details

There are no modifications to the Guidelines or Commentary of Section 6.6.7 at this time.

4§ 7.1 Haunch at Bottom Flange

Froure é=k60.6.7.1-1 illustrates the basic configuration for a connection modification

consistung of'the addition of a welded haunch at the bottom beam flange. Several tests of such a
mndlhutmn were conducted by Uang under the SAC phase [ project 95). Followin
thin work, additional research on the feasibility of improving connection gerformance w1th weld d
hiunches was conducted under a project that was jointly sponsored by NIST and AISC (VIST,

/998) As ndicated in the report of that work, the haunched modification improves connection
performance by altering the basic behavior of the copnection. _In essence, the haunch crea