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On the basis of some simplifying assumptions, a parametric analysis ts made of the
interaction effects on the effective period and damping of structures with
embedded foundation in a soil layer. A simplified three-dimensional interaction
model 1s used, in which the depth of a cybindrical foundation. the degree of contact
between the ground and the footing walls and the depth of a homogeneous stratum

over rigid rock are considered variable. The soil is replaced with impedance

functions that are taken from a data base obtained with an appropnate numerical
technique, so that suitable springs and dashpots dependent on the excitation
frequency are used. The system period and system damping are determined from
the steady-state response of an equivalent single oscillator with flexible base
subjected to a harmonic motion with constant amplitude, by equating its resonant
response with that of a replacement oscillator with rigid base excited with the same
motion. The influence of the foundaiion embedment and soil layer is investigated
for several depths of both the-footing and the stratum.

It is confirmed that the system period decreases and the system damping
increases with the foundation embedment only for sidewalls extending along the
entire foundation depth. For embedded footings without sidewall or with sidewall
in null contact with the surrounding soil. the effective system parameters behave
opposite to those corresponding to the interface condition of total contact. Also.
the systemn damping increases significantly with the layer depth, while the system
period is practically insensitive to vanations of this characleristic parameter.
Finally. introducing additional permissible simplifications, an improved approxi-
mate solution for the effective pennod and damping of coupled systems 1s presented.
which differs from previous analogous approximations in that damping factors of
second order are not neglected and the foundation depth 1s explicitly considered.

INTRODUCTION

Usually the effects of soil-structure interaction con-
sidered in design are those due to the inertial inter-
action solely under the assumption of linear structural
behavior, that is. the period lengthening and the
damping modification corresponding to the funda-
'mental mode of vibration of the structure assumed
with rigid base. The knowledge of the effective period
and damping of the coupled system is useful when
they are used in conjunction with static and dynamic

methods of seismic analysis, in order to fulfill the
interaction provisions stipulated in building codes.
Soil-structure interaction modifies the dynamic param-
eters of the structure as well as the characteristics of
the ground motion around the foundation, whose
evaluation requires determining the effective period and
damping of the coupled system and the overall excitation
at the foundation subgrade. Nevertheless. for most
structures il is conservative to carry,out only the inertial
interaction analysis, whenever site effects are considered
in the determination of the ground motion at the free
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surface, which is assumed as the eflective motion at
the base of the structure. Although this eacitation has
no rocking and torsional components, it is generally less
favorable than the overall motion obtained from the
kinematic interaction analysis alone,

It is well-known that the fundamental period of a
structure interacting with the soil i1s always increased
due to inertial interaction. inasmuch as the flexibility of
the coupled system is greater than that of the fixed-base
structure, Also, the damping of the interacting system is
generally increased since an additional energy dissipation
is presented as a result of the material and geometrical -
dampings of soil by hysteretic behavior and wave radia-
tion, respectively. In slender structures it can happen that
the overall damping of the coupled system is less than the
damping of the fixed-base structure (Veletsos & Meck?)
because of the effect of foundation rocking, which tends
to increase the inertia force on the structure and the
resulting deformation. However, it will be shown herein
that this possibility .does not occur when structural
damping is assumed to be hysteretic rather than viscous.

The effective period and damping of multistory struc-
tures supported on soft soil, which respond as a single
oscillator in their fixed-base condition, have been studied
by several authors (Bielak.’ Jennings & Bielak.” Luco,*”’
Luco e al..* Wolf") using some analogy with a single
fixed-base oscillator commonly referred to as the
replacement oscillator (Veletsos & Meek'). The effective
period and damping of the coupled system are obtained
by measuring the transfer function for the absolute
acceleration of the structure and equating the resonant
period and peak amplification of this transfer function
with those of the replacement oscillator.”In all of these
solutions. the influence of the foundation embedment
has not been taken into account, so that they are apph-
cable only to surface foundations. Introducing a number
of simplifying assumptions that consist of neglecting the
higher order terms of damping functions, the transia-
tional and rotational inertia of the foundation and
the coupled stifiness and damping of the soil. these
authors have also developed simple analytical expres-
sions for the overall period. damping and peak response
of the coupled system. which are valuable to assess
qualitatively the interaction effects.

The kinematic effects of the scattering and diffraction
of the incident waves from the building foundation on
the system period and system damping. during building-
soil interaction. have not been extensively studied so
far. By using a three-dimensional model, Bielak® has
found that the effects of the foundation embedment are
an increase in the system damping and a decrease in
the system period. This behavior has been widely con-
firmed only for footings with rigid sidewall extending
throughout the entire foundation depth and in total
contact with the surrounding soil. By using a simplified
two-dimensional model, Todorovska & Trifunac® have
recently studied the wave passage effects on the effective

system parameters. They found that the system period
practically does not depend on the type of incident waves
and the angle of incidence. as well as the system damping
is generally underestimated when the kinematic effccts
are excluded by assuming the surface free-field motion as
the foundation input motion. Based on the same two-
dimensional model. Todorovska’® has also concluded
that, except for very heavy and tall buldings, the
system damping is- larger when the.depth of the embed-
ment is smaller, which is in contradiction with the
conclusion reached by Bielak® from a three-dimensional
model.

In this study a numerical solution is presented for
computing the effective period and damping of structures
with cylindrical embedded foundation in a soil layer on
rigid half-space. The aim of the work is to make an
evaluation of the interaction effects on the effective
parameters of this kind of soil-structure system, which
1s commeonly used in seismic codes. In addition to the
characteristic - parameters of the interaction problem
introduced earlier by other authors (Veletsos &
Meek.' Wolf’ ). the influence of key parameters such as
the foundation embedment. the sidewall height and the
stratum depth is investigated. To account for
the frequency dependency of the dvnamic stiffness of
the foundation. the soil is replaced with impedance
functions that are taken from a data base obtained
with a suitable numerical techmque. This interaction
model does not recognize the motion of the foundation
relative 1o the free-field in the absence of the structure
Such a component of the foundation motion, known as
kinematic interaction. is usually very sigmificant. It
changes the overzll motion of the foundation and
depends importantly on the lateral contact between the
soil and the fooung walls. In fact, it may be more
important than the effective damping of the structure.
Thus. it is suggested that this approach be used only for
preliminary calculations: a full solution including kine-
matic interaction is recommended for. the final design.

Finally. an approximate analytical solution for deter-
mining the effective period and damping of structures
with embedded foundations s obtained, by introducing a
number of simplifying assumptions similar to those used
in previous works for the case of surface foundations.
Although this solution is a hittle more detailed than
those presented in earlier studies, it is of higher accuracy
because the foundation depth is explicitly considered and
damping factors of second order are not neglected.

SOIL-STRUCTURE SYSTEM

For multistory structures that respond essentially as a
single degree of freedom oscillator in their fixed-
base condition and layered soil deposits that perform
basically as a single stratum. the soil-structure system
can be idealized as shown in Fig. 1. The foundation is
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—_ Fig. 1. Idealization of the soil-structure system.

assurmed to be a rigid cylinder that has two degrees of
freedom, one in lateral translation and other in rocking;
the torsion is neglected. This coupled system is suitable
to consider the interaction effects on the fundamental
mode of vibration, which i1s the most affected by the
interaction; the contribution of the higher modes may be
determined by standard procedures disregarding these
effects. B

The parameters of the equivalent oscillator must be
interpreted as the modal parameters of the multistory
structure vibrating in its fixed-base fundamental mode.
So, T, and (. represent the period and damping of .
the fundamental mode of vibration, respectively, M,
the effective mass partictpating in such a mode and H,
the effective height of the resultant of the corresponding
inertia forces. The modal mass and height, as well as the
modal participation factor, corresponding to the first
fixed-base natural mode of the multistory structure are
reported by Jennings & Bielak® and Luco er al.® Also. the
parameters 7, and 3, of the equivalent stratum must be
-interpreted respectively as the dominant period of vibra-
tion and the effective velocity of propagation, in shear
waves, of the layered soil deposit. They are related to
the depth H, of the stratum through the expression

T, =4H,/8,. according to the one-dimensional wave
propagation theory. In addition to these parameters.
the soil is characterized with the Poisson’s ratio », and
the hysteretic damping ratio ;.

Since the soil layer is replaced with impedance func-
tions, the coupled system can be reduced 1o the equiva-
lent oscillator with flexible base shown in Fig. 2, in which
the ground is represented by a combination of linear
springs and viscous dashpots that account for both the
soil flexibility and its energy dissipation. respectively; the
springs reflect the soil's inertia as well, The springs K, K,
and K, = K, and the dashpots C, C, and C;, = C,,.
corresponding to the translation, rocking and coupling
modes. respectively, depend not only on the soil layer
and foundation parameters, but also on the excitation
frequency. The stiffness K, and damping C,,, {m = h,r, ri)
for circular foundations embedded in 2 homogeneous
stratum with rigid base are taken from a data base
{Avilés & Pérez-Rocha'®), which was obtained with an
efficient finite element technique (Tassoulas & Kausel'')
that incorporates the effect of the rigid sidewall on the
dynamic stiffness of the footing (Tassoulas & Kausel').

Also, the properties of the circular foundation are the
radius R. the footing depth [, the sidewall height E, the
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Fig. 2. Equivaient soil-

mass M, and the mass moment of inertia J. with respect
to a horizontal axis through the centroid of the footing
base. The mass center of the foundation is assumed to be
at E/2 above the subgrade in order to eliminate one
parameter that has no significant influence on the effec-
tive period and damping of this coupled system, because
the base moment M_(H, + D) due to the structure is
always much greater than the base moment M, E/2 due
to the foundation.

Equilibrium of the building and foundation

The degrees of freedom of the soll—structure system will
be taken to be the deformation of the structure. X,. the
relative displacement of the foundation base. X .. with
respect to the ground motion. X,. and the rocking of the
foundation, ¢.. Accordingly. the total displacemeni of -
the structure for small vibrations proves to be X, + X+
(H,+ D)®,+ X,.. Based on this displacement configura-
tion and on free-body diagrams. the force equilibrium
equation of the building is given by

M(X 4+ (H.4+D) +X,)+C. X, +K,X,

- M.A

(1}
where K, =4n°M,./T} and C, =4x({ M,/T, are the
linear stiffness and viscous damping of the structure,

respectively. Also, the force and moment equilibrium
equations of the foundation are given by

Mr(X:( + (5/2)'1)0) + Ch Xr + C}rrq.)r + Kth

+ Ky @ - Vo= _Mrj‘;g @)
J(d:)( + er-)r + Chr‘X"r + A’rq)( + Kh'ﬁ’r
+ MAE/2)X, — My = —M(E/2)X, (3)

structure system

where Vg = C, X, + K. X, and M, = 1 4(H,. + D) are the
fateral force and rocking moment, respectively. that the
structure exerts on the soil. Although the small contribu-
tion of the rotary inertia of the structure has been
neglected in the denvation of eqn (3). 1t can be included
by incorporating the corresponding muss moment of
inertia of the structure into the term J, associated with
the mass moment of inertia of the foundation.

Assuming that the coupled system 15 excited by the
harmonic acceleration X, = X "' of frequency « with
constant amplitude. the  harmonic translations and
rotation of the elements of the interacting system can
be represented by X, = X, e, X, = X, e"~" and &,
¢!, This allows setting up the system equilibrium in
the frequency domain. Thus. expressing the force I’y and
moment M, in terms of eqn (1) and then substituting into
eqns (2) and (3). respectively, the matnix equilibrium
equatien of the coupled system takes the following
form after some manipulations:

K. 0 0 C 0 0
0 K, K,|+iwl0o ¢ G,
0 K, K 0 G, C
M, M,
—u M, M.+ M,
M, H,+D) MJ{H.,+D)+ ME/2
M, H,+ D) Xe
<o M(H,+ D)+ M.E/2 X,
MJH, + Dy +J, P,
M,
= -X, M, + M, (4)

M,(H,+ D)+ M E[2
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where = +/—1 is the imaginary unity. This matrix

equation represents & linear system of complex algebraic |

equations. which can be solved by using standard
procedures.

THE SYSTEM PERIOD AND THE SYSTEM
DAMPING

We will refer 1o the system period and system damping as
the dynamic parameters of a replacement oscillator
with rigid base whose resonant shear force is equal to
that of the structure interacting with the soii. for the
same harmonic support excitation. This well-known
approach (Veletsos & Meek.! Wolf”) leads to equating
the peak pseudo-acceleration and resonant period of
the interacting system with those corresponding to the
replacement oscillator.

Then. the system period and system damping are
obtained from the steady-state harmonic response of
the coupled system, by solving eqn (4) in order to
measure the transfer function H(w) = X,/ X, for the
structural pseudo-acceleration as an approximation of
the absolute acceleration, where w, is the fundamental
frequency of the fixed-base structure. The resonant
period and peak amplification of this transfer function
are associated with the effective period and damping.
respectively. of the structure interacting with the soil.

The damping values of soil-structure systems can
considerably exceed those of the associated fixed-base
structure. and therefore the damping terms of second
order can not be neglected. For practical structures
. having damping ratios ¢ < 1/+/2. the frequency ratio
for maximum response is /1 —2¢> and the corre-
sponding peak response is 1/(2¢{y/1 —¢*) (Clough &
Penzien'). Considering this situation and equating the
peak pseudo-accelerations and resonant periods of both
the interacting system and the replacement oscillator. the
effective damping of coupled systems is determined as

C-ez =

b2 —

and the effective period of coupled sysiems is obtained as
Te=(1-20)"" T, (6)

where T 15 the resonant period and H,. the corre-
sponding peak pseudo-acceleration observed at the
transfer function of the interacting system.

CHARACTERISTIC DIMENSIONLESS
PARAMETERS

Interaction effects can be expressed in terms of dimen-
sionless parameters that characterize the soil-structure
system. The aim of this study is to show how sensitive the

12
H: —
(%)
res

eflective period and damping of coupled systems are to
variations of these characteristic parameters. The inter-
action influence on the effective system parameters duc to
the foundation embedment and layer depth is the mamn
subject to be evaluated, because it 1s of great significance.
In the following. the characteristic parameters of the
interaction model are defined. as well as the intervals of
typical values for building structures covered by the next
parametric analysis are established.

1. Ratio of the foundation mass 1o the structure
mass: 0 < M /M, <05

2. Ratio of the mass moment of inertia of the foun-
dation to the mass moment of inertia of the
structure: 0 < J, /(M.(H. + D)) <01,

3. Relative mass density between the struciure and
the soil: 01 < M,/{p,nR*H,) < 0-2, where p, is
the mass density of the soil.

4. Damping ratios for the fixed-base structure and
the soil: . = ¢, = 0-05. which are conventional
values adopted for most buildings and soils.

5. Poisson's ratio for the soil: v, = 1/3 and 0-45.

which are representative values for granular and

cohesive soils, respectively.

Relative depth of the soil layer. H,/R = 4 and 10.

Relative depth of the foundation: D/R =0and 1.

Relative height of the sidewall: £/D = 0 and 1.

Slenderness ratio of the structure: H,./R = 2and 5.

Relative stiffness between the structure and the

soil: 0 < (H.T,)/(H,T,) <2

e

PARAMETRIC ANALYSIS
Influence of the linear and rotary inertia of the foundation

At first. the influence of the mass and mass moment of
inertia of the foundation on the effective period and
damping of the soil-structure system is investigated.
By using a similar interaction model! for structures with
surface foundation on a half-space. Veletsos & Meek'
have found that the structural response is practically
insensitive to variations in these characteristic param-
eters. within the ranges of values of practical interest for
building structures. For structures with embedded foun-
dation in a soil layer, this behavior 1s also confirmed with
the effective periods and dampings shown in Fig. 3 for
mass ratios M /M, = 0 (dashed line). 0-25 (solid line)
and 0-5 (dotted line), and with those shown in Fig. 4 for
mass moment of inertia ratios J./(M.(H,+ D)’) =0
(dashed line). 0-05 (solid line) and 0-1 (dotted line).
Each figure contains boxes for relative depths of
the soil layer H,/R = 4 and 10, inside of which results
for slenderness ratios H,/R =2 (thin outline) and 5
(thick outline) are shown. All other characteristic param-
eters were fixed constant at values of Mg,/(pgrrRzH{.) =
015, v;,=045 D/R=1 and E/D=1. 1t was sei
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Fig. 3. Influence of the linear inertia of the foundation on the effective period and damping of soil-structure systems, varying the mass
ratio as M /M, = 0 (dashed line}. 0-25 (solid line) and 0-5 (dotted line). Boxes correspond to H, /R = 4 and 10. inside of which results
are depicted for H,/R = 2 (thin outline) and § (thick outhne). ¢, = {, = 0-05, v, = 0:45, D/R = | and E/D=1.

M./M, =025 when the mass moment of inertia ratio
was varied, and J,/(M,(H, + D)*) = 0-05 when the mass
ratio was varied. From these results it can be observed
that the influence of the linear and rotary inertia of
" the foundation on the effective system parameters is
insignificant; it tends 1o increase slightly with the relative
stifiness between the structure and soil. For other values
of the characteristic parameters, we have found similar
behavior. Thus. it can be concluded that the usual
assumption of setting M, and J, equal 1o zero may be
permissible in practical applications, for coupled systems

having slenderness ratios in the interval 2 < H,/R < 5
and stifiness ratios (H,T,)/(H,T,) < 2.

Effect of the soil mass density

The eflect of the mass density of the soil on the effective
period and damping of the coupled system is examined
next. Veletsos & Meek' have suggested that a mass
density ratio M,/(p,xR*H,) =015 be a reasonable
average value for buildings with surface foundation on
a half-space. Figure 5 depicts effective periods and
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Fig. 4. Influence of the rotary inertia of the foundation on the effective period and damping of soil-structure systems, varying the

mass moment of inertia ratio as J,/(M,(H, + D)’) = 0 (dashed line). 0-05 (solid line) and 01 (dotted line). Boxes correspond te

H,/R = 4 and 10, mside of which results are depicted for H,/R = 2 (thin outline) and 5 (thick outline); ¢, = ¢, = 0-05, v, = 0-45.
: D/R=1land E/D=1.

dampings for mass density ratios M,/(p, 7R H,) = 0-1
(dashed line), G-15 (solid line} and 0-2 (dotted line). The
boxes appearingin the figure correspond torelative depths
of the soil layer H/R =4 and 10. inside of which
results for slenderness ratios H,/R =2 {thin outline)
and 5 (thick outline) are shown. All other characteristic
parameters were fixed constant at values of M /M, =
0-25. J, /(M (H. + D)?} = 0-05, v, = 0145, D/R = 1 and
E/D = 1. From these results and additional studies for
different values of the characteristic parameters, it is

confirmed that M,/(p,7R*H,) =015 is also a repre-
sentative average value for buildings with embedded
foundation in a soil layer. Nevertheless, it is not possible
to generalize from this typical value, because of the large
influence of the soil mass density on the effective period of
coupled systems having slenderness ratios in the range
2< H. /R <S5, which tends to increase significantly
with the relative stiffness between the structure and
soil; the effective damping is slightly affected only for
H./R = 2 corresponding to short and squat structures.

4
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Influence of the foundation embedment and layer depth

The three most important charactenstic parameters are
H,/R. D/R and E/D. as will be seen in the following
results that were obtained by taking the representative
average values M /M. = 025, J,./(M.(H, + D)) = 005
and M./(p,nR°H,) = 0-15. Effective periods and damp-
ings of coupled systems shown in Figs 6-9 are plotied
as a function of the relative stifiness beiween the struc-
ture and soil. Hence, curves of eflective period and

damping should approach to T, and (.. respectively, as

H,/R=4
20

" the stiffness ratio (H,T,)/(H,T,) tends to zero: this lint

condition corresponds to negligible interaction cffects
As the system period is normalized with respeet to
the fundamental period of the associated fixed-base
structure, curves of effective period really approach to
unity.

Figures 6 and 7 show eflective periods and dampings
of soil-structure systems for i, = 1/3 and relative depths
of the soil layer H,/R = 4 and 10, respectively. Results
are presented in boxes for slenderness ravos of the
structure H,./R = 2 and 5, in rows, and relative heights

H,/R=4

1 'l 1

HCTS/HSTE

B 12
HcTs/HsTe

-Fig. 5. Effect of the soil mass density on the effective period and damping of soil-structure systems. varying the mass density ratio as
M./(p,"R"H,.} = 01 (dashed line), 0 15 {solid line} and 0-2 (dotted line). Boxes correspond to H,/R = 4 and 10, inside of which
results are depicted for H./R = 2 (thin outline) and 5 (thuck outline); {, = {, = 005, v, = 045, D/R=1and E/D = 1.
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Fig. 6. Influence of the foundation embedment on the effective penod and damping of soil-structure systems for a shallow stratum
with H,/R = 4. Boxes correspond to H,/R = 2and 5and £/D = 0 and 1. mside of which results are displayed for relative foundation
depths D/R = 0 (dashed line) and | (solid hne): {, = ¢, = 0-05 and v, = 1/3.

of the sidewall E/D = Oand 1, in columns. The two types’

of curves inside of the boxes correspond to relative
depths of the foundation D/R = 0 (dashed line) and 1
(solid line). The trends and features of the system period
and system damping for surface foundation (D/R = 0)
on a deep stratum (H,/R = 10) are in agreement with the
results of Jennings & Bielak® and Veletsos & Meek' for
surface foundation on a half-space It can be seen that
the system period is smaller when the foundation depth is
larger only for sidewalls in total contact with the
surrounding soil; this eflfect is less pronounced for
H,/R = 2 corresponding to short and squat structures.

For sidewalls in null contact with the surrounding soil,
the system period increases with the foundation depth,
because of the reduction of the footing stifiness; this
effect is less pronounced for H,/R = 5 corresponding to
tall and slender structures. Also, it can be seen that the
system damping increases with the foundation depth
only for sidewalls extending along the entire depth of
embedment. For not existing sidewalls, the effective
damping decreases as the foundation depth increases,
due to the effect of foundation rocking. Tassoulas &
Kausel'? have found that the increase in static stiffness
with increasing the sidewall height is most significant for
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Fig. 7. Influence of the foundation embedment on the effective period and damping of soil-structure systems for a deep stratum with
H, /R = 10. Boxes correspond to H,/R = 2 and 5 and E/D = 0 and 1, inside of which results are disptayed for relative foundation
depths D/R = 0 {dashed line) and 1 (solid line). {, = {; = 0-05 and v, = 1/3.

the rocking mode: in addition. the impedance coefficients
corresponding to translation and rocking vibrations
change considerably for sidewalls extending higher
than about half the depth of embedment. Since a reduc-
tion in the system damping is associated with an incre-
ment of the structural response. overestimating the
degree of contact between the soil and the footing walls
could lead to results on the unsafe side. In general, the
smaller the structure slenderness and the shallower the
soil layer, the more is the influence of the foundation
depth and the sidewall height on the system damping.
Figures 8 and 9 show effective periods and dampings

of soil-structure systems for v, =0-45 and relative
depths of the foundation D/R = 0 and 1, respectively.
Results are presented in similar form 1o that used earlier.
except for the fact that the two types of curves inside of
the boxes correspond to relative depths of the soil layer
H./R =4 (dashed line} and 10 (solid line). It can be
observed that the influence of the stratum depth on the...
system period is practically insignificant, while the”
system damping increases significantly with this charac-
teristic parameter, meaning that the damping capacity of
the foundation for shallow strata is lower than that for
deep strata. The largest influence of the layer depth
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Fig. 8. Influence of the layer depth on the effective period and damping of soil-structure systems for a surface foundation with
D/R = 0. Boxes correspond to H./R = 2and 5and £/D = 0 and |, inside of which results are displayed for relative stratum depths
H,/R = 4 (dashed line) and 10 (solid line); {, = {; = 0-05 and v, = (-45.

on the system damping is for H./R =2, D/R =1 and
E/D = 0. that is, for short and squat structures with
deep foundation without sidewall.

From all these results it is mferred that effective
periods and dampings of structures with embedded
- foundation in a soil layer can be very different from
those corresponding to buildings with surface founda-
tion on a half-space. Similar results are expected for
other values of the critical characteristic parameters
H./R. D/R and E/D, so that the conclusions reached
here about the influence of the foundation embedment
and layer depth may be convincing.

APPROXIMATION TO THE EFFECTIVE SYSTEM
PARAMETERS

Approximate expressions for the overall period, damp-
ing and peak response of coupled systems are very
helpful either to estimate qualitatively the interaction
effects or for preliminary calculations, and even to be
used according to code provisions. On the basis of the
parametric analysis, it is permissible to introduce several
simplifications related to those characteristic parameters
for which the structural response is insensitive to their
variations within the ranges of wvalues of practical
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interest. Thus. in addition to the approximations implici
in the interaction model, it is possible to oblain a simple
solution by neglecting the influence of the mass Af, and
the mass moment of inertia J, of the foundation. as well

as by neglecting the coupled stiffness K

4+ and damping
- C4, of the soil in comparison with the translation and

rocking terms. In these conditions. egn (4) takes the

following reduced form:

K. 0 0 c, 0 0
0 kK, 0|+iwl0 ¢, 0
0 0 K, lo o ¢

M, M(
-’ M.
AH.+D) M.(H +D)
M, (H + D) X,
. M,(H, +D) X,
M.(H,+D?]] | &,
=-X, (7)
M, (H, +D)
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Dividing the two first rows of eqn (7) by w” A, and the
last one by w”M_(H, + D). this equation reduces to

L )
Za+iy-1 2 -1
we .
w2 :
~1 h 4826 - -1
' w*
- -1 Y £ i2C) - |
L w .
X, e
Xl-'
<{ X =-Z£d (8)
=
(H,. + D), 1

in which C:(w) = (w/we)e C;I(w) = (w/w)y )¢, and C:(w) =

(w/w,)¢,. where the natural frequencies wy, and w, corre-

sponding to the translation and rocking of the structure
“assumed rigid. respectively. are defined as

2 Kh
wj = M. 9
W=t (10)
M. (H, + D)

whereas the damping ratios ¢, and (, of the soil,
including both material and geometrical damping. in
the translation and rocking modes of the foundauon,
respectively, are defined as
Cll
2up M,
2w, M.(H, + D)’
Solving the complex system of algebraic equations

given by eqn (8), we find that the structural pseudo-
- acceleration is equal to

Ch = (11)

¢

(12)

) . LWt oWl Hadg + 200 - ¢
Lu'f,\‘, = —A’g(l +!'2C(’FL:J;§_% CCII_L‘:C'EC Ch)
3 h ¥ I

(13)

o 1440¢ +i2(¢ =)\
w? 1+ 4¢F

Now, assuming that the replacement oscitlator with rigid
base, whose natural frequency and damping ratio are
respectively w, and (.. is subjected to the same harmonic
suppert excitation of the coupled svstem. the structural
pseudo-acceleration in the steady-state is given by
(Clough & Penzien'?)

5 -1
01X, = X, (1 - :— +i2¢, :‘:’-) (14)
Considering that the structure mass is the same in both
the soii—structure system and the replacement oscillator.
the effective frequency and damping of the coupled
system can be obtained by equating the real and imagi-
nary parts of eqn (13) with those of eqn (14) for the

resonance condition w = w,.. Doing this, the following
expressions are found:

] ] 1 1+4C¢, 1 1+4Q0G

(15)

@owi o owp 1 +4¢G w4

D G- 8 (-G

C(' = Cr + s ! C,'- 3 i} (16)
wp T44¢;  wr 1 +40;

It is worth pointing out that for consistency (.. ¢ and (.
as well as wy, and ., have 1o be evaluated at w = &,.. As
&, is not known a priori. an iterative process starting at
w = w, is required for calculating the system frequency.
The fact that &, and (. are evaluated at resonance and
then used over the whole range of frequencies 15 because
a satisfactory agreement between the frequency response
of the soil-structure sysiem and that of the replacement
oscillator is obtained over a wide interval of frequencies
on both sides of the resonant frequency (Veletsos &
Meek'). excepl for very squat structures and too sofl
soils; in this case, the transfer function of the coupled
system cannot be fitted anymore with that of a single
fixed-base oscillator (Avilés & Pércz-Rocha'). Also. it
may be noted that this analogy amounts to equating the
resonant values of w X, and &= X.. which imphes that
the maximum structural deformations of both the inter-
acting system and the replacement oscillator are related
by the expression X,™ = (&7 /w; )V,™ .

Comparison with solutions by other authors

Several authors (Bielak.” Jennings & Bielak.® Luco.**
Luco er al..® Wolf’) have derived approximate expres-
sions for the system frequency and system damping.
which are analogous to the ones presented herein. How-
ever. even though our results are very similar to their
analytical expressions. some slight differences exist that
would be necessary to point out and discuss.

First of all, such solutions were obtained by intro-
ducing two additional simplifving assumptions, which
consist in neglecting the foundation depth and terms
involving squares or products of the damping coeffi-
cients. Also, in some cases (Luco*® Luco er al.
Wolf’) the imaginary parts of the impedance functions
of the soil were decomposed into two components, one of
them expressing the hysteretic material damping and the
other representing the viscous geometrical damping.

For a soil without material damping, the complex
frequency-dependent impedance function for any
vibration mode of the foundation can be written as

K, =K, +iwC,; (17)
The material damping may be approximately introduced
by multiplying the stiffness K, dependent on the fre-
quency with the complex factor (1 +i2(,), where ¢,
expresses the hysteretic damping ratio. This substitution
leads to

J('m = Km(l + iz(dﬂ + Cc)):

m=hr

nr=hr

(18)
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where (, = wC, /(2K,) represents the ratio of the
viscous radiation damping. ‘This result indicates that
total damping coeflicients can be obtained as the direct
addition ‘of both material and geometrical damping.

Now, replacing ¢, by ¢}, + ¢, and ¢, by { + (.. neglect-
ing products of ¢, . ¢ and (,, and finally substituting
G = (@o/we)es Ch = (O /wn)Cs and § = (@, /w, ). eqns
{15) and (16) are reduced as follows:

1 ] 1 1
AT 3 7+ — (lg)
o W W W
e el & &
Ce=Cr"T+Ch_3+Cr_3+C\' l—"_g (20)
(3 wh L“"r wr

These approximations for the system frequency and
system damping are identical to the expressions reported
by Luco*’ and Luco et al® for the case of surface
foundation. For consistency, egns (19) and (20) should
be evaluated by considering D = 0 in eqns (10) and (12).
and by using C,, and C, appearing in eqns (11) and (12),
respectively, obtained from a purely elastic soil. Such
approximations can also be shown to be similar to the
expressions presented by Wolf,” except for the first term
of {, corresponding to the structural damping which, for
having been considered of hysteretic type (frequency
independent), led to an exponent of only two instead
of three as in the present analysis. Also, except_for
differences in notation. these results are identical to
those reported by Bielak'® and Jennings & Bielak.?
who dealt jointly with the material and geometrical
dampings as in the present study.

Approximations to the system period and system
damping compared with the numerical solution are
shown in Figs 10 and 1l for relative depths of the
foundation D/R=1{ and 1, respectively. Effective
periods and dampings are depicted in boxes for slender-
ness ratios of the structure H./R =2 and 5. Extreme
cases of foundation embedment and building slenderness
are considered to emphasize the differences among
solutions. The rest of the characteristic parameters
were fixed constani at values of M, /(p, 7R H,) = 015,
v, =045, H /R = 10 and E/D = 1; similar behavior 15
observed for other values of these characteristic param-
-eters. For consistency, the numerical solution was
computed by taking the linear and rotary inertia of the
foundation equal to zero, but the influence of the coupled
impedance functions was included.

The curves marked with the solid line and the different
segmented lines correspond to the numerical solution
and the different approximations, respectively. As
expected, for surface foundations {D/R =0) Luco’s
solution is in good agreement with the numencal results
from a practical point of view; the accuracy in the period
is better than that in the damping. Wolf's solution
cannot reproduce the reduction in the structural damp-
ing with respect to the fixed-base condition that arises in

tall and slender structures (H,./R = 5). This is becaus~
the structural damping assumed in its solution .
hysteretic rather than viscous. Although the present
solution is a little more involved than the other approxi-
mations. it is in general of higher accuracy than them.
particularly for embedded foundations and when the
relative stiffness between the structure and soil increases.
Differences among solutions come mainly from the fact
that the foundation depth should be considered not only
in calculating the foundation stiffnesses. but also in
deriving the effective system parameters as in the present
approximation. Such differences enlarge as the relative
stiffness between the structure and soil increases. being
most pronounced in the system damping of short
and squat structures (H,./R = 2). Introducing damping
terms of second order seems to be not relevant for
slenderness ratios H,/R > 2 and stiffness ratios (H,T,)/
(H,T,) < 2. which correspend to coupled systems with
low to moderate damping.

Even though the present solution proves to be more
precise than the other approximations, it is not recom-
mended for coupled systems with high damping. In this
case. the numerical solution should be preferred because
it represents a simple and more accurate approach. which
also accounts for the influence of the coupled impedance
functions. For practical purposes. the relative impor-
tance of the coupling mode can be very significant fo,
short and squat structures with deep foundation in total
contact with the surrounding soil.

CONCLUSIONS —

The effects of the foundation embedment and layver depth
on the effective period and damping of structures inter-
acting with the soil have been evaluated. by applying a
numerical solution for a kind of soil-structure system
that is commonly used in seismic codes. The interaction
model takes into account the foundation depth. the
degree of contact between the soil and the foundation
walils, and the depth of the soil layer. for a cylindrical
foundation embedded in a homogeneous stratum with
rigid base. The soil is replaced with appropriate

impedance functions, so that linear springs and viscous -

dashpots dependent on the excitation frequency are used.
Extreme cases of foundation embedment and layer depth

were studied to emphasize the interaction effects. Alse—

the sidewall height was considered variable. the extremne
cases being the one of not existing sidewall and that of
sidewall extending along the entire foundation depth.
Results show that the influence of the linear and rotary
inertia of the foundation on the effective period an
damping of coupled systems is insignificant, as has
been shown by other authors for the case of surface
foundations on a half-space. I1 is concluded that the usual
assumption of neglecting these characteristic parameters
may be permissible in deriving single approximations
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Fig. 10. Comparison of the present solution with other exact and approximate results. Effective periods and dampings of soil-
structure systems for a surface foundation with D/ R = 0 are shown inside of boxes corresponding to H,/R = 2and §; ¢ = ¢ =005,
: v, =045 H,/R=10and £/D = 1.

for the effective system parameters, which are widely
used in practical applications. Also, it is found that
generalizing from representative average values of the
soil mass density is not possible, because of its large
influence on the system period; the system damping
is little sensitive to variations of this characteristic
parameter.

" It is confirmed that the system period decreases and
the system damping increases with the foundation
embedment only for footings with sidewall in total
contact with the surrounding soil. Results show that
the effective system parameters for footings without

sidewall or with sidewall in null contact with- the
surrounding soil behave opposite to thosetorresponding
to the interface condition of tolal contact. The system
damping is most affected by the degree of contact
between the soil and the footing walls. In generai, the
smaller the structure slenderness and the shallower the
soil layer, the more is the influence of the foundation
depth and the sidewall height on the system damping.

Also, it is found that the influence of the layer depth on -

the system period is practically insignificant, whereas
the system damping increases significantly with this

characteristic parameter, meaning that the damping’
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capacity of the foundation for shallow strata is lower
than that for deep strata. The largest influence of the
stratum depth on the sysiem damping is for short and
squat structures with deep foundation without sidewall.

Introducing permissible simplifications, an approxi-
mate solution for the effective period and damping of

coupled systems was obtained, which is in general of .

higher accuracy than other approximations reported by
several authors. This is particularly important for
embedded footings, because the foundation depth repre-
senting a key interaction parameter is explicitly con-
sidered. It is also important for coupled systems where

the contribution of both structural and foundation
damping is relatively Migh, since damping factors of
second order are taken into account.

Finally, the influence of the foundation embedment
and layer depth on the system period and system damp-
ing was evaluated by considering only the inertial inter-
action effects, since a harmonic motion with constan:
amplitude was used as support excitation, It would be
worth improving the interaction model by accounting for
the kinematic interaction effects,-due 10 the differences
between the foundation input motion and the surface

free-field motion.
7
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ENCAMISADO DE COLUMNAS DE CONCRETQ' |

1. TIPOS DE ENCAMISADO
1a) Con concreto armado

Consiste en cubrir ¢ forrar todo el fuste de la columna existente. con
concreto de igual 6 mayor resistencia, armado con varillas
longitudinales y transversales. (Figura 1)

1b) Con acero laminado

Consiste en cubrir o fdrrar, todo el fuste de la columna existente. con
placas de acero laminado, dobladas y/0 soldadas, o bien una
combinacion de angulos y placas soldadas entre si. (Figura 2)

El espacio que se forma entre la superficie exterior dé la columna
existente y las piezas de acero laminado, debe ser rellenado con
concreto 6 mortero de cemento-arena.

1c) Con una combinacion de acero laminado y concreto

Consiste en cubrir o forrar todo el fuste de la columna existente, con
perfiles metalicos laminados que solo ocupan parte de la nueva
seccion transversal, complementada con concreto armado, que a su
. vez, sirve de empaque y contacto entre el concreto existente y las
nuevas piezas metalicas. (Figura 3).

1d) Con alambre o bandas envolventes

Consiste en colocar manual o mecanicamente, alambres, varillas, ¢
placas flexibles, al rededor de la seccion transversal existente. Estos
nuevos elementos pueden ser adheridos o solo ajustados por tension
durante su colocacion, generalmente en forma continua a modo de
espiral o zuncho perimetral.

Ing. Oscar de la Torre Rangel



2. MOTIVOS PARA ENCAMISAR

2a) Para asegurar un confinamiento transversal del concreto existente,
por defecto de estribos. '

2b) Para incrementar la Ductilidad de la columna, especialmente en su
zona de junta o conexion con otras piezas de la estructura. (Figura 4).

2¢) Para incorporar mayor acero de refuerzo longitudinal y aumentar
el area de la seccion transversal.

2d) Como elemento de reparacion local, por falla de la columna
existente. '

2¢) Para facilitar la conexion con elementos del refuerzo de trabes del
marco o estructura comun.

3. AJUSTE ENTRE CAMISA Y COLUMNA
3a) Preparacion de la superficie existente

Ha quedado demostrado en diferentes - paises, y con varias
investigaciones, que solo basta una accion de "picado ligero” o
eliminacion de la superficie lisa del concreto existente, provocando
una rugosidad sensible al tacto, para garantizar la union entre el
concreto viejo y el mortero-o concreto nuevo.

No existe especificacion del grado de rugosidad, aunque las
referencias escritas y verbales sefialan profundidad del picado, del
orden de 1 mm a 2 mm, a modo de "martelinado ligero", vy
adicionalmente una limpieza y eliminacion de polvo, pintura, y
material suelto.

Ing. Oscar de la Torre Rangel



No es necesaria la aplicacion de liquido o material adherente. pero s
es recomendable el humedecimiento de la superficie -del concreto
existente, para evitar que este, le quite agua a la nueva mezcla.

3b) Colado del concreto para la camisa

El concreto que rodeard la seccion transversal existente, debe colarse
de preferencia en tramos no mayores de 2 mts de altura, a traves de
"ventanas" de colado, en la cimbra, o en la estructura existente. En
esta accion de colado, debera asegurarse que no guede aire atrapado.
vibrando interna y externamente, golpeando la cimbra o forro
metalico, y formando orificios de control, que permitan salida del aire
y sirvan como testigos del llenado total.

El uso de aditivos fluidizantes ¢ expansivos no es indispensable ly
debe decidirlo el constructor dependiendo de su cimbrado, facilidad
de colado y fluidez de su mezcla.

3c¢) Mezclas y morteros para "empaque" y "ajuste"

Las camisas metalicas que ocupan parte de la ‘nueva seccion
transversal, como pueden ser angulos laminados en las esquinas de
secciones existentes, y que no dejan espacio suficiente para colado de
concreto nuevo, requieren la colocacion de mezclas de cemento-
arena, generalmente con aditivos fluidizantes, que garanticen el
ajuste 0 empaque. '

La colocacion de esta mezcla fluida es laboriosa, requiere de personal
capacitado, con pruebas previas en la propia obra, y colocacion
previa de material de "calafateo” en los bordes del perfil metalico,
que evite la pérdida de {a mezcla antes de su fraguado.

Ing. Oscar de la Torre Rangel



4. CRITERIOS PARA ANALISIS Y DISENO
- 4a) Anadalisis

Si el nuevo concreto, las nuevas piezas de acero laminado, asi como
el nuevo acero de refuerzo, se logran incorporar en toda la longitud
del fuste de la columna existente, se tendra un nuevo elemento con
seccidn transversal ampliada. '

_ Al presentarse acciones sismicas, se induciran flexiones y cargas
axiales, que las resistira la seccion nueva, modificada. con toda su
inercia actuando, para efecto de rigidez del marco al que pertenece.

Las deformaciones axiales, y las consecuencias de desplomes y
excentricidades que tenga la columna existente, se veran reducidas ¢
anuladas por la presencia del encamisado, al actuar cargas vivas y
cargas sismicas.

4b) Disefio

Un criterio de disefio consiste en ignorar el acero de refuerzo de la
columna existente, para las nuevas acciones sismicas, aceptando
valor de f'c del nuevo concreto, para toda la seccion.

Dentro de este criterio, resulta conservador suponer que la carga axial
permanente, ha sido tomada por la seccion existente, durante su vida
util, provocando los esfuerzos y deformaciones correspondientes, por
lo que no debera sumarse a los elementos mecéanicos debidos a
sismo, a menos que la columna existente hubiera sido dafiada.

5. NECESIDAD DE INVESTIGACION Y NORMATIVIDAD

Ing. Oscar de la Torre Rangel



{lgual a ia del dngulo. para evaluar
} As capacidad de la columna a
< . Equivalente flexocompresion).

r
'
i
1
1

-

\— Placas—celosia para confinar ei
concreto v evitar el pandeo dei
anguio en la esquina.

(Ver figuras (5) v (6)

ESPECIFICACIONES (AISC)
A.Las especificaciones LRFD (AISC) no pioporcionan requisitos
detaliados para la separacion entre barras de refuerzo, por lo que es

consejable referirse a las recomendaciones del ACI.

B. Para que se puedan usar las especificaciones LRFD, p= 4%.

Ing. Oscar de la Torre Rangel



C. Si se usa perfil de acero ahogado en concreto, deberan usarse varillas
longitudinales, continuas a través de los pisos.

foa

F

___l.l

|

_*_ S = Sep de estribos = %b min
il,, as (estribos) = 0.0452[ ,S ]
It ~ T\
.{_

=

3 8cm
Recubrimiento minimo

D. f'c = 200 kg/cm? (concreto normal)
f'c = 300 kg/cm? (concreto ligero)

E. fy < 4000 kg/cm? (para el.écero corrugado - varilias)

£<0.0018 (para asegurar que no hay desconchamientos en el

concreto).

Ing: Oscar de la Torre Rangel



-ii_ ,//\‘ Para evitar pandeo antes de fluir.
- B )
+ 1 : Para acero (A36) oy = 2530
t ver tabla sigutente
t=b & t=>D \(ﬁ
3E BE
t = b (0.02) t =D (0.0123)
t min (cm)
(b) 6 (D) b—, : b D4
| cm b 1 i @
J &
10 cm .20 ¢m ().l?.vcrn
20cm 0.40 cm 0.25¢cm
25cm 0.50 crﬁ (.30 ¢cm
30cm 0.60 cm (1/4)" 034 cm
40 cm 0.80 cm (5/16)" 0.49 cm
50 cm 10cm (3/8)" 0.61 cm { '/4"}
60 cm 1.20 cm (/)" () 74 cm

Cuando Ia columna compuesta tiene mas de un perfil de acero,
estos deben de conectarse con barras o placas de unién, para evitar
el pandeo de los perfiles individuales antes de que el concreto
endurezca. Después de que el concreto ha endurecido, se supone
que todas las partes de la columna, trabajan como una unidad para

resistir la carga.
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EFECTOS DE SITIO E INTERACCION SUELO-ESTRUCTURA
PARA FINES DE REGLAMENTACION SISMICA

J. Avilés! y L. E. Pérez-Rocha?

Mnstituto de Investuigaciones Eléctricas, Apdo. 1-475, Cuernavaca 62001, México
2Centro de Investigacion Sismica, FJBS, Carretera al Ajusco 203, Héroes de
Padierna 14200, México

RESUMEN

Se presenta una revision de los critenios adoptados en reglamentos sismicos para
considerar los efectos de sitio e interaccidn suelo-estructura. Se hace referencia a los
dos codigos sismiicos mas importantes del pais: las Normas Técnicas
Complementarias para Disefio por Sismo del Reglamento de Construcciones del
Distrito Federal (NTCDS-DF) y el Manual de Disefio por Sismo de la Comision
Federal de Electricidad (MDS-CFE). Este Gitimo no tiene el caracter de reglamento,
pero en la practica funciona como una guia normativa de gran utilidad, no solo para
la determinacion de niesgo sismico en el territorio nacional, sino también para la
definicion de criterios de disefio sismico para estructuras convencionales e
industriales. Asimismo, se comentan los modelos simplificados en que se han basado
los estudios que han llevado a la estipulacion de tales criterios. No todos los efectos
de sitio e interaccidn suelo-estructura se consideran explicitamente en las
recomendaciones sismicas vigentes. Los efectos ignorados se discuten aunque sea ‘de
forma somera, a fin de que en la prictica se tengan presentes las limitaciones
reglamentarias que derivan del estado actual del conocimiento.

INTRODUCCION

El problema de las condiciones de sitio y la interaccion dinamica entre el suelo y la
estructura ha adquirido relevancia en los ultimos afios como resultado,
principalmente, de los efectos producidos en las estructuras de la ciudad de México
por los sismos de septiembre de 1985. Con base en la importancia de los fendmenos
observados, se decidio entonces que los efectos de sitio e interaccion suelo-
estructura mas importantes se tengan en cuenta explicitamente en el disefio sismico
de estructuras desplantadas en siios de suelo blando (Rosenblueth y Reséndiz,
1988; Rosenblueth y Gomez, 1991).

Debido a efectos locales, en formaciones de suelo blando las ondas sismicas sufren
importantes modificaciones con respecto a sus caracteristicas 2n sitios de terreno
firme (Sanchez-Sesma, 1987). Las interfases entre estratos y las fronteras laterales
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producen un fenémeno de difraccion multiple que genera ampiificaciones y
atenuaciones en el movimiento del suelo. La importancia practica de los efectos de
sitio radica en que de ellos depende la caracterizacion del terreno de cimentacion
para fines de microzonificacion sismica, la cual es fundamental en la reglamentacion
sismica.

La presencia de irregularidades laterales puede tener efectos muy significativos en la
respuesta del sitio. Sin embargo, es comin que las estimaciones de los efectos de
sitio se basen en resultados obtenidos de modelos unidimensionales que no toman en
cuenta la influencia de estas irregulandades. Aunque se sabe que los efectos de
irregularidades laterales crecen con la cercania del sitio a los bordes y decrecen con
el amortiguamiento material del suelo, ain no existen criterios practicos para estimar
estos efectos en la respuesta del sitio.

Las NTCDS-DF y el MDS-CFE consideran los efectos de sitio por la via de la
microzonificacion sismica y el espectro de disefio. Para la clasificacion del terreno
de cimentacion ante la ausencia de una microrregionalizacion, en el MDS-CFE se
recurre al uso de una carta de microzonificacion en funcion del penodo dominante y
la velocidad efectiva del sitio. La dependencia de las ordenadas espectrales maximas
en cada sitio con su periodo de vibracion mas largo sélo se considera en las NTCDS-
DF, gracias a la valiosa informacion recabada a través del monitoreo sismico de la
ciudad de Mexico.

La interaccion dinamica suelo-estructura consiste en un conjunto de efectos
cinematicos e inerciales producidos en la estructura y el suelo como resultado de la
flexibilidad de éste ante solicitaciones dinamicas. La interaccion modifica
esencialmente los parametros dindmicos de la estructura asi como las caracteristicas
del movimiento del terreno en la vecindad de la cimentacion.

El problema de interaccion suelo-estructura se puede descomponer en una parte
inercial y otra cinematica (Kausel y col, 1978). El alargamiento del periodo
fundamental de vibracién, =! incremento-o la reduccion del amortiguamiento y la
modificacién de la ductilidad de la estructura, con respecto a los valores que tendria
en su condicion de base rigida, son producidos por la interaccion inercial. debido
fundamentalmente a la inercia y elasticidad del sistema acoplado. Por su parte, la
interaccion cinematica reduce la traslacion de la cimentacion e induce torsion y
~cabeceo en ella, a la vez que filtra los componentes de alta frecuencia de la

excitacion, debido esencialmente a la rigidez y geometria de la cimentacion.

Usualmente, es conservador efectuar sélo el analisis de interaccién inercial, siempre
y cuando los efectos de sitio sean considerados en la determinacion del movimiento
sismico en la superficie del terreno, el cual se toma como la excitacion efectiva en la
base de la cimentacion. Aunque esta excitacion no tiene componentes de rotacidn,
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generalmente es mas desfavorable que el movimiento efectivo que se obtiene de un
andlisis de interaccion cinematica.

Como se sabe, el periodo fundamental de la estructura interactuando con el suelo
siempre se incrementa, porque el sistema acoplado tiene una flexibilidad mayor que
la de la estructura supuesta con base rigida (Jennings y Bielak, 1973; Veletsos y
Meek, 1974). También se sabe que el amortiguamiento del sistema acoplado
generalmente se incrementa, porque existe una disipacion adicional de energia
producto de los amortiguamientos material (comportamiento histerético) y
geométrico (radiacion de ondas) del suelo (Jennings y Bielak, 1973; Veletsos y
Meek, '1974). Como la interaccion suelo-estructura reduce la efectividad del
amortiguamiento estructural, es posible que el amortiguamiento efectivo del sistema
acoplado sea menor que el amortiguamiento de la estructura con base rigida, a
menos que esta reduccion sea compensada por el incremento debido al
amortiguamiento del suelo. ‘

Aun no se han desarroliado expresiones para evaluar el incremento o la reduccion en
las demandas de ductilidad de sistemas suelo-estructura con respecto a los valores
correspondientes de la estructura supuesta con base rigida. En consecuencia,
actualmente no es posible determinar sencillamente la resistencia de fluencia de un
sisterna acoplado que, ante una excitacion dada, se requiere para limitar la demanda
de ductilidad a una ductihidad disponible especificada. Solamente se ha sugerido que .
la ductilidad del sistema acoplado se reduce, segin se infiere del comportamiento de
una estructura de un’grado de libertad con comportamiento elastoplastico, cuya
- ductilidad es funcion decreciente del alargamiento-del periodo por interaccion
(Rosenblueth.y Reséndiz, 1988).

Las modificaciones por interaccién del periodo fundamental, el amortiguamiento y
la ductilidad pueden conducir a respuestas estructurales mayores © menores,
dependiendo de la posicidn de los periodos resonantes del espectro de respuesta y
los niveles de amortignamiento y ductilidad. Usualmente, los criterios de disefio
adoptados en coédigos sismicos consideran los efectos de interaccidon solo en el
periodo y amortiguamiento. A pesar de que se pueden introducir errores del lado- de
la inseguridad, los efectos de interaccion en la ductilidad suelen despreciarse puesto
que no se conocen con certidumbre las implicaciones que tienen en la respuesta
estructural.

Las recomendaciones sismicas actuales para tener en cuenta los efectos de
interaccion son todavia muy limitadas. En las NTCDS-DF se considera la influencia
de la interaccion inercial solo en el periodo fundamental, mientras que en e} MDS-
CFE se hace tanto en el periodo como en el amortiguamiento del modo fundamental.
Sin embargo, en ninguna de las dos normas se especifican criterios para incluir los



e

efectos inerciales en la ductilidad estructural, ni para introducir la influencia de la
interaccion cinematica en el movimiento de Ia cimentacion.

MODELO PARA EFECTOS DE SITIO E INTERACCION

‘En la respuesta sismica de estructuras intervienen varios factores que tienen que ver
con la fuente, el trayecto, el sitio y la estructura misma. Con objeto de simplificar el
calculo de dicha respuesta se acostumbra adoptar como excitacion de disefio un
temblor caracteristico definido en condiciones de terreno firme, de suerte que los
efectos de fuente y trayecto se consideren implicitamente. De esta forma solo faltaria
tomar en cuenta los efectos' de sitio e interaccion suelo-estructura en la
determinacion de la respuesta estructural. Para llevar a cabo esto wlltimo se utiliza un
modelo simplificado como el que se muestra en la fig 1 (Rosenblueth y Reséndiz,
1988), formado por un estrato equivalente y un oscilador elemental -en
representacion del subsuelo del sitio y el modo fundamental de la estructura,
respectivamente.
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~Figura 1. Modelo para considerar efectos de sitio e interaccion suelo-estructura.

En este modelo los grados de libertad del conjunto son la deformacion de la
estructura, X,, €l desplazamiento relativo de la cimentacion, X_, y la rotacion del
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cimiento, ®_. Ademas, D es la profundidad de desplante de la cimentacion, 7. y ¢,
son el periodo y la relacion de amortiguamiento del modo fundamental de la
estructura supuesta con base indeformable, respectivamente, mientras que M, v H,
son la masa y altura efectivas de la estructura con base rigida vibrando en su modo
fundamental, respectivamente, las cuales se definen como (Jennings y Bielak. 1973):

5
M, :W ' M

S mx,h, -

) A r— )

donde x, es el desplazamiento modal del n-ésimo mivel localizado a la altura 4,
sobre el desplante y m_ es la masa de dicho nivel; las sumatonas se extienden sobre
todos los pisos. Asimismo, 7, y B, son el periodo dominante de vibracion y la
velocidad efectiva de propagacion del sitio, respectivamente, los cuales se relacionan
con la profundidad H, del estrato de suelo mediante (Newmark y Rosenblueth,
1971)

4H
I, =—= 3
= 3)

La velocidad—efectiva del sitio puede aproximarse mediante el promedio de las
lentitudes del perfil estratigrafico, de acuerdo con

p=—" @

donde £, y h, son la velocidad de cortante y el espesor del n-ésimo estrato; la
sumatoria se extiende sobre todos los estratos.

REPRESENTACION DE EFECTOS DE SITIO

A nivel de reglamento de construcciones los efectos de sitio se tienen en cuenta
mediante la microzonificacion sismica y el espectro de disefio. La microzonificacion
consiste grosso modo en agrupar los suelos en funcion de los valores esperados de
ordenadas espectrales maximas y en asignar a cada grupo su espectro de disefio. La



respuesta espectral de sitio depende de varios factores que caracterizan la geologia
superficial del lugar. Sin embargo, para fines practicos puede suponerse que dicha
respuesta se relaciona sdlo con dos parametros que conservan las caracteristicas mas
relevantes de la formacion de suelo, como son el periodo dominante de vibracion y
1a velocidad efectiva de propagacion del sitio. En lo que sigue se examina el criterio
especificado en las NTCDS-DF para considerar el periodo dominante del sito en la
determinacion del espectro de disefio.

Contornos de Respuesta Espectral

En las NTCDS-DF se pretende reconocer la dependencia de los espectros de
respuesta con respecto al periodo dominante del sitio. Para ilustrar esto es
conveniente representar los efectos de sitio mediante curvas de 1soaceleracion
espectral referidas a dos ejes ortogonales correspondientes a los periodos naturales
de vibracion de la estructura y el sitio. A estas curvas de respuestas maximas de un
oscilador elemental sobre un manto simple, en funcién del periodo natural de la
estructura y el periodo dominante del sitio, se les ha definido como contormmos de
respuesta espectral. El procedimiento de calculo para la determinacion de estos
contornos se lleva a cabo como se indica a continuacion.

Excitacion.- Se postula como movimiento de control un temblor caracteristico
especificado en el afloramiento de la roca basal, para el que se calcula su espectro de
aceleraciones de Fourier dado por (Clough y Penzien, 1975)

FAw)=[_ X (e dr - )

donde JX, representa el movimiento de control y @ expresa la frecuencia de
excitacion. '

Sitio - Se obtiene la funcion de trasferencia del estrato equivalente ante la incidencia
vertical de ondas de cortante, mediante (Newmark y Rosenblueth, 1971)

1

Qu(@)= cos(k,H,)+ipsen(k H) ©)

en donde

2L, Y

p =
Pob,



es la'relacion de impedancias entre el estrato y la roca basal y &, = w/f, es el numero
de onda de cortante del estrato; p,, y B,, son la densidad y velocidad de corte del
suelo, respectivamente, ya sea del estrato (subindice s) o la roca basal (subindice
0). La base del estrato se considera flexible para tener en cuenta la presencia del
amortiguamiento geométrico, producto de la irradiacion de ondas hacia la roca basal.
el amortiguamiento material de tipo histerético se introduce reemplazando S, por

B,,(1+il,,), siendo ¢, el amortiguamiento del suelo.

Estructura - Se determina la funcion de trasferencia del oscilador elemental sujeto a
excitacion en su base, como (Clough y Penzien, 1975)

Q.(w)=[-z-z——1—f2é f—) (®)

€ [

donde w, = 27/T, es la frecuencia natural de la estructura.

Contornos de respuesta.- Conocidos el espectro de aceleraciones de Fourier de la
excitacion asi como las funciones de trasferencia del sitio y la estructura. se obtiene
el espectro de amplitudes de Fourer de la respuesta estructural, por medio de

0. ()

F.(w)|=|F.()| 0.(w) | 9
Con base en este espectro y la duracion del movimiento en el sitio de interés,
estimada como

D,=p,+22L% (10)

3 o

3

donde. D, es la duracién del movimiento en roca basal, se calculan los valores
esperados de las respuestas maximas mediante la teoria de vibraciones casuales
(Boore, 1983; Boore y Joyner, 1984), para cualquier configuracion de sitio y
estructura definida por los periodos naturales de vibracién 7, y 7,. Las aceleraciones
espectrales obtenidas de esta manera representan las cotas de los contornos de
respuesta.

Es conocido .que los periodos dominantes en sitios del valle de México alcanzan
valores hasta de cinco segundos. Similarmente, las estructuras ahi desplantadas
pueden llegar a tener periodos fundamentales del mismo orden. Esta situacion
sugiere que los analisis de la respuesta sismica espectral cubran el intervalo de
periodos de vibracion, tanto de la estructura como del sitio, comprendido entre 0 y
5s. Para propositos de céalculo se adoptaron los valores convencionales p=0.1,



£,=003, {,=¢, =005y v,=05. Asimismo, la excitacion considerada en terreno
firme corresponde al componente EW del temblor del 19 de septiembre de 1985
(19/1X/85) registrado en la estacion CU, cuya duracion estimada de la etapa 1ntensa

TN

(.

3 4 5

Te (s)

Figura 2. Contormos de respuesta espectral para €] temblor del 19 de septiembre de
‘ 1985. :

En la fig 2 se ilustra la forma tipica de los contornos de respuesta espectral. En ellos
se observa que las respuestas resonantes asociadas al modo fundamental del sitio se
. registran a lo largo de una linea imaginaria con pendiente uno, es decir, cuando el
periodo natural de la estructura coincide con el periodo dominante del sitio; las
respuestas resonantes asociadas a modos superiores del sitio se registran sobre rectas
con pendientes tres y cinco. Los contornos espectrales revelan el escenario general
de la respuesta sismica espectral y son de gran utilidad para identificar los sitios
donde se presentarian las mayores respuestas espectrales ante un temblor
caracteristico postulado en terreno firme; en este caso, tales sitios resultan ser los
que tienen periodos dominantes de 7, =2 s. S1 se realizan cortes en 7, =0.55,2y3.5s
pueden inferirse los espectros de respuesta que se esperarian en los sitios VIV, SCT



.25

Sa/g

20

So/q

VIV

So/q

1 -l —
3.5 4.0

Figura 3. Espectros de respuesta obtenidos de los contornos espectrales (linea
continua) y calculados in situ (linea punteada) para los sitios VIV, SCT y

CAOQO.
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y CAOQ, respectivamente, los cuales son una buena aproximacion de aquéllos que se
obtienen con las excitaciones registradas en esas estaciones, como se muestra en la
fig 3. A partir de los contornos de respuesta se puede-deducir la forma en que varian
las ordenadas espectrales méaximas con e} periodo dominante del sitio; en la fig 4 se
exhibe la curva que se obtiene al hacer un corte a lo largo de la recta con pendiente
uno en el plano de periodos sitio-estructura.

1.2

1.0F

Sa/g
[8)]
i

.O”’ . 1 | ] |
0 1 2 3 4 5

Figura 4. Vanacion de las ordenadas espectrales méaximas con el periodo
dominante del sitio.

Espectros de Diseiio

Es la primera vez que en los reglamentos mexicanos se considera la reduccion de las
ordenadas espectrales de disefio en funcion del periodo dominante del sitio. La
variacion de las maximas ordenadas espectrales en cada sitio con su periodo de
vibracién mas largo presenta reducciones significativas para periodos cortos y largos
con respecto al periodo caracteristico de 7, =2s. Por su caracter innovador, las
disposiciones reglamentanas correspondientes se basaron en modelos simplificados
que condujeron a recomendaciones particularmente sencillas,- las cuales son
aplicables solamente a las zonas Il y IIL ‘

Las NTCDS-DF especifican espectros de disefio para cada una de las zonas
geotécnicas en que se divide el valle de México. En la tabla 1 se indican los
parametros que se requieren para la construccion de dichos espectros. Las ordenadas

T,(s) T T T T T T T T e
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espectrales de aceleracion, como fraccion de la gravedad, se obtienen usando las
siguientes relaciones: -

1437 /T
a=———=—"2¢

. s T(T | 11

4 2 Sl !< a ( )
a=c; s T(T(T, (12)
a=[%) ¢ siTOHT, ‘ (13)

donde 7, es el periodo natural de vibracion de. la estructura, ¢ es el coeficiente
sismico, 7, y 7, son los periodos caracteristicos que delimitan la meseta del espectro
de disefio y r es el exponente que asigna la forma en que decrece su parte curva.

Tabla 1. Parametros del espectro de disefio para estructuras del grupo B

Zona T (s) T, (5) 7 <
1 0.2 0.6 /2 0.16
H 0.3 1.5 /3 0.32
111 0.6 39 1 0.40

Si se conoce el periodo de vibracion mas largo del sitio, el valor del cocficiente
sismico puede ser menor que el que se requeriria de no aplicarse el Apéndice A4 de
las NTCDS-DF. La reduccion estipulada para el coeficiente sismico en funcidn del
. periodo dominante del sitio esta dada por

T (14)

Esta expresion es de caracter empirico; para su calibracion se utilizo el espectro de
respuesta en el sitio SCT para el temblor del 19/1X/85. Con ella no se obtienen
reducciones del coeficiente sismico para 7, =25, ya que en esos sitios es donde se
han registrado las maximas aceleraciones producidas por un sismo. La variacién del
coeficiente sismico con el periodo dominante del sitio se muestra en la fig 5. Con
lineas discontinuas verticales se marcan las fronteras entre zonas geotécnicas como
si correspondieran a 7, = 0.5y 1 s para las zonas I-Il y II-III, respectivamente, lo cual
es cierto de forma muy aproximada. A la vez, con lineas discontinuas horizontales se
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Figura 5. Variacion del coeficiente sismico con el periodo dominante del sitio,
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Figura6.  Espectros de amplitudes de Fourier de aceleracion para los eventos
seleccionados como sismos de disefio; Guerrero(—), Normal, Acambay y Local(---)
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marcan los valores del coeficiente sismico para cada zona geotécnica cuando se
ignora la dependencia con el periodo del sitio.

Para la determinacion de los espectros de disefio que se estipulan en las NTCDS-DF
se utilizaron los espectros de amplitudes de Fourier de aceleracion que se muestran
en la fig 6, ellos corresponden a los cuatro temblores representativos que se supone
son los mas peligrosos para la ciudad de México. Postulando estos sismos como
movimientos de control se calcularon los contornos de respuesta espectral que

5

Figura 7. Contornos de respuesta espectral para los eventos seleccionados como
temblores de disefo. ' '
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aparecen en la fig 7, los ciales estan escalados con el factor 0.4 ( Rosenblueth v col.
1989) que esta implicito en los espectros de disefio especificados en las NTCDS-DF.

A partir de estos contornos de respuesta se infieren las variaciones de las ordenadas
espectrales maximas con el periodo dominante del sitio, las cuales se muestran en la
fig 8. Los resultados que suministra la ec 14 se indican con linea gruesa continua;

“con linea gruesa discontinua se muestra la curva correspondiente al sismo del

19/1X/1985. Las lineas delgadas corresponden a los temblores de Guerrero(—).

Nommal, Acambay y Local(---) que afectarian seriamente al valle de México. Para
sismos de subduccion se confirma que la posicion de los maximos espectrales se
encuentra cubierta por la expresion estipulada en las NTCDS-DF. Sin embargo, debe
tenerse en cuenta que puede haber temblores de magnitud comparable con la del
sismo del 19/1X/85 pero con amplitudes andmalas para frecuencias bajas. lo que

- originaria respuestas espectrales maximas en sitios con 7;)2 s. Asimismo, pueden

generarse temblores de fallamiento normal o local que conduzcan a respuestas
espectrales maximas en sitios con 7,(2s. Estas posibilidades sugieren que la ec 14
sea revisada con mayor profundidad, a la luz de la informacion de registros sismicos
y los resultados de prediccion de movimientos fuertes.

F1gura8 Variacién de las ordenadas espectrales maximas con el periodo
dominante del sitio para diferentes mecanismos de generacion de
temblores; Guerrero(—), Normal, Acambay y Local(---)
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El conocimiento de! periodo dominante de! sitio permite adicionalmente disminuir el
periodo caracteristico 7, y aumentar el periodo caracteristico 7, con respecto a los
valores que tendrian de no conocerse ese parametro.’ Las vanaciones especificadas
de 7, y 7, en funcion de 7, son las siguientes:

T =064T
Z 1< ° f 15
ona {7;:].2]_‘ (15)
T =Max{0357T,064
Zonmalll{ ° ax( : ) (16)
T=12T

Estas expresiones también son de caracter empirico; con ellas se pretende que el
espectro de disefio cubra las respuestas estructurales maximas asociadas tanto al
modo fundamental como al segundo modo del sitio. En vista de que estos periodos
caracteristicos delimitan el intervalo de ordenadas espectrales maximas, las
condiciones favorables seran aquéllas donde 7, aumente y 7, disminuya. Suponiendo
que las fronteras entre las zonas geotécnicas corresponden a 7, =05 y 15, €l valor de
7, siempre sera mayor cuando se conozca 7,. Sin embargo, el valor de 7, en la zona
II1 s6lo sera menor cuando 7,(3.25s, ya -que sl se¢ desconoce 7, debe tomarse
7, =39 s mientras que al conocerlo se debe tomar 7, =127,.

Contornos Espectrales de Diseiio

El conocimiento de 7, conduce, en general, a espectros de-disefio reducidos. Toda la
gama de estos espectros puede observarse mediante el uso de contornos de disefio,
los cuales tienen una concepcion similar a la de los contornos de respuesta. En la fig
9 se reproducen los contornos de disefio que se obtienen al unir puntos de igual
aceleraciéon espectral, calculada ésta segin las ecs 11-16. Al realizar cortes en
secciones horizontales se obtendrian los espectros de disefio reducidos para el
peniodo del sitio de interés. Asi. cortes en” 7, = 0.55,2 y 3.5 s resultan en los espectros
de disefio de la fig 10, los cuales son aplicables a los sitios VIV, SCT y CAOQ,
respectivamente.

En la fig 11 se puede ver la comparacion entre los contornos de disefio que se
derivan de las NTCDS-DF vy los contornos de respuesta que se obtienen del modelo
unidimensional para el temblor del 19/IX/85, escalados com=el factor 0.4 adoptado
en dichas normas. Se nota que la tendencia de respuestas espectrales es muy
semejante. Los contornos de disefio envuelven apropiadamente a los contornos de
respuesta. Las respuestas resonantes, asociadas tanto al modo fundamental como al
primer modo superior del sitio, son cubiertas satisfactoriamente. Esta forma de

/6



__Figura9. Contornos espectrales de disefio considerando las vanacmnes con el

periodo dominante del sitio.

proceder debe extenderse a todos los mecanismos de¢ generacién de temblores que
afectan peligrosamente a la ciudad de México, mcorporando la informacion del
monitoreo sismico y los resultados de la estimacion de movimientos fuertes.

REPRESENTACION DE EFECTOS DE INTERACCION

Para fines de reglamentacion sismica, los efectos de interaccion se acostumbra
tenerlos en cuenta solo en el modo fundamental, empleando para ello un enfoque
simplificado que consiste en reemplazar el sistema acoplado por un oscilador
equivalente con base rigida caracterizado con el periodo y amortiguamiento
efectivos del sistema acoplado. Con estos parametros efectivos puede entonces
recurrirse a espectros de disefio estandar para obtener las aceleraciones en la
estructura en términos de su periodo y amortiguamiento (Veletsos y Meek, 1974). A
continuacidén se examinan brevemente los criterios establecidos en el MDS-CFE
para considerar los efectos de la interaccion inercial en el periodo y
amortiguamiento del modo fundamental, asi como en el cortante basal de disefio.

/7



Adicionalmente se examinan algunos resultados recientes orientados a la
formulacion de criterios practicos para incluir, por un lado, los efectos inerciales en
la ductilidad estructural y, por otro, la influencia de la interaccion cinematica en el
movimiento de ]a cimentacion.
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Figura 10. Espectros de disefio para los sitios VIV, SCT y CAO considerando las
variaciones con el periodo dominante del sitio.

Efectos Inerciales en el Periodo y Amortiguamiento

En la fig 12 se muestran el sistema suelo-estructura y el oscilador de reemplazo con
base rigida; el suelo se ha sustituido por resortes y amortiguadores dependientes de
la frecuencia de excitacion. Los resortes K, y K, y los amortiguadores C, y C,, en
los modos de traslacion (indice #) y rotacion (indice r ), suelen calcularse utilizando
una cimentacidn circular equivalente de radio R (Siefferet y Cevaer, 1992); en el
caso de pilotes, estos resortes y amortiguadores deben considerar su ngidez y
amortiguamiento, respectivamente. Al despreciar la interaccién cinematica se tiene
que la excitacién en la base del sistema acoplado y el oscilador de reemplazo es la
misma. En estas condiciones, mediante la condicién de equivalencia en el cortante
basal resonante entre el sistema acoplado y el oscilador de reemplazo, se pueden
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_ Figura 11. Comparacion entre los contornos de disefio y los contomos de respuesta

para el temblor del 19 de septiembre de 1985,

obtener el periodo 7, y amortiguamiento c_‘,' efectivos del 51stema acoplado. En el
MDS-CFE se recomiendan las siguientes expresiones:

L=(r+n2+77)" | (17)

2 ALY, ¢ (RY. ¢ (%Y
o= m +1-+2¢i[i] ’*1+z¢s[i) (1%

donde 7, y T son los periodos naturales que tendria la estructura si fuera
infinitamente rigida y su base solo pudiera trasladarse o rotar, respectivamente, es
decir;

1/2
Th=27r( M. ] (19)
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1/2
M. (H, +D)
T =2m —— 1

- (20)

’ K(a,)
en tanto que £, y £, son los amortiguamientos del suelo en los modos de traslacion ¥
rotacion, respectivamente, esto es:

_9,6(a,) . )
“72K8) - ey
_8,0(a,)
§, - 2K,(é)¢) (22)

donde @, =27/T es la frecuencia efectiva del sistema acoplado. Estos parametros
efectivos son aproximados, pues se han despreciado la masa de la cimentacion v su
momento de inercia, asi como el acoplamiento en traslacion y rotacion de la nigidez
dinamica del cimiento.
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Figura 12. Sistema suelo-estructura y oscilador de reemplazo con base rigida.

El grado de aproximacion de estas expresiones y otras similares es bastante bueno
para fines practicos, como se puede apreciar en las figs 13 y 14 donde se comparan
resultados de diferentes autores (Avilés y Pérez-Rocha, 1995b) para las
profundidades de desplante de la cimentacion D/R=0y]1, respectivamente. El
mayor problema del enfoque del oscilador de reemplazo se tiene para cimentaciones
enterradas en un estrato de suelo, ya que las diferencias entre las funciones de
trasferencia del sistema acoplado y el oscilador de reemplazo pueden ser muy impor-

20
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H /R=2
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Figura 15. Funciones de trasferencia de seudoaceleracion para sistemas acoplados
con ¢, =¢, =005 v,=1/3, D/R=1y H,/R=1, comparadas con las
correspondientes del oscilador de reemplazo.

tantes, dependiendo no sélo del enterramiento del cimiento D/R y la profundidad
del estrato de suelo H,/R, sino también de la esbeltez de la estructura H /R y el
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contraste de rigidez entre la estructura y el suelo H,7,/H,7,, segin se aprecia en la
fig 15 para diferentes escenarios de interaccion. En algunos casos, la forma de la
funcion de trasferencia del sistema acoplado ya no puede ser ajustada por medio de
la funcion de trasferencia de un oscilador elemental, debido esencialmente al alto
nivel de amortiguamiento. Esta situacién no ha sido reconocida explicitamente en
los codigos sismicos, puesto que se permite la aplicacion del enfoque del oscilador
de reemplazo sin ninguna restriccion. Resultados como estos sugieren que dicho
enfoque no es recomendable para H_/R(2 en el intervalo H,7,/H T,)1, cuando la
cimentacion es profunda (D/R))) y el estrato de suelo es superficial (H,/R(3).

Conocidos el periodo y amortiguamiento efectivos del sistema acoplado, el cortante
basal de disefio se obtiene como el cortante de la estructura con base rigida menos {a
reduccion por interaccion en el cortante del modo fundamental, de acuerdo con la
expresion (ATC, 1978)

donde a y Q' son la ordenada espectral y el factor reductivo por ductilidad valuados
para 7, en tanto que @ y Q' son los mismos parametros pero calculados para 7,; W
y W, son los pesos total y efectivo de la estructura, respectivamente. Ademas, ¢
expresa la variacion de las ordenadas espectrales con el amortiguamiento, para

periodos naturales que no sean demasiado pequefios, este factor se puede aproximar
como (Rosenblueth y Reséndiz, 1988)

= (E-J | (24)

donde los valores de & que se han recomendado son 04,05y0.6 para terrenos
firme, intermedio y blando, respectivamente.

Efectos Inerciales en la D‘uctilidad

La influencia de la interacciéon inercial en la ductilidad estructural atn no es
considerada explicitamente en los reglamentos sismicos conocidos. Aqui se busca,
por un lado, identificar los parametros que tienen influencia dominante en la
respuesta de sistemas elastoplasticos con base flexible sujetos a movimiento sismico
y, por otro, plantear conceptos simples que sean de utilidad en la estimacion de la
respuesta de tales sistemas en términos de las propiedades de sistemas lineales con
base rigida excitados de forma similar.
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Despreciando la interaccion suelo-estructura, se han formulado reglas simples que
relacionan de manera aproximada la deformacion méxima absoluta de un sistema no
lineal con la deformacion correspondiente de un sistema lineal (Newmark v
Rosenblueth, 1971). Se ha encontrado que, mientras el periodo natural inicial de
sistemas inelasticos no sea excesivamente corto, las deformaciones maximas
absolutas que sufren dichos sistemas son en promedio casi iguales a las que
experimentan sistemas elasticos con.el mismo periodo natural y grado de
amortiguamiento que tienen inicialmente los sistemas elastoplasticos. También se ha
encontrado que, si un sistema inelastico debe desarrollar un factor de ductilidad x,
durante un sismo, la resistencia plastica .(coeficiente de cortante basal) requerida
para que la demanda de ductilidad sea igual a la ductilidad disponible vale
R, =R,/u,, donde R, es la resistencia maxima del correspondiente sistema elastico;

esto es cierto solo para valores moderados y grandes del peniodo natural.
|

Base rigida

Figura 16. Relaciones fuerza-deformacion de un sistema elastoplastico con y sin
interaccion.

Con objeto de examinar los efectos de la interacciéon inercial en la ductilidad
estructural. considérese un sistema elastoplastico de un grado de libertad cuya ley de
comportamiento se muestra en la fig 16; las lineas continua y discontinua indican las
relaciones fuerza-deformacion correspondientes al sistema en su condicion de base
rigida y flexible, respectivamente. Su factor de ductilidad se define como el cociente
de 151 deformacion a la falla entre la deformacion a la fluencia. Si se designa con X,



y X , las deformaciones al limite de fluencia del sistema sin y con interaccion.
respectivamente, las deformaciones maximas resistentes valen p, X, v i, X, siendo
u, y u, los factores de ductilidad del sistema sin y con interaccidn, respectivamente.

Al tener en cuenta la interaccion suelo-estructura, la rigidez del sistema disminuye
by = \2 . ., . ,
de XK aK= (T, / T,) K ; en consecuencia, la deformacion a la fluencia aumenta de X',

a X = (f;/?;)z)(’y y la deformacién a la falla. se incrementa en la misma cantidad que
se incrementa la deformacion a la fluencia, esto es: u X, =p X, +1X -X,.
Sustituxendo en esta expresion la relacion X ) /X_v, se encuentra que el factor de
ductilidad del sistema con interaccion es igual a (Rosenblueth y Reséndiz, 1988)

2

. =(-£) (-1 (25)

En vista de que 0(7./7.(1, al analizar esta expresion se desprende que 1{z {4, lo
que implica que el factor de ductilidad se reduce por interaccion.

Con objeto de tratar los efectos de interaccion en la ductilidad mediante el enfoque
del oscilador de reemplazo, se considera que u, representa la ductilidad estructural
mientras que #, la ductilidad efectiva de dicho oscilador. En la fig 17 se muestran.
las ductilidades efectivas que se obtienen ante diferentes escenarios de interaccion,
para las ductilidades estructurales u, =15,2,3y4. Aqui se puede corroborar que
cuando H.7T,/H,T, =0, condicién de base rigida, la ductilidad efectiva es idéntica a
la ductilidad estructural; asimismo, a medida que este parametro se incrementa, la
ductilidad efectiva 'se reduce tendiendo al valor de uno. De aqui se concluye también
. que los parametros mas importantes en la reduccion de la ductilidad por interaccion
son D/Ry H,/R;lanfluencia de H /R es despreciable para propésitos practicos.

En anélisis no lineales, las rigideces dindmicas del suelo usualmente se aproximan
por medio de resortes y amortiguadores invariantes con la frecuencia de excitacion.
Los valores que mejor ajustan los resultados son los correspondientes a la rigidez
para la frecuencia cero y el amortiguamiento para la frecuencia infinito. Cuando se
opta por una aproximacion como ésta, el analisis no lineal de sistemas con
interaccion se simplifica notablemente, puesto que al tener resortes y amortiguadores
del suelo constantes, el procedimiento de integracion en el tiempo paso a paso es
enteramente similar al de sistemas sin interaccion.
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Figura 17. Ductilidades efectivas de sistemas suelo-estructura con ¢, =¢, = 0.05,

v.=05y H./JR=2(—),3,4y5(-").

Procediendo de esa forma se calcularon las demandas de ductilidad X7 / X, de
sistemas acoplados sometidos al sismo del 19/IX/85, para diferentes escenanos de
interaccion y ductilidades estructurales; se consideraron los sitios SCT (H, =38m y
B.=76m) y CAO (H,=56m y f,=64m). En la fig 18, las curvas discontinuas

(SCT) y punteadas (CAO) corresponden a las demandas de ductilidad del sistema.

acoplado cuya resistencia es igual a la de la condicion de base rigida para la
ductilidad estructural z, =2y 4, mientras que las curvas continuas representan las
ductilidades efectivas del oscilador de reemplazo segin la ec 25. Esta claro que las
demandas de ductilidad del sistema acoplado tienden a reducirse al incrementarse el
contraste de rigidez entre la estructura y el suelo; estas reducciones, al parecer, no
estan- controladas por los efectos de sitio. Lo mas sorprendente es que las demandas
de ductilidad del sistema acoplado son muy paremdas a las ductilidades efectivas del
oscilador de reemplazo. '
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También se calcularon los espectros de respuesta inelasticos de sistemas acoplados

sujetos al mismo sismo, para diferentes escenanos de interaccion v ductihidades
estructurales. En las figs 19 y 20 se muestran los resultados para los sitios SCT y
CAO, respectivamente; las curvas continuas corresponden a las resistencias del
sistema acoplado requeridas para la ductihdad estructural z, =1.152v4 en la
condicion de base flexible, en tanto que las curvas discontinuas representan las
resistencias del oscilador de reemplazo requendas para la ductilidad efectiva
resultante segun la ec 25. Estos resultados patentizan que ¢l uso de un oscilador
elastoplastico de reemplazo con base rigida conduce a excelentes aproximaciones de
la respuesta de sistemas acoplados inelasticos, salvo para algunas condiciones de
periodo ‘corto; dicho oscilador se caracteriza con el periodo 7., el amortiguamiento

¢, y la ductilidad 7, efectivos.

D/R=0. H,/R=2 D/R=0, H,/R=5

Demgndo de duciilidad
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Figura 18. Demandas de ductilidad de sistemas suelo-estructura con ¢, = £, = 0.05,
v,=035y H /R=5, en los sitios SCT (linea discontinua) y CAO (linea
punteada); se comparan con la ductilidad efectiva del oscilador de
reemplazo (linea continua).
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Figura 19. Espectros de respuesta inelasticos de sistemas suelo-estructura con
£ =¢,=005 v,=05y D/R=1, en el sitio SCT; se analiza el sistema
acoplado (linea continua) y el oscilador de reemplazo (linea
discontinua).

Efectos Cinematicos

Se sabe que el periodo y amortiguamiento efectivos de un sistema suelo-estructura
son los parametros dinamicos de un oscilador de reemplazo con base rigida cuyo
cortante basal resonante es igual al de la estructura interactuando con-el suelo, para
la misma excitacion armonica de la base. Esto conduce a igualar la seudoaceleracion
maxima y el periodo resonante del sistema acoplado' con los valores
correspondientes del oscilador de reemplazo (Wolf, 1985). Aqui se presenta una
solucidon aproximada de aplicacion practica para considerar los efectos de la
interaccioén cinematica en el movimiento de la cimentacion en términos de los
efectos de la interacciéon inercial en el penodo y amortiguamiento del modo
fundamental. El enfoque consiste en la modificacion del periodo y amortiguamienio
efectivos del sistema acoplado de tal forma que el cortante basal resonante del osci-
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lador de reemplazo sujeto al movimiento de campo libre en la superficie del terreno,
dado por la traslacion X .» sea igual al del sistema acoplado sometido al movimiento
efectivo en la subrasante de la cimentacion, dado por la traslacion Xy la rotacion
&,. El periodo y amortiguamiento efectivos modificados de esta manera resultan de
gran utilidad cuando se recurre a los métodos- estatico y dinamico de analisis
sismico, para evaluar los efectos de interaccion en el modo fundamental de
vibracion.

H./R=3, H,/R=2 H,/R=3. H /R=5

45
401 5

So/q

35¢ ~ - Y
BOF - /_/ = . _—:\_\ s \‘t‘
on L v L e _"-'" ) l‘n
~ 25 /f\ o~ :\\\ ; \
D R | / AL . \
[¥a] 20F \ I‘J '\\~‘ "nl\ /! ‘l‘
‘{//\ \\ f" ' \\\ A "b"\ // ST — 5
or SN N TN \‘\ \‘\ N TN
10 '{-"é' R hN r ™ \‘:,'/-3.‘.."-,'”\—/\-1—\ R
) R ~ \
05 _WH_,\ | \
00 1 1 1 i ! 1 L 1
0 T 2 3 4 5 0 1 2 3 4 5
T, (s) T, (s)

Figura 20. Espectros de respuesta inelasticos de sistemas suelo-estructura con
$,=¢, =005, v,=05y D/R=1, en el sitioc CAO; se analiza el sistema
acoplado (linea continua}) y el oscilador de reemplazo (linea
discontinua). -

Se trata entonces de encontrar las condiciones de equivalencia en el cortante basal
resoriante entre el oscilador de reemplazo sujeto al movimiento de campo libre y el
sistema suelo-estructura sometido al movimiento efectivo, como se 1lustra en la fig
12. Para ello, conocida la funcidn de trasferencia del sistema acoplado, el periodo
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efectivo se determina directamente como e] periodo de excitacion correspondiente a
la posicion de su pico resonante, en tanto que el amortiguamiento efectivo se obtiene
a partir de la seudoaceleracion correspondiente a la amplitud de su pico resonante.
Mediante esta analogia se puede encontrar que el periodo y amortiguamiento
efectivos con efectos cinematicos son iguales a (Avilés y Pérez-Rocha. 1995a):

Ir=T (26)
- ;) _
““Ig,+(H,+ g en

donde T'y &‘, son ¢l periodo y amortiguamiento efectivos con efectos inerciales,
obtenidos segin las ecs 17 y 18 al ignorar el analisis de interaccion cinematica
Ademas, Q,(w)= X’D(cu)/)?g(a)) y Q(@)=®,(w)/X (w) son las funciones de
trasferencia para los componentes de traslacion y rotacion, respectivamente, de la
excitacién efectiva en la cimentacion; los movimientos de entrada asi como las
funciones de impedancia han sido reportados para cimentaciones cuadradas
enterradas en un semiespacio (Mita y Luco, 1989). Estos parametros efectivos son
aproximados, pues se han despreciado la masa de la cimentacion y su momento de

inercia, asi como el acoplamiento en traslacion y rotacion de la ngidez dinamica del

cimiento,

: i
La aproximacion para la interaccién cinematica en términos de la interaccion
inercial puede confirmarse con las comparaciones que se presentan en la fig 21, para
diferentes escenarios de interaccion ante la incidencia de ondas de cortante con
propagacion vertical. Con trazo grueso se marcan los amortiguamientos efectivos
aproximados y con trazo delgado la solucion rigurosa; el acuerdo es muy bueno. En
la fig 22 se despliegan los resultados rigurosos considerando (linea gruesa) y
despreciando (linea delgada) la parte cinematica; resalta el incremento del
amortiguamiento efectivo con el enterramiento de la cimentacion D/R, siendo R en
este caso el semiancho de la cimentacion cuadrada.

CONCLUSIONES

Se ha presentado una revision de los criterios especificados en las NTCDS-DF vy el
MDS-CFE para considerar los_efectos de sitio e interaccion suelo-estructura. Se
repasaron los modelos en que estan basados dichos criterios y se examinaron los
resultados que se obtienen de su aplicacion. Asimismo, se plantearon aquellos
efectos de sitio ¢ interaccion que no se consideran de forma explicita, a fin de que en
la practica se tengan presentes las limitaciones reglamentarias que derivan del estado
actual del conocimiento. :
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Figura 21. Amortiguamientos efectivos con la parte cinematica, para sistemas
suelo-estructura con ¢ =¢,=005 'y H,/R=1(—)23,4y5();
soluciones aproximada (linea gruesa) y ngurosa (linea delgada).

En lo referente a los efectos de sitio se hizo énfasis en la dependencia de los
espectros de disefio con el periodo dominante del sitio; en este aspecto es necesario
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investigar a fondo el criterio sobre la variacion del coeficiente sismico (ordenada
espectral maxima) en funcion de dicho parametro. Para la interaccion suelo-
estructura se explord fundamentalmente el enfoque 'del oscilador de reemplazo, con
objeto de ser utilizado no solo para los efectos inerciales en el periodo y amortigua-
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Figura 22. Amortiguamientos efectivos con (linea gruesa) y sin (linea delgada) la
parte ‘cinematica, para sistemas suelo-estructura con [ =¢. =005 y
H,/[R=1(—),2,3,4y5(-).



'miento del modo fundamental, sino también para los efectos cinematicos en e}

movimiento de la cimentacion y, sobre todo, para tratar la influencia de la

interaccion en la ductilidad estructural. La principal ventaja de este enfoque es que

permite el uso de espectros de respuesta de campo libre sin efectos de interaccién, a
fin de obtener las acciones sismicas de disefio.

Los criterios reglamentarios vigentes sobre efectos de sitio e interaccion suelo-
estructura son particularmente sencillos,. ya que la principal intencion de las
NTCDS-DF y el MDS-CFE es sentar las bases para la consideracion explicita de
dichos efectos. Es de esperarse que en ediciones futuras de estos codigos sismicos se
cubran de manera mejorada estas cuestiones, a la luz de los resultados de las
investigaciones que se encuentran proceso.
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CHAPTER 6 : DESIGN FOR SHEAR AND BOND

6.1 Scope

The provisions of Chapter 6 shall apply for design of members subjected to shear as
follows:
(1) design to ensure shear strength of columns, beams and structural walls;
(2) design to ensure deformation capacity of yield hinge regions of the members subjected to
shear; and . _
(3) design to prevent a bond splitting failure along the longitudinal reinforcement in columns
and beams.

[Commentary]
The provisions of this Chapter should apply for the shear design of the non-hinge regions of

columns, beams and structural shear walls, and for the ductility design of their hinge regions. Design
for the bond applies for columns and beams in the yield mechanism assuring design.

6.2 Design Method

6.2.1 Basic Principles

In the shear design, the reliable shear stréngth of all members shall be greater than the
design shear in the yield mechanism assuring design, and the deformation capacity of planned
yield hinge regions shall be greater than the assuring deformation of member. In columns and
beams, the splitting bond strength of longitudinal reinforcement shall be greater than the bond
stress associated with design actions in the yield mechanism assuring design.

6.2.2 Strength of Shear Reinforcement )
The strength of shear reinforcement shall be the material strength for the reliable strength
calculation.

6.2.3 Structural Requirements
Lateral reinforcement shall follow the provisions in Chapter 9 in addition to the provisions
of this chapter.

{Commentary]

The strength of shear reinforcement used for the shear design-is determined by the material
strength for the reliable strength calculation. 1t should be, however, not greater than 25 times the

.



compressive strength of concrete 5. The equations to evaluate shear strength of members proposed
hereinafter can give the calculated results in good agreement with the empirical results, when substi-
tuting the strength of reinforcing bars of 25 times og for the material strength of shear reinforcement
that is greater than 4,000kgf/cm?. Within this guidelines, when the material strength of shear rein-
forcement exceeds 25 times op, the strength of shear reinforcement used for the shear design shall be
replaced by the value of 25 times Gg.

When using such a high strength steel, its bending performance should be examined in accor-
dance with the JIS-Z 2248 (Test Method for Bending Performance of Metallic Material) to prevent a
brittle failure at the bend corner. And sufficient extension length bevond a hook is required when the
135 degree hooked bar anchorage is used for anchorage of a high strength shear reinforcement.
Either the serial spiral or closed hoop worked by welding is recommended to develop the fuil capac-
ity of a high strength material. In this case, the welding joint shouid be provided with greater
strength than the specified yield strength of the base material. .

6.3 Shear Strength of Beams and Columns

6.3.1 Strength Equation
Reliable shear strength V, of the beams and columns shall be calculated by Eq. (6.1):
When pwawy is greater than vog/2 , pwOw,y shall be replaced by vop/2.

Vu=1b ji pw Owy coté + tanf (1-8) b D v op/2 (6.1)
where

tand =V (L/D)?+1 -L/D (6.2)

B= {(1+cot2¢ )prwy}/(VO'B) (6.3)

b: width of the section;
. D: overall depth of the section;
Ju: distance between the top and bottom bars;
L: ¢lear span of the member; '
Op: compressive strength of concrete;
Owy: strength of the shear reinforcement not greater than 25 op;
Pw: shear reinforcement ratio;
v : effectiveness factor for the compressive strength of concrete; and
¢ : angle of the compressive strut in the truss mechanism.

6.3.2 CoefTicients for Members without Planned Yield Hinges
Effectiveness factor for the compressive strength of concrete v shall be replaced by v,
- given by Eq.(6.4) for the members without the planned yield hinges.

Vo=0.7-05/2000  (op inkgf/cm?) (6.4)
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The value of cot ¢ shall be the minimilm defined in Egs. (6.5) through (6.7).

cotg=2.0 (6.5)
cotg=j,/ (D tan6) (6.6)
cotp = JVO’B‘( (Pw Gwy) -1 (6.7)

[Commentary]

(1) Shear strength of columns and beams

The prediction for the shear design in this section is fundamentally based on the lower bound
~ theory of plasticity [Refs. 6.1-6.4]. Superposition of the truss and arch actions 1s introduced in
modeling of the shear resisting mechanism. Assumed plastic condition are those; (1) the total diago-
nal compressive stress in concrete generated by the combined truss and arch actions reaches the
stress at the yield point of concrete, and (2) the stress in shear retnforcement reaches the stress at the
yield pomnt of shear reinforcement.

The effectiveness factor, v,, in Eq. 6.4 proposed by M. P. Nielsen [Ref. 6.1] is used in deter-
mining the stress at the yield point of concrete. The stress at the yield point of shear reinforcement is
given by the material strength for the reliable strength calculation of members. However, 1t should be
not greater than 25 Og, because the equations to calculate the shear strength described in this guide-
lines correspond well to the test results by using 25 times og for the material strength of shear rein-
forcement for specimens whose shear reinforcement strength is greater than 25 times op.

Only the balance between external and internal shears is considered. It indicates the assump-
tion that the flexural reinforcement has sufficient strength to assure the truss and arch mechanisms. '

The first term in right-hand side of Eq. 6.1 represents the shear force carried by the truss
mechanism as shown in Fig. C6.1, and the second term indicates that carried by the arch mechanism
as shown in Fig. C6.2. ' : :

The shear force carried by the truss mechanism, V,, assuming the vield of shear reinforcement
is described by Eq. C6.1 (Refer to Fig. C6.1). -

Vi=b ji PwOuy cOIP . (Ce.1)

Concrete stress in the compression strut of analogous truss, @, is given by Eq. C6.2 from the
equilibrium condition of an infinitesimal stringer element shown in Fig.1.(a).

_ 3
;= (1+COt°Q) py Oy (C6.2)
The difference between vog and .G;; 1.e., (vOg—.0y), contributes to the arch mechanism when

<Oy is smaller than vog. The difference of angle of concrete struts between the arch and truss mecha-
nisms is ignored herein for simplification. The shear force carried by the arch mechanism, V,, is
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given by Eq. C6.3 based on the lower bound of the theory of plasticity [Ref. 6.1).
V,= (vog - .0y tanf b (D/2) ; (C6.3)

where

ang = 12+ 02-L o [ILFLT . L

D (C6.4)

The shear strength of member, V,,, is given by adding strengths in Eq. C6.1 and Eq. C6.3.

Vi=b j; PuOwy cOtg+ (v 0 — (0) 1anf (D/2) (C6.5)
Replacing {(I+cot2¢)pw0'wy}/v0’3 by B, Eq. 6.1 is obtained. Angle ¢ is the angle of the
concrete compression strut to the axis of member at the truss mechanism. The. value of cote should
take the minimum given by Eqgs. 6.5, 6.6, and 6.7.
Equation 6.5 gives the aliowable maximum value of cot¢ to assure appropriate aggregate inter-
- locking along a diagonal crack [Ref. 6.5], and Eq. 6.6 gives ¢ value to get maximum of V, in Eg. 6.1.

Equation 6.7 is derived from the condition that v 65 equals .0,. The Egs. C6.6 and C6.7 are denived
as follows: /

0. = (1+cot’d) puOwy = vV Op | (C6.6)

cotd =Y VG p/PuOwy - | ‘ (C6.7)

o PwFuy (Uniformly distributed)
R i R Y2222

¢ ‘ k‘\ﬂemckupp er Stringer~_ T g

“dh, .
(3 \\\Z\ iy
\ o,~Lower stringe 2\ i
FTITIXT43FT04§22 588788753 . Y,
- - . ' (cl
pwowy
e j, cot g
a} Analogous truss model
Stirrup force e dx—> Strut force
P Ouy bAX <O, b sin ddx
Required bond force — o
PuOay D COL $dx ‘\Zﬁm

b) Equilibrium of an infinitesimal stringer element

Fig. C6.1 Truss mechanism.
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Fig. C6.2 Arch mechanism.

Equations in this section are established by using the value of cot¢ giving the maximum shear
strength under the condition that cot¢ shouid not be greater than 2, and the concrete stress of the
compression strut at the truss mechanism, .0, should not be greater than effective compressive
strength of concrete, v og. General characteristics of the design equations in this section are illus-
trated in Fig. C6.3". _

The limitation of shear reinforcement to the shear strength is given for the case that all shear
forces are carried only by the truss mechanism with the angle ¢ of 45 degree (cot¢=1), and .G, equals
vog. When .G, equals v,0p, Eq. C6.7 is obtained. Substituting Eq. C6.7 to Eq. C6.1. and taking its
differential by p,,Owy, the peak value V, 5, is obtained as Eq. C6.8, where, p,, 0.,y is 0.5vOg and cot¢
is unity.

Vimax = b jivog/2 (C6.8)

The effectiveness factor of the compressive strength of concrete, v, becomes smaller with
increase of the compressive strength [Ref. 6.1]. Equation 6.4 takes this tendency mto consideration.

Within this guidelines, two methods of prediction for calculating the shear strength are
proposed in the W.G. on Shear Design (Task-committe organizéd for works for this chapter); the so-
named A- and B-methods [Refs. 6.6-6.9]. Both the A- and B-methods are based upon the plastic
theorem in the limit analysis, while are derived from the different concepts concerning empirical
equations for shear design introduced in the previous sections. Through discussions within the
Committee, the A-method is tentatively introduced as the prediction method proposed within this
guidelines. In the commentary herein, the B-method is introduced as well the A-method for a possi-
ble and wide use of the B-method. .

‘Both the A- and B-methods are based upon similar concepts with each other superposing the
truss and arch mechanisms. The differences of the methods can be summarized in the values of tan6,
cotd and v, as listed in Tabie C6.1. '
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TABLE Cé6.1 COEFFICIENTS IN THE A- AND B-METHODS

A-method : B-method
taﬁa v (L/D)2 +1-L/D .'\/ (2M/VD)2 +1-2MND

1.0<cot@<2.0, and smallest
value among the following three

cot¢ 2.0 : 1.0
] t/(DtanB) '
NVG o f(p O w) -1
Vo . 0.7-0 B/2000 (2M/VD+1)/4  0.55v,<1.0

M : bending moment at the critical section
-V : shear at the critical section
D : dimension of the total section

In the A-method, the value of cot¢ that falls in the range of one and two is given on the condi-
tion that the truss mechanism associated with some amount of shear reinforcement could carry the
maximum shear force. While, in the B-method, the value of cot¢ is fixed to be 1.0 on the condition
that the concrete stress of the compression strut in the truss mechanism associated w1th some amount
of shear reinforcement takes the minimum stress. '

The shear strength predicted by the A-method is always greater than that by the B-method if
the same stresses at the vield point of materials are used and the moment distribution within the
member is has anti-symmetric. Based upon the lowest theorem, the A-method would estimate a real
shear strength rather than the B-method.

Both the A- and B-methods estimate greater shear szrcngths than those obtained from the test
results when v is assumed to be unity. Because the compressive strength of the cracked concrete
might be smaller than that of the concrete without cfacks, and concrete does not show an ideal elasto-
plastic behavior, it is necessary to introduce the concept of reduction factor for the concrete strength.

In both methods, the shear force carried by the arch mechanism, in other words, the contribu-
tion of concrete to the shear strength, is varied associated with the amount of p,, 0, while within the
empirical equations for the shear strength introduced in the previous sections it is taken constant.
This characteristic evidence that the shear force carried by the arch mechanism decreases in accor-
dance with the increase of p,,0,, is reported in the literature [Ref. 6.2], and also be verified by the
F.E.M. analysis [Refs. 6.10 and 6.11].

) In the A-method, v takes the value of (0.7-05/2000), while in the B-method v takes unity in
general cases, which in some ‘cases depends on the ratio of 2M/VD as listed in Table C6.1 in order to

take the variation within the test results into consideration. The value v in the B-method takes the
value within 0.5 and 1.0.
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General characteristics of the A-method are iliustrated in Fig. C6.3". In the A-method. the cote -
value is kept 2.0 until the p,, 0,y value reaches 0.2v,0p, and both the truss and arch mechanisms exist
up to this point. Beyond this limiting point (point B in Fig. C6.3"), the arch mechanism does not
exist, and all shear forces should be carried only by the truss mechanism. The shear force carried by
the truss mechanism can be increased beyond the point B up to its maximum value of 0.5b}V,Gg.
because of change of the angle of the compression concrete strut (¢=26.6 to 45 degree). While, in
the B-method, the angle of ¢ is fixed to be 45 degree so that both the truss and arch mechanisms
exist, and V, versus p,,0,,, shows a linear relation until p,,0,y reaches 0.5v,0g. and at the maximum
point of 0.5bj,v,0p the shear force carried by the arch mechanism becomes zero. The shear strength
are different between in the A- and B-methods because they use the differemt v, values. The shear
strengths predicted by the A- and B-methods correspond well to each other without large difference
within the range of p,, G,y commonly used in the design.

i_ll A Limit of shear capacity c
b j; ~
g
3
Arch E
action N w
Only truss action | 8
=
vogDtané . r=
2, =
Truss action 1.0
2 D E PwC
0 N 4’ ! ¥ = p VWY
0.2vog -2 vOg
£ 10 ! : -
© H
F G[/( .
2.0}
Y AR

Fig. C6.3’ General characteristics of design equation.

Under a conservative judgfnent, the A-method, which gives less prediction of shear strengths
than the B-method, is adopted as the shear design equation in this section. Discussions necessary on
the validity of both methods are summarized in the followings.

Both the A- and B-methods do not consider the effect of the axial forces. This is an issue to be
examined in the future.

(2) Validity of the equation for the shear strength

Test results for the shear stength of columns and beams [Refs. 6.13-6.26] are referred for veri-
fication of the shear design equation adopted to this section. These test specimens are limited to
those with deformed bars as flexural reinforcement, since the truss mechanism needs some bond
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strength between reinforcing bars and concrete. And also all specimen have not tensile axial Torces
(N20) and cross sectional area are larger than 400cm?. Variables in those test specimens are listed mn
Table C6.2. ‘ '

TABLE C6.2 VARIABLES IN THE TEST SPECIMENS

Compressive strength of concrete: o 165-629 kgficm?
Tension reinforcement ratio:p, 0.39-3.21 %

Shear reinforcement ratio:p,, - 0-2.44%

Yield strength of shear reinforcement: g, 2530-14700 kgficm- -
PwOuy 0-191 kgflem?

Axial load level: 7j)=N/(bD o) 0-0.732

Correlation between the test resuits and calculated ones using the A-method is plotted in Fig.
C6.4. Vertical and horizontal axes represent Vi, /Vy and V,/Vy, respectively. The value Vi, is
experimentally obtained the shear strength of test specimens, V; is the shear force at the calculated
flexural strength, and V, is the calculated shear strength by the A-method. The value V; is obtained
based on the Bernoulli-Euler’s assumption (the assumption that the plane section remains plane after
bending) and using reai strengths of steel and. concrete. The reason why the axes as shown in Fig.
C6.4 are chosen is to confirm the fact that reported shear strength of the test specimens reaches some
limiting swrength, which is determined from the flexural capacity of the specimen [Ref. 6.17]. The
specimen plotted in the zone between V_,,,/Vy less than 1.0 and V,/V; greater than 1.0 were reported
to be failed in flexure. There are few specimens that have less strength than the calcuiated strength in
the range of V /V¢ less than 1.0. Among 77 specimens covering the range of variables listed in Table
C6.3 whose V. /Viare less than 1.0 with shear reinforcement, the mean of Vmax/V, and its devia-
tion are 1.33 and 18.5%, respectively. These values are obtained excluding specimens which have the
Vmay/V,, ratio less than 1.0 and those which are predicted to revea) bond failure in accordance with
the section 6.5 in this chapter. As for specimens with high strength stee! [Refs. 6.25 and 6.26], the
mean of Vmax/Vu and its deviation are 1.41 and 17.9%, respectively.

TABLE Cé6.3 VARIABLES OF THE SPECIMENS FAILED IN SHEAR

Shear reinforcement ratio:p,, : 0.12-1.13 %
Yield strength of shear reinforcement: g,y : 2550-14220 kgficm?
Pu Ouy - 3.16-159 kgficm?

— 84—



The plastic theory used in this design guidelines does not consider the axial force effect. When

"an axial force is small, its effect is recognized experimentally, which is considerably significant for

members without shear reinforcement, while the shear strengths of the specimens with some amount

of shear reinforcement are recognized not to be affected significantly by axial forces. As shown in

Fig. C6.4, the safety margin given to the shear strength determined by the shear design equation are

almost constant with various amounts of axial force. Therefore, it is concluded that the effect of axial
forces is not introduced within the equation. '
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Fig. C6.5 Verification of the design equation in the A-Method.

(3) In the case of a member with solid circular section

The shear design method for members having solid circular cross section has not been estab-
lished yet based on a plastic analys‘is, and few test data can be obtained. For the time being, the
following method is recommended in this guideiines. Shear design for a member with solid circular
section is performed as a member with square section of the same cross sectional area. The reduction
factor of the shear reinforcement ratio of 0.785 (7/4) is p'rescribed, since the effect of shear reinforce-
ment on the circular shape is reported to be less than that on the rectangular shape [Ref. 6.39].



6.3.3 CoefTicients for Members with Planned Yield Hinges

(1) For the yield hinge region defined in Section 9.2.3, the effectiveness factor , v . shall be
given by Eq.(6.8). Value of cot¢ shall be the smallest value given by Eqgs. (6.6). (6.7) and (6.9).
However, the value 8 in Eq.(6.3) shall calculated using the value of cotg for a non-yield hinge
region and the value of PwOw, for ayield hinge region of the member.

v=(10-15Rp) v, for 0 <R, <0.05 (6.8)
=0.25 v, for 0.05 <R, )
cot¢ =2.0-50R, | for 0 <R, <0.02 6.9)

=1.0 for 0.02 <R,

where R, denotes the rotational angle at the yield hinge region associated with the assuring
deformation of the member.

(2) Strength calculation of a region outside of the planned yieid hinge regions shall use the
effective factor given by Eq.(6.8). The value of cot¢ shall be the smallest value given by
Egs.(6.5) through (6.7). The value of 8 shall be that used for the yield hinge region.

[Commentary]

The deformation capacity of yield hinge is given by assuring both the curvature ductility at the
critical section and the shear mechanism. The former one is assured by Iimit of axial force, prevent-
ing buckling of compression steel and appropriate confinement as provided in Chapters S and 9. In
order to assure the shear mechanism, this design guideline gives the strength margin to concrete
compression strut and changes the angle of truss mechanism according to the required deformation.
The larger amount of lateral (confinement) reinforcement, required by maintaining either curvature
ductility or shear mechanism, are actually arranged in members.

To prevent shear failure at vield hinge region, the effectiveness factor of compressive strength
of concrete, v, and compression strut angle n truss mechanism, ¢, are given as the function of
required rotational angle at hinge region, R,,, by Eqgs. 6.8 and 6.9. Figures C6.5 and C6.6 show the
relationships of cot¢ and R, and of v and Ry, respectively. These relationships are based upon the
concept that compression strut angle in truss mechanism, ¢, increases up to 45 degree due to the loss
of aggregate interlocking in post yield range , and final shear failure of member subjected to bend-
ing-shear forces would occur by crushing the concrete compression strut [Ref. 6.46]. In practical
design, some strength margin against the design shear force of hinge region are indirectly given to
shear reinforcement and concrete compression strut according to the required rotational angle, R,

Design method for ductile members described in this chapter gives different amount of shear
reinforcement for hinge region and outside hinge region in a member, respectively. As illustrated in
Fig. C6.11", the angle of concrete strut of truss mechanism , ¢, changes gradually in a transition zone
from hinge region to outside hinge region (Zone BCGF in Fig. C6.11°). However, it should be
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noticed that maximum compressive stress in concrete would occur at point C in Fig. C6.11" because
higher lateral stress ‘by shear reinforcement in hinge region and lower inclination of concrete strut in
outside hinge region. Therefore, in the calculation of 8 in Eq. 6.3 (§ is a coefficient indicating the
level of compressive stress in concrete due to truss mechanism), p,, 0.y in hinge region and cot¢ in
outside hinge region should be used. The combinations of each coefficient to be used in the désign

are summarized in Table C6.4.
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Fig. C6.10 Relationship between the guaranteed hinge rotation R, and coto.
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Fig. C6.11 Relationship between the guaranteed hinge rotation R, and v.
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Fig. C6.11° Truss mechanism of a ductile member.

TABLE Cé6.4 VALUES OF v, cot¢ AND B USED
IN THE DESIGN OF DUCTILE MEMBERS

Region 1Y cot¢ in Eq. 6.1 B
. Hinge | 0<R,<0.05 Smallest one of B=(cot ¢+ 1)pwhOuy/vOp
region | v=( ]p -15Rp)v, | cotg=2-50R, R,<0.02 |where cot¢ is the smallest one of
=] 0.02<R, |cotg=2
0.05<R; cot¢=j/(Dtand) cotd=j,/(Dtan6)
V=025V, cotd=+~'VG /(p O wy) -1 €010 =/ VO /p O wy) ]
Outside | Smallest one of
hinge | ditto cotg=2 ditto
region ) cot¢=j,/(Dtan@)

cotp=~vo o/(p G ) -1

Pw : shear reinforcement ratio in the hinge region

Note : Different amount of shear reinforcement are arranged in the hinge region and in the
region outside the hinge region. '
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Correlation between test data [Refs. 6.29—6.34] and predicted results are shown in Fig. C6.12
Specimens which showed bond splitting failures are excluded. Vertical axis indicates experimentally
_ observed member rotation angle at ultimate state and horizontal axis indicates theoretically predicted
available member rotation angle. Ultimate angie of specimens are defined as the angle at 80%
strength after peak load on experimentally observed load-deformation diagram. Calculated member
rotation angle is obtained by adding the contribution of predicted hinge rotation R, and the member
rotation angle at yielding defined in [Ref. 6.49]. Ductility capacity might be predicted by the method
described 1in this section except for members subjected to extremely large axial force. Equations 6.8
and 6.9 assure the rotation at yield hinge, so that length of hinge region and deformation other than
of hinge region are necessary to get member’s drift. From the point of conservative judgement, the
rotation at yield hinge, R, could be used for member’s drift.
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Fig. C6.12 Verification results of ductility.

On the other hand, shear design of ductile'member can be conducted by using vand cot¢ given
for hinge region in Table C6.4 regardless of hinge and outside hinge region. This gives uniform shear
reinforcement across the member. In this case, the compressive stress in concrete due to truss mech-
anism becomes smaller and compressive stress in concrete due to arch mechanism becomes higher
than those in the design method according to Table C6.4, and it results smaller amount of shear rein-
forcement in hinge region and larger amount of shear reinforcement in cutside hinge region.
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6.3.4 Inclined Shear Reinforcement !
When the inclined shear reinforcement is used, the shear given by Eq.(6.10) may be added |
to the shear strength. '

V, = A,G,, sinf, ' (6.10)

where .
" A, : sectional area of inclined reinforcement;
Oyy: Yield strength of inclined reinforcement; and
6,: angle between inclined reinforcement and member axis.

Area A, may include both tension and compression reinforcement if the inclined rein-
forcement is placed diagonally across the member, otherwise, the area of inclined reinforcement
in tension shall be used.

[Commentary]

Inclined shear reinforcement in yield hinge region shown in Fig.6.9(a) have been used as a
bent reinforcement, and they can carry the shear force by the shear component of their tension forces.
Shear force given by Eq. 6.10 would be added to the shear strength given by Eq. 6.1. Such a inclined
shear reinforcement is effective on the case that the inelastic tensile strain of longitudinal reinforce-
ment is accumulated due to many cyclic bending action, and then sliding shear failure occurs due to
full crack opening at beam critical section. The inclined angle to member axis, however, should be
ranged from 30 to 45 degree. Safety check for bearing stress of concrete inside the bent corner, and
the contribution of inclined reinforcement on the flexural strength at vield hinge should be consid-
ered as well as providing enough embedment length.

The so-called X-shaped reinforcement arranged diagenally across the members as shown in
Fig.6.9(b) are known 1o be effective on shear strength, experimentally and theoretically [Refs.
6.35-6.38). Steel areas of both tension and compression might be countable as the steel areas used in
Eq. 6.10. This X-shaped reinforcement could contribute to flexural strength as well as to shear
strength. And X-shaped reinforcement does not need bond mechamism for its shear resisting mecha-
nism, then check for bond strength might be done 10 the residual parallel flexural reinforcements. It
1s possibie to avoid bond splitting failure using this X-shaped reinforcement. The X- shaped rein-
forcement could change the failure mode of the member with itself from shear failure including
bond splitting failure to flexure failure under any conditions, and make even the members subjected
10 large bending moment and shear very ductile. Details are described in Refs. 6.35 t0 6.38.

The members with inclined reinforcement should be designed as stirrups or hoops carry a part
of shear force. The ratio of shear force carried by stirrup or hoops should be determined carefully
according to previous test data and research, and shear force carried by inclined reinforcement
should not be overestimated. In the New Zealand code [Ref. 6.48], it is recommended that stirrups or
hoops should carry at least one-third of total shear force.
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Fig. C6.14 X-shaped reinforcement in the hinge regions.

(=l

v

\ZBoth tension and compression bars
can be counted for shear and flexure

Fig. C6.15 X-shaped reinforcement placed diagonally across 2 member.

6.3.5 Minimum Amount of Lateral Reinforcement
Minimum shear reinforcement ratio shall be 0.2 percent in all beams and columns.

6.4 Shear Strength of Walls

6.4.1 Strength Equation
Reliable shear strength V at each story of a wall shall be calcuiated by Eq.(6.11). When
PsOsy is greater than vOp/2, psO;, shall be vop/2.

Vi =ty lup Ps Ogy cOtd + 1an8 (1 - B) 1, lya v 0p/2 (6.11)

Where v————.)— .
and=[V (h A, )7+1 -h A,.] (6.12)
B=(1+cot’d)p,asy / (VOR) (6.13)
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t,,: thickness of the wall panel;

hy: height of the wall, which may be taken as the inter-story height:

lwp: equivalent width of the wall panel in the truss mechanism (see Clause 6.4.2);
lwa: €quivalent width of the wall panel in the arch mechanism (see Clause 6.4.2); ' 5
Og: compressive strength of concrete;

Osy: strength of shear reinforcement within the wall panel not greater than 4000 kgfiem-;
Ps: shear reinforcement ratio within the wall panel;

v: effectiveness factor for the compressive strength of concrete: and

¢: angle of the compressive the strut in truss mechanism, and cot¢=1.0.

[Commentary]

(1) Planned yield hinge mechanism

The provisions in this section should apply for the design of shear wall that carries lateral
force. Failure mode of shear wall should be flexure with yield hinge at the bottom end. and the
design of shear wall should follow the next provisions to prevent shear failure. Failure mode of lift-
ing-up of 2 foundation might be allowed if shear wall has enough strength margin against shear fail-
ure.

The yielding mode of lifting-up of a foundation is thought to be also ductile for a shear wall as
well as flexural yielding of a wall. Fiexural vielding of foundation beams, instead of flexural yielding
at the bottom end of the shear wall, would be desirable if possible, because there would be little
damage on shear wall. Of course, ductility of foundation beam and foundation itself are required
instead of that of shear wall, especially soil and piles in compression side should be designed care-
fully to assure enough strength and ductility. Shear force of wall with pile foundation-has a possibility
to become larger than that calculated at assurance design stage due to the undetermined pulling out
strength of piles. In the case that lifting-up mechanism carries a large part of the horizontal shear
capacity, there is a room to be discussed about the design shear coefficient, if the design shear coeffi-
cient is the same as that in the case of flexural yield because lifting-up mechanism dissipate few
energy. As for lifting-up mechanism, there are many probiems to be made clear to ge1 design criteria.

(2) Design shear
Design shear would be obtained. according to Chapter 4, based on the shear force at vield
mechanism with the overstrength of vield hinges and magnified by the dynamic amplification factor.
In calculation of design shear force for shear wall, following points should be taken care adding on
the “Commentary™ in Chapter 4.
1) Static shear is affected by not only the overstrength of shear wall, boundar beams and trans-
verse beams, but also the oversirength of beams in other part of a structure. It is necessary to -
analyze the total structure considering shear transfer through floor system, i e.. it is not enough to
analyze only a part including shear wall.
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ii) When lifting-up mechanism is assured, the upper strength of foundation and foundation beams
directly affect on the strength of this mechanism, however, the overstrength of pulling out of piles
could not be estimated exactly, then it is required to set enough safety margin to their sirength. At
the present time, it is conservative and desirable to designate the force at flexural vielding of shear
wall or the strength at tensiie yielding of vertical reinforcement in the piles as the design shear.

iil) The additional story shear force due to the dynamic effect has a tendency to -be carried mostly
by shear wall, and then it is conservative and desirable to assume all additional story shear would
be carried by shear wall. Vertical and horizontal reinforcement in a shear wall would be arranged
basically equally, then adequate reinforcing arrangement is necessary before the calculation of
design shear force for the assurance design, because flexural strength of wall is also affected by
vertical reinforcement. The design shear force for shear wall (except for cantilever type wall) is
not proportional to flexural strength, so that a larger amount of vertical reinforcement than that
required in the design does not matter at many cases. But in the severe design case for shear, it is
necessary to assure reasonable reinforcing arrangement according to design demand. If strength of
shear wall would be short, it is desirable to make wall pane! thicker or to use inclined reinforce-
ment instead of increasing shear reinforcement in wall panel.

(3) Equation for shear strength
Equation for shear strength of shear wall is derived based on the same concept [Refs. 6.50,
6.51], plastic theory, as used for shear strength of beams and columns, where shear force is trans- -
ferred by truss and arch mechanisms, and the strength of vertical ‘steels is assumed to be infinite.
Shear design of shear wall might be done by each story. The differences from the equations for
beams and columns are following: _
i) Strength of shear reinforcement should not be greater than 4,000kgf/cm?, because there are no
test data using high strength shear reinforcement for verification of this equation. .
ii) Angle in truss mechanism takes better one which is determined in A-method (cot¢<2.0) or B-
method (cotg=1.0) to get a good correlation with test data.
1i1) Effectiveness factor for compressive strength of concrete that assures deformation capacity is
newly given considering test data. .
iv) Area of boundary column is taken into account as the equivalent length of wall in arch mecha-
nism.
v) The method assuring the shear transfer between stories 1s provided in order to conduct shear
design of wall by each story.

Ninety-nine shear wall test specimens in eight test series satisfying next conditions are selected
for verification [Refs. 6.52-6.65]:

(1) cyclic loading test;

(2) test in series with some particular parameters;

(3) test specimens with boundary columns; and

(4) test specimens with more than one-third of fuill scale. .



T —

In those tests, compressive strength of concrete and yield strength of reinforcing steel were

ranged from 200 to 400 kgf/cm? and 3000 to 4500 kgf/cm?, respectively. Test specimens are summa- '

rized in Table C6.5. As for the angle, ¢, in truss mechanism, B-method, cot¢=1.0 constantly. could
predict test data better than A-method, cotg=1.0~2.0. Then cot¢=1.0 is adopted in shear design of a
shear wall.

TABLE Cé6.5 SELECTED SPECIMENS FOR VERIFICATION

Test series  Reference Number of Characteristics and parameters Mark
specimen i.

1 6.52, 6.53 5 Lateral confinement of boundary column | O
2 6.54, 6.55 6 Variation “?iﬁl:}elzix; g):nss ratio and

6.56 4 High axial load L

3 6.57 34 Heavy wall reinforcement ratio O

4 6.58 16 Axial load level and Shear span ratio i |

5 6.59, 6.60 5  Large shear span ratio T A

6 6.61 7 Small shear span ratio +

7 6.62, 6.63, 6.64 20 T Wall reinforcement ratio A

8 6.65 2 Shear span ratio S¥

6.4.2 Equivalent Wall Widths
Calculation of the shear strength for a wall can use the equivalent wall widths including

the effective length due to confinement by the boundary column as defined in Egs.(6.14) and
(6.15). -

1=l o +D AL . (6.14)
lup=t wtD.+AL,, (6.15)

where

I' - clear span of the wall panel;

D, : width of the boundary column:

Al : increment of the wall width given by Eq.(6.16); and
Al .. increment of the wall width given by Eq.(6.17).
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Alwa=Acc/tw B for ACCSt‘QVDC

(6.16)
=(Dc+ ' Actt; Ew )f‘)’ for Acc>th c
Alwb= cc/tw for Ac:Sthc
(6.17)

=D, for A >t D,
where :
A effective area of the boundary column given by Eq.(6.18) not greater than 3t D..

Ace=Ac.~Ngo / Op (6.18)

where
A.: sectional area of the compressive side boundary column; and
. N axial load of the compressive side boundary column in the yield mechanism assuring
design.

[Commentary]

It is made sure by also experiment that the area of boundary columns contribute the shear
strength of a wall. Equation used in the current ultimate strength design replaces the total wail area
including area of boundary column by equivalent rectangular area, and could predict test results well.
But the contribution of boundary column to shear strength of wall could not be explained reasonably
or quantitatively. Shear design equation adopted in this design guideline is derived from the research
that evaluates the contribution of boundary column to the strength of wall theoretically based on
equilibrium condition, and is simplified for a practical design use.

There is a research [Ref. 6.66] in which a virtual increment of wall width due to a existing of
boundary column, where the angle of arch mechanism changes and shear strength of wall increases,
can be estimated roughly by the equilibrium condition with flexural strength of boundary column.
As shown in Fig. C6.16, a width of wall for arch mechanism extended from boundary column (Al :
the distance from the center of boundary cotumn) is given by Eq. C6.13 assuming that the flexural
strength of boundary column, M, is equal to the moment about centroid of column at it’s bottom
produced by diagonal compression force within a width of Al..

[ 2My
Al = VOBl (Eq. C6.13)
cosP

Flexural strenéth of boundary column is simply obtained as Eq. C6.14 ignoring the axial force
effects. :
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Mqy = 0.8p, Oy Ace D (Eq. C6.14)

where A.., D ) o, designate an effective area of the boundary column given by Eq. 6.17 (excluding
concrete area resisting to column axial force), the tensile steel ratio 1o A, and the tensile strength of
steel bars, respectively.

Statistics on another unknown values are assumed to satisfy Eq. C6.15:

1.6pt0y 1
VGB(I-B)COSEB 4 (Eq C6.15)
Equation C6.16 will be obtained.
ACC C
— t“’
A= (Eq. C6.16)

/ vag

‘5//

4

’ Ma A Mu=vos te 45 coste (1-B)
.1/1 ’
-— al. cosf Jvogh(1—A)

P

| SR

M., Flexural strength of boundary column

Fig. C6.16 Increment of the wall width due to confinement of a boundary column.

This simplification is considered to get Al.=DJ2 at A_=t,D.. Equation C6.16 could give
conservative results because the contribution of axia! force to column flexural strength is ignored in
Eq. C6.14. In tension side, the effect of boundary column should not be considered, and the effective
area for arch mechanism should be up to the end of boundary column and equations 6.14 and 6.15
are obtained. Here, area of A, is limited up to 3t,, D, considering many combination of wall thick-
ness and shape of boundary column. And concrete area required for resisting compressive force , Neg,
induced to boundary column due to wall axial load {dead load+live load) and bending moment
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(earthquake load) acting at the top of wall in that story should not be included in A .. The compres-
sive force, N, adding half of wall axial load , N,/2 , to axial loads , M1/l,, , due to bending moment
is described as Eq. C6.17. The value, N, obtained from Eq. C6.17 is not always conservative.

Nee=N /2 + M1/lw (Eq. C6.17)

where
N,, : axial load for the yield mechanism assuring design;
M, : assuring design moment at the top of a wall in each story; and
ly : distance between boundary columns, and 0.7 1, gives a conservative result,

Figure C6.17 shows the correlation between shear strength predicted by the design equatien in
this section and test results. Y axis indicates the experimentally obtained maximum strength normal-
1zed by theoretical flexural strength of wall. X axis indicates predicted shear strength and also
normalized by theoretical flexural strength . Almost all test results are higher than predicted resuits,
except three specimens (solid triangles). One of these three specimens was reported to failed at its
loading beam. Other two specimens would be seemed to have the same problems. In the calculation
of flexural strength , the flexural strength are calculated on the distance of on-center in forces defined
by rectangular concrete stress block in compression side and yielding of all tensile steets in boundary
column and vertical steels in wall panel. For simplification, compressive concrete stress block is
assumed to be within a boundary column, and the effect of comptession steel is ignored. '

2.0F
= -
an -
£5
= 2 [} ]
Fo: Lg -
sz ¢ " _4 fo P
=3 ™ 0o & |}
= A A
_ = FY S A A!‘
=310~ A—
==
Q= A o
& oa
52 T -
5
3 e
w g L
=
0 1 y ' i 1 1 1 | | {
{} 1.4 2.0

Predicted strength
Theoretical flexural strength

Fig. C6.17 Verification of the design equation for a non-hinge region.
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6.4.3 Coefficient for Non-yield Hinge Regions
Calculation of the shear strength in non-yield hinge regions. defined in Clause 9.2.3, shall
use the effectiveness factor for compressive strength of concrete given by Eq.(6.4).

!
|

[Commentary]

Effectiveness factor, v, for compressive strength of concrete would be given by the same equa-
tion used as beams and columns. ‘As same in the design for beams and column; it is good to reduce
the effectiveness factor in order to get good predictions in the case of using high strength concrete.

6.4.4 CoefTicients for Yield Hinge Regions
Calculation of the shear strength in yield hinge regions shall use the effectiveness factor v
for compressive strength of concrete given in Eq.(6.19).

Vo for R, <0.005
v=1{ (1.240R,) v, for 0.005 <R, <0.02 (6.19)
0.4v, for 0.02 £R, '

where R, denotes the assuring rotational angle of the wall.

[Commentary]

Effectiveness factor for compressive strength of concrete in yield hinge region specified in
clause 9.2.3 1s given differently from in non-hinge region, in order to assure the deformation capacity
in hinge region more than required deformation capacity. The procedure to determine the effective-
ness factor for compressive strength of concrete is described below.

Effectiveness factor of concrete strength, v, necessary to get the same calculated shear
strength based upon inelastic theory as the flexural strength is discussed about the relationship with

“deformation capacity (ultimate deformation). That is, the concrete stress due to truss and arch mecha-
nism at theoretical flexural strength of walls , ¢, , is theoretically calculated and then v, is obtained
by Vm=0./0p. The relation between the ratio of vy to v; (effectiveness factor of concrete compressive
strength used for non-hinge region) and ultimate drift of test specimens, R,, is shown in Fig. C6.19.
Good deformation capacity is expected in the range of small of v/, even if the plotted points are
scattering. The boundary value could be set as shown in Fig. C6.19. The expected deformation »

capacity can be assured by performing shear design by using the lowest effectiveness factor corre-
sponding to that deformation. '
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For the verification, 49 specimens among 99 specimens listed in Table C.6.5 were selected
which showed ultimate drift angle of more than 1%. Ultimate deformation is defined as the point at
80% of maximum strength on their envelope of load-deformation diagram. When uliimate deforma-
tion is determined under cyclic loading path within the same drift, the envelope of load-deformaton
diagram extrapolated by connecting the maximum strength p'oim to the drift of 1/50 are assumed. As
for the test specimens modeling multi story shear wall, the first story drift is referred. The relation
between the ratio of v, to vy ,effectiveness factor of concrete compressive strength used in the
discussion of shear strength, and ultimate drift, R, is shown in Fig. €6.19. Good deformation capac-
ity is expected in the range of small of v /vy, even if the plotted points are scattering. The boundary
“value could be set as shown in Fig. C6.19. The expected deformation capacity can be assured bv
performing shear design by using the lowest effective factor corresponding to that deformation.

2.0 “ . :
: + va: Effectiveness factor
i - to assure the flexural strength of wall
A
vo=0.7— au/2 000
» LS
i~
L Yoo
a c e

! —
U 0.01 0.02 0.03 0.04
Liltimate it angie(rad.)

Fig. C6.19 Effectiveness factor of concrete, v, , and deformation capacit.
p

In the design of shear wall in a wall-frame structure, the point is how to assure the strength and
ductility in lower stories (hinge regions). Because the required shear strength in the upper story (non
hinge region) may be easily assured. The current design method does not distinguish the difference
between hinge and non-hinge region. however, in this design guideline, design for hinge regions is
dominant. In hinge region, effectivehess factor (v=0.7v) is used for design -in order to assure a defor-
mation capacity (R,=1/75), and then shear strength (potential shear strength) in hinge region calcu-
lated by using the reduced effectiveness factor (0.7vy) against design force is higher than that calcu-
lated in the discussion of shear strength, where v is equal to vp. The ratio of strength calculated by
using v=0.7v, to test results is shown in Fig. €6.20. Test results always shows higher values than
calculated strength. This means hinge region has enough safety margin to shear strength.

-
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Fig, C6.20 Predicted shear strength using the reduced effectiveness factor (1=0.7vy)
for a hinge region.

1

ACI318-83 code specifies the upper limit of shear strength of wall to be 10¥f .bd (psi), that
is equal to 0.174f :bd=0.217f' b, 1w (d=0.81) at concrete strength ° .= 240kgficm”. And there is a
research which recommends that nominal shear strength is less than 0.25f° 1,1, (l,:on-center
distance of boundary columns) in order to assure the ductility after flexural yield. These upper bound
limit are determined from experimental data.

The upper bound limit strength of shear wall calculated by the strength equation described in
this section could be defined as the maximum strength at the time when the diagonal compressive
stress of concrete in truss mechanism reaches the effective compressive strength of concrete (all of \
shear is carried by truss mechanism). That is, increasing the amount of shear reinforcement makes
force carried by arch mechanism decreasing to zero (f=1), and maximum force carricd'By truss
mechanism becomes t ], vGp/2. When oy is equal to 240kgfiem?, this limit strength is 0.29 Ggtulwp
for non-hinge region and 0.200pt,.l, for hinge region, and these correspond to the recommendation
in ACI code.
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6.4.5 Inclined Shear Reinforcement :
When inclined shear reinforcement is used in a wall panel, the shear V. given by
Eq.(6.20) may be added 1o the shear strength of Eq.(6.11):

wa = wa way sin exw ’ (620)

where

Ay © cross sectional area of the inclined reinforcement;
Owxy: Yield strength of the inclined reinforcement; and

By angle between the inclined reinforcement and wall axis.

!

[Commentary]

In Eq. 6.20, both tension and compression side wall reinforcement mayv be take into account. in
some experiments, theoretically calculated shear strength of walls using Eq. 6.20 has higher safety
margin to experimentally observed strength than that of walls with shear reinforcement normally
arranged, vertically and horizontally. Therefore, it is not overestimated that inclined reinforcement,
both tension and compression side, are effective on shear strength. There is some doubts about the
quantity of effectiveness for inclined reinforcement, however, this is good for ductility as well as
strength, then all area of inclined reinforcement might be countable to the shear strength. There are
two methods of the arrangement of inclined reinforcement, one is distributed method like as normal
arrangement of steel in a wall, and the other is concentrated method like as diagonal reinforcement.
Both methods are acceptable, and have no problems. Stee] area used in calculation, however, shouid
be appropriately defined as horizontal force components of inclined reinforcement corresponds to
increment of shear strength. The wall specimen with concentrated inclined reinforcement with
hoops in wall panel, whose shape is just like as a wall panel with diagonal column section, escapes an
evident compression failure at the wall panel under large deformation situation (R=1/50) and small
shear-span ratio {M/VD=0.5), and shows extremely excellent deformation capacity. This detail of
inclined reinforcement is desirable for hinge region subjected to large shear force.

6.4.6 Transfer of Shear between Stories

Shear carried by the arch mechanism of a story, except for a part of it transferred directly
to the immediately lower story by the arch action, shall be resisted by the tensile action in beams
or by the truss mechanism in the immediately lower story.
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{Commentary]

Muiti—sfory shear wall could be designed by each storv by story in this design procedure, shear
force in a story should be transferred to the immediately lower story satisfving the equilibrium of
forces. Shear carried by arch mechanism of 2 story, except for the part transferred directly to the
immediately lower story by arch action, should be resisted by tension in beams or by truss mecha-
nism in the immediately lower story. Practical design procedure is as following (see Fig. C6.21),
where dashed symbol denotes variables on the upper story, and simpie symbol on the lower story. for
example, V' indicates design shear for upper story wall and V indicates design shear for iower story
wall . .

Shear carried by arch mechanism in lower story, V,:

V=tand(1-fi ), vep/2 ' (Eq. C6.18)

and the part of shear transferred directly from the upper story to the lower story by arch action, V. 1s
_generally presented by Eq. C6.19 (ransferred through overlapping area of arch struts in upper. and
lower stories).

Vai = V,y(1-2 tanf - 2’tan@")/(1-A tan6) (Eq. C6.19)

where /'L=hlw/l\W and A'=h' /I'y.. If b, is equal to b’ and 1,,, is equal to 1’,,, Eq. C6.20 will be
derived.

Va1 =V, tanf/(tanf + 1) (Eq. C6.20)

If the story height is different, it is safery judgement 1o use the greater story height.
Equation C6.21 shows shear carried by truss mechanism in the upper story.

V= cotgt’y, I'yp p’s Ogy (Eq. C6.21)

Exceeded shear that should be resisted by tension in beam is obtained by Eq. C6.22.

AV =V — (V' + Vy) (Eq. C6.22)

Tensile strength of beam, T{=a,0y, a,: total area of axial steels, oy:strength of steel), should be
greater than or equal to AV,

T2AV ' (Eq. C6.23)
' This procedure is assumed that the value of 8 in both lower and upper stories are always the
sarne, and this assumption would give conservative results, because f of the lower story is always

small. The reason why sirength equation based on cot¢g=1.0 gives good prediction 10 test results is
thought that there are few test specimens which is good to verify the case of large value of cot¢. The
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angle in truss mechanism should be discussed from now, because the assumption of coto of less than
2.0 at strength equation does not always give an unsafe result.
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Fig. C6.21 Interstory shear transfer.
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6.4.7 Minimum Amount of Shear Reinforcement
Shear reinforcement ratio in a wall panel shall be not less than 0.0025. Shear reinforce-

> e o |
ment ratio of the boundary columns shall be not less than 0.003 in a vield hinge region. f

[Commentary]

Y Confinement of boundary column

Bottom end of boundary column in shear wall designed to yieid in flexure, no matter how tall
wall is, is subjected 10 large axial and shear forces. This design guideline specifies the details of steel
arrangement of boundary column according to its axial stress level assuming that the axial force due
to bending moment at flexural yield strength of wall is resisted by the confined boundary column.
But required amount of the confinement also depends on design shear level of wall, required defor-
mation, and required seismic performance as a column in another direction. There is no reasonable
way to take all these factors at present time. '

Confinement at only the bottom part of boundary column is good, and the amount of steel in
-this part is very small to that used in the total building, then it is desirable to reinforce the part
subjected to large axia! force as much as possible. It is recommended, not based on theorv but on
experiment, that volumetric ratio of lateral reinforcement to confinement zone is roughly more than
0.6%, 1.2%, and 1.8% for the ratio of axial force to compressive strength of less than 0.3, from 0.3 to
0.6, and more than 0.6, respectively. The effect of confinement depends on a spacing of lateral rein-
forcement, then it is recommended its spacing of less than 30cm and less than 20cm for the part
under high axial force [see Section 9.3].

(2) Structural requirements

Wall thickness should be more than 15cm and more than 1/30 of clear height of wall panel.
Shear reinforcement ratio in wall panel should be more than 0.0025 in each orthogonal direction.
Shear reinforcement should be arranged in double 1n case of wall thickness of more than 20cm, and
its nominal size should be more than Di0 (10 mm in diameter deformed bar), and its spacing in
front area should be less than 30cm, but in case of alternative arrangement of steel its spacing in one
side is less than 45cm. --

(3) Opening position. strength of wall with opening and reinforcement for opening -

Having a opening in wall at non-hinge region has no problems if enough shear strength is
provided. Even at hinge region, wall with openings, which locate at other than critical part and are
enough reinforced to prevent shear failure, could behave like as a solid wall. Shear strength of wall
with opening can not be easily estimated because it relates to the reinforcing method for opening.
However, the strength calculated by “All Standard for Structural Calculation of Reinforced Concrete
Structure,” in which strength reduction factor concerning on opening ratio, area of opening to are of
wall panel is introduced, will predict safely. When the strength equation of this section applies to the
wall with opening assuming that the wall consists of two walls divided at the opening, height of wall
in the equation is very difficult to be fixed, that is clear height of opening gives unsafe prediction and
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clear height of wall panel gives t0o much safety prediction. There is no simple and good way for
this problem. : .

As for reinforcement arrangement around the opening, there are some special effective details
such as X-shaped reinforcement in walls aside to opening, but these method is verified by only
experiment and has not yet generally established as design method.

6.5 Design for Bond

6.5.1 Design Bond Stress

Design bond stress shall be calculated b_y'Eq.(é.Zl). For a member without planned yield
hinges or with an planned yield hinge at the one end, the design bond stress can be given by the
smaller value between those calculated by Egs.(6.21)and (6.22)’. ‘

d, Ac
= — 6.21)
4 (L-d) '
b Ty COLE
= Pwt OwyCOLQ (6.22)
2y

where

Ao : stress difference of a longitudinal reinforcement between two ends of a member in the yield
mechanism assuring design, which equals 20y, for a member with the planned yield
hinges at both ends, equals (o,,+0,) for 2 member with a planned yield hinge at the one
end, and equals 20, for a member without the yteld hinges at both ends;

dp: diameter of the longitudinal reinforcement;

2y total perimeter of the longitudinal reinforcement;

L: clear span;

b: width of the member section;

d: effective depth of the member section;

Puwr: required shear reinforcement ratio at the middle part of member;

Oyy: yield strength of shear reinforcement at the middle part of member; and

¢: angle of the compressive strut of the truss mechanism at the middle part of member.

6.5.2 Bond Strength :

Bond strength along the longitudinal reinforcement of columns and beams shall be calcu-
lated bv Eq.(6.23). The bond strength for the top reinforcement of a beam shall be reduced to
0.8 umes the value given by Eq.(6.23): '

5p,, b) -
Y B ° ,
b (6.23)

‘Cbu = (1 .2+

where p,,’: shear reinforcement ratio of the peripheral shear reinforcement.
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[Commentary]

Much amount of flexural reinforcement in beams and columns might cause bond splitting fail-
ure along flexural re-bars and lead to brittle failure, that should be prevented. To assure the bond
action for flexure mechanism [Refs. 6.18, 6.40-6.42] and for truss mechanism [Ref. 6.43] are
proposed as the methods to prevent bond failure. Design method in this design guideline is the
combination of above two methods, that is, design bond stress according to flexure mechanism or
truss mechanism should not be greater than bond strength. Bond design is conducted for longiudinal
flexural re-bars arranged at extreme edge layers.

Design for bond provided in this section is simplified for practical design use based on conser-
vative assumption. Accurate design for bond might be conducted as described below.

(1) Design for a member without vield hinges or with a vield hinge at one end
‘ In order to prevent bond splitting failure, one of bond stresses due to flexure, 17, or due 1o truss
action, T, should be less than bond strength, 7,

Bond stress due to flexure, 7, is defined as that produced by the steel stress difference
berween both ends of a member. These steel stresses would be obtained from flexural analysis at each
end section. The Tris given by Eq. C6.26 considering inclined crack or yield hinge in tension side of
a'member. AG is a stress difference between both ends of a member. On a safety assumption. stresses
of both steels in compression and tension of 2 member without intended yield hinges take their reli-
able strength, Oy. Then Ao takes 20,. As for 2 member with an intended yield hinge at one end, steel
stress in tension takes its upper bound strength, oy,, and steel stress in compression takes its reli-
able strength, Oy, and Ao takes G,,+0y. It is not sure, however, that steel stress in compression always
reaches G, so it is allowed to get and use a working compressive stress of steel, o, instead of 0y, that
would be obtained by flexura} analysis using plain remaining plain assumption.

. 025ndiAc_Acd,
T mdy(L-d) 4(L-d) (Eq. C6.26)

Alternatively, if bond stress required for truss-mechanism defined in this design guideline is
less than bond strength, equilibrium of truss mechanism is satisfied and then bond splitting failure
might be prevented. The bond stress required for truss mechanism is obtained from the equilibrium
of forces illustrated in Fig. C6.1 as Eq. C6.27.

V, _DJPuiOuCOld _bpwiGuwyCotd

=

hevy 12277 iy (Eq. C6.27)

where

.V, : shear carried by the truss mechanism; :

Pu : Shear reinforcement ratio at the central part of a member, which is not the actual ratio for the
part but the amount required to resist the design shear; and

I¥ . total perimeter of the tensile steel.bars,



The bond strength, 17,,, would be obtained as following procedure [Ref. 6.44]. The bond stress
. for upper steel in a beam should be reduced by 0.8. :

Tou=Teot Tat (Eq. C6.2 8)
In Ecj. C6.28, 7., presents a contribution of concrete and is given as:
Teo=(0.4b;+0.5)Yop (Eq. C6.29)

where b; represents the coefficient related to the mode of bond failure given by the smaller between
b and b . '

Values of b;; and bg; are given as:

T4y (Ea. C6.30)
bi=(b—Zdy)/ Zdy, (Eq. C6.31)

where

b; : coefficient for the corner splitting mode {see.Fig. C6.22];

b;; : coefficient for the side splitting mode [see.l-"'lg C6.22] including the face-side splitting mode;
d. : depth of the cover concrete from the center of the corner steel;

dy : diameter of the comer steel; '

2d,, : total of diameter of the steel in a layer; and

b : section width of the member.

In Eq. C6.28, 7, presents a contribution of shear reinforcement, and each value for corner split-
ting mode and for side splitting mode is given by Eqs.C6.32 to C6.34, respectively.
In case of the corner splitting (b;=b_;<bs;):

- _SOAWVFCTé_ i
Y sdy (Eq. C6.32)
In case of the side splitting (b;=b,,<b.;) with condition N/22N,;:

< _{20/N +5N /N +i15N /N )p, 'D¥Oy
¥ dy, . (Eq. C6.33)

In case of the side splitting (b;=b,,<b,;} with condition N,2<N,,:

T ’ _(Spu.'b cSB )
¥ dy, (Eq. C6.34)
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where . ) _

s : spacing of the shear reinforcement other than that in the hinge region:

A, : sectional area of the shear reinforcement covering the corner steels (peripheral hoop or stirrup).

N, : number of the flexural steels directly hooked by supplemental ties:

N, : number of the flexural steels not hooked as above;

N, : total number of the flexural steels (=2+NgHN): and

p’w . shear reinforcement ratio other than that in the hinge region, only shear reinforcement arranged
at the extreme external side (peripheral shear reinforcement = 2A /(b s)) can be counted.

Corner splitting Side splitung
| I N
(=]
N[ = Nt =4 R Nt =4
Ny=l . N,=2 Ne=2

Fig. C6.22 Corner splitting and side splitting modes including the face-side splitting.

Equation C6.33 is derived from Eqgs. C6.35 and C6.36 in Ref. 6.44.

o 5,595

' sdy, (Eq. C6.35)
T, =1 571634, ¥Cp A

. sdy, (Eq. C6.36)

where
Tl - T for the steel that are directly hooked by shear reinforcement;

a2 | Ty for the steel that are not hooked by shear reinforcement: and
1.22 : coefficient used in the cases for ste¢l bars other than the upper steel in a beam.

Test specimens 1n Ref. 6.44 have four flexural steel in a line, and two of them are hooked by
peripheral lateral reinforcement (N =4, N =2). A, in Egs. C6.35 and C6.36 are replaced by p’,,, and
then Egs. C6.37 and C6.38 are derived.

15.9p.'b¥Gg _ 10p.'b V55

T 1=1.22
st.] 2dy dy. (Eq. C6.37)
7.63pw'bY0p _ 5pw bYOR .
Ts[‘2=l.22 =
2dy, dp (Eq. C6.38)
~ 108~

ey



When supplemenital tie is used with the same sectional area of A,,, 7, for intermediate bar hooked by
supplemental tie is given as the summation of Eqs. C6.37 and C6.38.

15p.'bYOp
T3 =¥ 2108 .
. dp (Eq. C6.39)

Equation C6.33 takes the average of these three values, Egs. C6.37 through C6.39.

In checking upper steels in a beam, steels-of a floor slab in orthogonal direction to the axis of
the beam could be countable as a shear reinforcement not hooking them. Then 7.’ by Eqs. C6.40 or.
C6.41 could be added to Eqs. C6.32 or C6.33, respectively.

In case of the corner splitting:

Ts;'=20(A /9 t-&-zzs S WO
b (Eg. C6.40)

In case of the side splitting:

T -=20(Astlsst+Asb/Ssb) : B
s
‘ - Zd, (Eq. C6.41)

where
A, S : area and spacing of the top steel in a slab; and
Agp, Ssp - area and spacing of the bottom steel in a slab.

The bond stress, 7, obtained from Eq. 6.23 is the worst case of Eq. C6.34 where many’ flex-
ural steels are arranged in a layer and only two of them are hooked at the corner by shear reinforce-
ment. Equation 6.23 will be derived as following. Depth of cover concrete measured from the
surface of a steel and clear distance between flexural steels are specified not to be less than 1.5 times
and 1.7 times their diameters, respectively. Equation C6.42 is from this minimum requirements for
steel arrangement. According to above specifications. minimum required section width is obtained as

b22(1.5dp)+(N-1)1.7dy +Nody=2.7N,dy, +1.3d (Eq. C6.42)

Equation.C6.42 could be simplified as be,db=b}Zdb>2.5, and then b=b;>1.7 is obtained from Eq.
C6.31. The contribution of concrete for this worst case is obtained from Eq. C6.29 as

o21.18Y0p = 1.2V0g

Equation 6.23 is given as the summation of this minimum assurance value of 7., and Eq.
C6.34. This design method for bond has already been applied at the time of verification for shear
strength equation (see.Fig. C6.5) . that 1s, in Fig. C6.5 the specimens that may fail in bond splitting
have been excluded.
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(2) Design for a member with the yield hinges at both ends

As for a member with intended vield hinge at both member ends, two design conditions are
provided, and it is necessary for the design for bond to satisfy one of them. One, [a]. 1s the condition
to limit bond slip within small vaiue (less than the bond slip at peak bond stress on bond siress versus
slip curve), and the other; [b], is the condition to remain either flexural mechanism or truss mecha-
nism in large bond slip situation (after peak on bond stress versus slip curve) [Ref. 6.42].

[a] Bond stress due to flexural action given by Eq. C6.43, 74, should not more than the bond
strength, 7y, , givenby Eq. C6.28.
a(L-d) | (Eq. C6.43)

where AG=20y,,

{b] Smaller bond stress which 1s given by Eq. C6.44 or Eq. C6.45 should not be more than the
ultimate bond stress [Refs. 6.42,6.45), 7., after considerable bond slip. Generally, bond
stress slip curve has a almost constant stress region (plateau) in large ‘slip situation after peak
if certain amount of lateral reinforcement is arranged. The value of 7, gives the bond stress
in such region. This alternative method is reflecting that a member could resist shear by exist-
ing of bond stress necessary for truss mechanism or flexure mechanism even in such region.

_ 'V, _bpwmOwcotd

T=
3z o (Eq. C6.44)
d,AG"

T=
4(L-d) | (Eq. C6.45)

Ultimate bond stress, T, 15 given as follows.
In case of the corner splitting (b=b;<bs;):

~ 70A. b
tbu5={————+sg"‘ 0.4)(08
b

(Eq. C6.46)

In case of the side splitting (b;=by;<b;) with codition N/22N,;:

L] 1 7 -
D
' N, Zd

e (Eq. C6.47)

In case of the side splitting (b;=b,,<b,,) with codition N/2<N,:
Thu=0-4vCp (Eq. C6.48)
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In Eq. C6.45 Ad' is the difference of stresses of steels between both ends in a member, and is
given by Eq. C6.49. '

’

Ao'=0,,+0; . e (Eq. C6.49)

where @, compressive stress of steel, is obtained assuming plain remaining plain assumption at the
overstrength limit design and using upper bound tensile strength of steel oy,

Equation C6.47 is derived as following. The uitimate bond stress in Ref. 6.45, 1, is given by
Eg. C6.50. :

233p.'b ’ \
b (Eq. C6.50)

Ultimate bond stress for flexural steel-not hooked by shear reinforcement is given as Eq. C6.51,
neglecting the effect of shear reinforcement in Eq. C6.50 (p’,,=0).

Thus=1.22(0.3¥0p) i (Eq. C6.51)

Test specimens in Ref. 6.45 have four flexural reinforcement in a layer (N,=4, N,=2). then Ty,
is estimated considering the effect of shear reinforcement in Eq. C6.50 by two times (see Eqs.C6.35
. and C6.36).

23.3p.'b
2 —ZdE‘-"—+O.3]@;

b

Toys = 1.22

(Eq. C6.52)

The ultimate bond stress of Eq. C6.47 takes the average of the summation of Eq. C6.51 and Eq.
C6.52. |

Figures C6.23 and C6.24 show the results of verification for this design method for bond.
Figure C6.23 shows the correlation of the assurance rotation angles obtained by both test and design
equation without check of bond. Many specimens could not reach expected (calculated) rotation.
While, the same discussion is done in Fig. C6.24 with check of bond by the method described in this
section. Figure C6.24 shows the evidence of the method of design for bond. Horizontal axis in Fig.
C6.24 denotes the yield drift for members in which bond failure is expected, where yield drift was
calculated according to Ref. 6.49.
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Fig. C6.23 Relation between the experimentally observed ultimate member rotation angies and predicted
angles by use of Clauses 6.3.1 and 6.3.3 on the specimens that reveal failure in the bond splitting.
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Fig. C6.24 Relation between the experimentally observed ultimate member rotation angles and predicted

angles obtained from Eq. 6.21, Eq. C6.32 and Eq. C6.33 on the specimens that reveal failure
in the bond splitting.
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6.6 Design for Beam with Opening

The provisions in Clause 6.2.1 “Basic Principle,” Clause 6.2.2 “Strength of Shear
Reinforcement,” and Clause 6.2.3 “Structural Requirements™ shall apply to the shear design for
a beamn with an opening.

[Commentary]

A beam with an opening reinforced transversely by only stirrups as shown in Fig. C6.25(a) 1s-
taken for a sample. Symbols used in the figure denote:

H : diameter of a hole or diameter of a circuipcircle (if opening has a rectangular snape):

G : spacing of stirrups aside to hole; and

Yo : distance from the center of a hole to the axis of a beam.

In the beam with opening arch mechanism is difficult to exist, and then shear shall be wans-
ferred by truss mechanism as shown in Figs.C6.25(b) and (c¢) [Ref. 6.68]. The compression strut
angle of concrete in upper and lower part of a hole is represented by ¢, in these figures. Symbols of
horizontal arrows show bond stress, and vertical ones represent forces applied 1o concrete from stir-
rups. Unshaded portion shows the zone where diagonal compression stress field 1s not formed.
Diagonai compressive stress of concrete around the hole becomes larger as the unshaded portion is
extending. Effective depth for truss mechanism, j, is defined as Eq. C6.53.

i . H g :
o™} tang
™ cosp, . ° (Eq. C6.53)

In Eq. C6.53, (H/cosg, + G tang,) represents the vertical height of the unshaded portion [see
Fig. C6.25(c)]. Shear reinforcement aside to a hole should be provided within the range of (j,,./2
+yp)cotd; as shown in Fig. C6.25(a). Compressive stress of concrete in shaded portion is given by
Eq. C6.54, where stirrup stress is assumed 10 be O,,y.

Ocw =pws0'wy-/3in2¢'s “Pws Owy (1 +cot¢y) (Eg. C6.54)

where' p,,s denotes the shear reinforcement ratio aside to a hole.
On the condition that o, is equal 1o voyg at the shear strength, @, is given by Eq. C6.55.
VG
B}

cotdp = -
: pwscwy : (Eq CGSS)

The value of cotg, is allowed to take more than 2.0, because this case is limited in the vicinity
of hole. Then reliable shear strength of a beam with opening is given by Eq. C6.36.

Vi = b jow Pus Gy COLOS (Eq. C6.56)

where pysOyy, = (1/2-H/j)vvGg ) when py0yy > (1/2-H/)vvGyg, which is the maximum amount
of reinforcement for shear.
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Fig. C6.25 Beam reinforced only by stirrups.

The attainable maximum shear strength of beam (reinforced up to its limit) with several open-
ing ratios , H/j,, are shown in Fig, C6.26. Here G is assumed to be equal to 1.2H. For example when
H/j; is equal to 0.25 (j;=0.8D and H/D=1 ’5), the upper limit of Vu/(bj,v vOpg)takes 0.24. It means

" the upper limit by reinforcement of stirrups. The verification for this strength equation agamst test
data [Refs. 6.69-6.73] has done and the results are shown in Fig. C6.27. Good prediction is obtained

by this strength equation.
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Inclined reinforcement whose development are anchored outside of stirrups aside to a hole.
where compressive stress of concrete is not so high, as shown in Fig. C6.28, can work well in its
tension side. Then the effect of inclined reinforcement given by Eq. C6.57 could be added to the

strength, V,, of Eq. C6.56.

Vx = A(Oyy SinG, (Eq. C6.57)

where
6, : angle of inclined reinforcement to axis of a member; and

A, : tension area of inclined reinforcement.

n.1 \\

0.1 0.2 0.3 0.4 0.5
H g

Fig. C6.26 Effect of the size of hole on the upper shear strength.

0

0 1
V.V,

Fig. C6.27 Verification of strength equation,
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Fig. C6.28 Beam reinforced by the inclined reinforcement.

In a beam with top and bottom sub-beams reinforced longitudinally and laterally, each sub-
beam have a truss mechanism as shown in Fig. C6.29(b). Then shear strength could be obtained by
Eq. C6.58. '

V, =2bjps 0, c0td; (Eq. C6.58)

where psCy,. = vog/2 (when ps0g, > vog/2), which is the maximum amount of reinforcement for
shear, and in which,

. Jis - distance between longitudinal reinforcements in the top and bottom sub-beams;

Ps - shear reinforcement ratio of the stirrups in the top and bottom sub-beams; and
Ogy @ yield strength of the stirrups in the top and bottom sub-beams.

The value of cotg, takes the smalier value in Eq. C6.60:

cotp, = 2
(Eq. C6.60)
VOp

1
psosy

cotd =

Stirrups in top and bottom sub-beams should be provided in the range of jscotds from the edge of
the opening as shown in Fig. C6.29(a). Inside longitudinal reinforcement in sub-beams should be
anchored at the outside of extended stirrup arrangement from sub-beams with hooks bent inside of
beam. Required strength of inside longitudinal reinforcement in sub-beams, asSy, 15 obtained from
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Eq.C6.61.
2,0, =V, W/(2j) (Eq. C6.61)

‘where W denotes the length of opening. And required strength of flexural reinforcement of extreme
edge (outside longitudinal steels in sub-beams), a,0,. should not be less than that by Eq. C6.62.

o _VU(W+j[Scot¢ 5)

y 2. L : (Eq. C6.62)
| HHA B
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(b} Truss action

Fig. C6.29 Beam with a rectangular opening reinforced by the longitudinal
reinforcement and stirrups in sub-beams.

When the inclined reinforcement as shown in Fig. C6.30 are provided. the effect of its tension
strength would be evaluated by Eq. C6.57, and would be added to V. Its anchorage should be done at
the outside of additional stirrups arranged aside to opening. The position of opening in a beam is
desirable to be other than in vield hinge region. When a opening in yield hinge region should not be
avoided, Eq. 6.9 should be considered in a calculation of cotg, and effectiveness factor, v, should be’
" given by Eq. 6.8.

Shear strength of a portion without hole should be obtained by Eq. C6.63, considering only
truss mechanism. '
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Vu =bjipwOuycote (Eq. C6.63)

where p,. denotes the shear reinforcement ratio in a portion without a hole, and the value of coie
should be calculated from Eqgs.6.5-6.7 and 6.9. .

When a special steel would be used as a reinforcement for a hole, its effect, that should be
verified by experim.em and etc., might be added 1o shear strength. Reference 6.74 is a research on
this topic. In this case aiso, shear strength of a part without hole should be calculated by Eq. C6.63.

H
2

[

jucoté, : Jncotd,

(a) Reinforcement arrange |

(by Truss action

Fig. C6.30 Beam with a rectangular opening reinforced by
the inclined reinforcement.
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CHAPTER 7 : BEAM-COLUMN JOINT

7.1 Design Objectives

after the structure forms a vield mechanism. The beam-column joint shall be designed to prevent

Beam-column joint shall be designed to maintain its integrizy 10 the assuring deformation i
a significant stiffness deterioration and slip-type hysteretic behavior by load reversals. ;

‘[Commentary]

(1) Structural requirements in beam-column connection

It should be avoided in principle that a structure designed to form the overall yield mechanism
fails in beam-column joints. Because the beam-column joints would suffer from so large shear of
adjacent beams and columns that it is difficult not only to design the joints for high ductility, but also
to repair their damage. There are many proposals regarding the resisting mechanism of a beam-
column joint against shear. This chapter adopts a diagonal compression strut of concrete as the shear
resisting mechanism, and the upper limit of design nominal shear strass in joint is provided to prevent
failures.

The beam-column joint has to resist bending moment, shear, axial force and torsional moment
produced by columns and beams at developing a vield mechanism without collapse, and also it is
desired that the joint is without evident stiffness degradation. Failures of a beam-column joint due to
an anchorage failure of flexural reinforcement of beams or columns and due to compression faiiure
of diagonal strut of concrete should be prevented. However stiffness degradation of the joint and slip
behavior in a story hysteretic characteristic may be resulted from shear cracks in the joint. vield of
Joint lateral reinforcements and bond deterioration in vield regions of column and beam bars.
Because it 1s difficult to avoid the shear cracking and the bond deterioration of flexural reinforce-
ments in a beam-column joint, the load vs. deformation characteristics with slippage may be accepted
in the guidelines so far as they do not affect so much on an earthquake response.

A recent study [Ref. 7.17 indicated that the slipping hysteretic characteristics, as far as they
were not so excessive, did not increase structural response n displacement range considered in the
guidelines; i.e., an story drift angle of 1/100 radian. In this chapter. minimum shear reinforcement in
a beam-column joint in proportion to joint shear stress 1s specified for preventing the excessive slip-
ping hvsteretic characteristics, and the design for embedment of flexural reinforcemert of beams and
columns and for anchorage of hooked reinforcement of beams are also described.

Beam-column joints in a structure designed under the concept of the guidelines are surely
subjected to stresses corresponding to the flexural strength at vield hinges because the members adja-
cemt to the joints are intended to form vield hinges. The joints are the key elements for transferring
forces between beams and columns and assuring a overall yield mechanism, therefore the design for
beam-column joints is very important. However, the design criteria for joints specified in this chapter
is not so severe than that for beams, columns and shear wails because severe design requirements
would disconnect the continuity of the design for joints between the previous design method and the
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guidelines (this continuiry is important in Japan) and make the scope of this design guideline narrow.

(2) Basic plan of beam-column joint

a) A beam-column joint is a segment where stresses of columns and beams are transferred by
their longitudinal reinforcements through the core concrete of joint, therefore the joint is required to
have enough sirength and stiffness. The core concrete in the joint must be confined b)} longitudinal
reinforcements of columns and lateral reinforcements of the joint, and it is reasonabie and practical to
embed the longitudinal reinforcements of beams in the core. In order 1o arrange the longitudinal rein-
forcements of beams inside the concrete core, beam widths are necessarv to be less than the column
width. This treatment leads to avoiding large eccentricity between beams and columns. For example
when beam widths are a half of a column width and the side faces of beams are not located outside
the column side faces in the joint region, the maximum eccentricity between the beams and columns
is less than 1/4 of the column width. )

b) When beams and columns are connected with eccentricity, torsional moments acting on the
beam-column joint and on the column in the opposite direction to each other make torsional cracks in
the joint and column, and reduce their stiffness. A large eccentricity reduces a stress transferred to a
side portion in the joint apart from the beam, then shear capacity of the joint decreases due to the
reduction of effective volume resisting against shear. |

- There is no limit about the eccentricity in the design guidelines. However, shear design for a
beam-column joint with a large eccentricity may be done ignoring a portion outside the effective joint
area and torsional design for the column due to the eccentricity is necessary.

¢) A deep beam-column joint has a slender shape and a steep diagonai concrete strut. An elas-
tic analysis of this kind of joint using a parameter of “a™ (=beam depth/column depth) shows that
shear stress distributions along the axis of column was expressed by a parabolic curve with its peak
value at the center for “a"=1.0, by a rectangular with almost uniform value for “a”=1.5 t0 2.0, and by
a biquadratic curve with two peaks at the upper and lower parts for “a™>2.0 [Ref.7.2]. According to a
few tests about a deep beam-column joint with *a”=2.0, shear failure concentrates to the upper part
of the joint and the nominal shear strength is 60 % to 70 % of the joint strength with “a”=1.33
[Ref.7.3]. The depth ratio of beam to column has no limit in this guidelines. but a deep beam-column
joint should be designed with caution [Ref. 7.4].

d) Chapter 10 requires structural slits (gaps) which separate non-structural walls such as span-
drel walls from vield hinge regions of structural members. The stiffness of beams or columns
increases due to those non-structural walls, consequently rotation of the yield hinges becomes so
large that vield regions of their longitudinal bars will extend toward inside of the beam-column joint

“and bond deterioration of the bars may take place in the joint. However, the quantitative evaluation of
the bond deterioration is not clear because there is few studies on this matter [for example, Ref. 7.5].

7.2 Design for Shear

7.2.1 Deign Principles
In shear design of a beam-column joint, reliable shear strength V), shail be greater than
* design shear V| of the yield mechanism assuring design. ' |
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7.2.2 Shear Strength of Beam-Column Joint
Shear strength V, of beam-column joint shall be given by Eq. (7.1):

ij‘ = KOp bj DJ ' (7.1)

where k : factor dependent on shape of beam-column joint.equal to 0.30 for a cross-shape
interior beam-column joint, and 0.18 for an inverted T-shape exterior beam-column
joint and an L-shape top story exterior beam-column joint: '
Og : compresstve strength of concrete;
: column depth or horizontally projected length of 90 degree hook; and
b; : effective width of beam-column joint given by Eq. (7.2).

bj=bp+by *by ' (1.2)

. where by, by, b,> denote the beam width, the smaller of one-quarter of column depth and one-
half of distance between beam and column faces on the one side and another side of a beam.

7.2.3 Lateral Reinforcement
Lateral reinforcement ratio pj, of beam-column connection shall be not less than 0.002.

and shall sausfy Eq. (7.3).

pjh 2 0.003 (V;/ Vi) (1.3)

[Commentary]

7.2.1 Design principle

{1) Beam-column joints should be designed against the severest stress combination of bending
moments and shear forces at the yield mechanism assuring design. The location of yield hinges in a
structure have been fixed at the design stage for the beam-column joints, then the non-hinge

“members including the joints should be designed for the stresses which are calculated by using the
upper bound strengths at yield hinges. Hinge location of a beam is in principle at a face of column,
but sometimes it is moved towards a center part of the beam in order to improve anchorage and bond
of beam bars in the joint. In any case the upper bound strengths of yield hinges should be used for the
design of joints.. ' -

The upper bound strengths of yield hinges are usually different in the loading direction, i.e.,
direction from right to left or left to right, then the joint should be designed against the severest
condition. :

The upper bound strength of yield hinge is defined as the upper bound flexural strength in the
section 5.4. The section describes that the effects of 1) actual strength of longitudinal bars increasing

from their nominal strength, and 2) reinforcement in floor slabs whose effective widths expand
~ according to drift level of the story should be taken into account in calculating the upper bound flex-
ural strength.

-126-



"(2) Design shear force, V,, for the beam-column joint in a structure with a strong column-weak
bearn mechanism is obtained by Eq. C7.1 [see Fig. C7.1].

Vi=T+Cy +C." -
=T+T -V, (Eq. C7.1)

In a T-shaped exterior beam-column joint, C,’+C.'=T =0 is assumed. Shear {rom columns, V,
is defined as the average of shear forces in the upper and lower columns, and is obtained by Eq C7.2
using the upper bound strengths of beam hinges.

V=2 My/L +1x’My /L) / (I + 1) . (Eq.C72)
where My, My’ : moments of left and right beams at the faces of column;
lp» Iy : span lengths of left and right beams;
L, L' : clear span lengths of left and right beams; and
L, I.” - heights of upper and lower columns.

—— .._. The design shear force for the beam column Jomt Vj, at the top story calculated on the

assumption that V, =0 gives safe side result, SRR T R
As for a beam-column joint in a structure with yield hinges in columns, the upper bound
strengths of column hinges dominate the design of the joint, so the design shear force, Vi, is given by
exchanging beam forces for column forces in Fig. C7.1. The beam-column joint at the first floor level
in a building with a basement floor should be designed using the upper bound strength of bottom end
of the first story column and the design stress of top end of the basement column provided as a non-
hinged member. For T-shaped joints in the top storv or the bottom story, the design shear force of
joint would be given bv exchanging beam forces for column forces in inverted T-shaped exterior
beam-column joints shown in Fig. C7.1. Axial force of column could be ignored because the shear
- force of beam-column joint is determined from bending moments and shear forces of adjacent
members. The design forces produced by intermediate longitudinal reinforcement in a column with a
vield hinge should be added to the forces of T and C* in Eq. C7.1 according to the intended rotation
angle at the hinge region. The shear force calculated by above method is the vertical shear force, Vi,
and the lateral shear force, Vp, could be obtained by Eq. C7.3 approxxmately, if necessary.

- Ve 1
< T C. 7 T
T - —— =, = =oas = =T
— ( C. | v, i M l; —t »
( ~ Mo _ T/ ) Y )
M;__.._ ______ =l T ]\ —=C l\‘_______ —C: _
T [ G - [ G G

Fig, C 7.1 Internai stress resultant of joint.
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Vin =V, (Dy/ D} A (Eq. C7.3)
where \';. . vertical shear force;
D, : depth of beam; and
D : depth of column.

(3) All beam-column joints at and above the ground floor level of a structure should be
designed according to the provisions of this chapter. Similarly 10 the design for columns. the cesign
forces are desirable to be determined considering lateral loads acung simultaneously in two direc-
tions. The shear force in a beam-column joint subjected to the lateral loads in two directions 1s esti- .
mated by superposing the forces at yield mechanism in each direction. and is larger than that
obtamed from one directional load. .

On the contrary, there are few research on the shear strength of beam-column joint subjected to
any directional lateral loads. Especially there are very few research on the behavior of shear failure in
beam-column joint prior to vielding of the beams or columns. As shown in Fig. C7.2, test results on
three-dimensional interior beam-column joints subjected to bidirectional load reversals show that the
shear strength of jomnt in 45 degree direction was larger than that in the main direction (beam axial
direction) under no column axial force, but was not larger than that under large column axial force
(o, /0g=0.2) [Ref 7.6]. The bidirectional shear strength diagram of column is represented as an
ellipse. If this characteristic could be applied to beam-column joints, it would not be necessary for
design of joints to consider the strength reduction due to the effect of bidirectional loads. The shear
strengths and the story drift capacities of three-dimensional beam-column subassemblages after
yielding at the four beam ends do not show large differences between the beam axial direction and
the 45 degree direction. Therefore the guidelines allow to design a joint only in each beam axial
direction, when enough shear strength is provided to the joint. Further researches on the shear.
strength of joint in any direction are necessary.
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" Fig. C 7.2 Bidirectional shear strength interaction of interior joinf.
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Since the joint surrounded by structural walls does not subject to so large shear in the direction
of wall plane, it is not ﬁecessary to design for such joint. The joint adjacent to a structural wall, such
as boundary beam-column joint in a wall, would be designed as a part of a boundary column in a
wall for lateral loads in direction of the wall plane, and be designed for the embedment of longitudi-
nal reinforcement of the boundary beam, so that it is allowed to design such joints for the transverse
lateral load independently.

7.2.2 Shear Srength of Beam-Column Jomnt

Shear strength of beam-column joint should be based on the strength multupiving the upper
bound shear stress dependent on the shape of beam-column subassemblage by the effective shear
resisting area.

(1) Shear resisting mechanism

‘ The shear resisting mechanism in beam-column joint can be considered to consist of a diagonal
concrete strut action and a sruss action [Ref. 7.7]. This is aimost the same shear resisting mechanism
as for beams and columns. The diagonal concrete strut action is the stress transferring mechanism by
a diagonal compression strut of concrete connecting a pair of compression zones at the corners of
jomt produced by bending moments of beamns and columns. The truss action is the stress transferring
mechanism by tensile resistance of lateral and vertical reinforcements in the joint and by compressive
resistance of uniform diagonal concrete strut in the joint panel. The truss action depends also on the
bond stress transfer along the column and beam longitudinal reinforcements in the joint, so that bond
deterioration reduces the stress transferred by the truss action. Previous test data show that the effect
of lateral remnforcement in beam-column joints on the shear strength are not so much and the failure
of diagonal compression strut of concrete dominates the strength. Therefore the guidelines have the
limitation of working shear stress of concrete to prevent shear failure.

Interior joint test results of 68 specimens, tested during the period of 1966 to 1988 in Japan and
other countnies. were compared with actual concrete strength in Fig. C7.3. Twenty-four specimens
showed shear failure in joint prior to the vielding of beams (soiid triangle symbols in Fig. C7.3; J-
type), and forty-four specimens showed shear failure in joint after the yielding of beams (open circle
symbols; BJ-type). The vertical axis is the nominal shear stress of joint. 7, which is the amount of
maximum strength divided by the product of bj and D, defined in the section 7.2.2. The value of b; in
J-type takes the average width of column and beam. The horizontal axis is compressive strength of
concrete cylinder, gg. The range of &g for all specimens 1s from 100 to 550kgf/cm- and that of J-type
is from 100 10 400kgfiem-. The lower bound of 7, could be estimated to be 8.3 og. Shear strengths
of Bl-type are dominated by the flexural strength of beams. Though some of them were lower than
0.3 op, shear failure occurred due t0 the mcrement of deformation. The deformations at shear failure
in BJ-type specimens except for one specimen with very small shear span ratio were more than 1/50
in storv drift which is the assurance deformation in the guidelines. Therefore shear failure in joint
could be avoided when the joint shear siress is kept to be less than the joint strength of J-tvpe specimens.

~ Although the shear strengths of beam-column’ joints plotted in Fig. C7.3 include the effect of
shear reinforcement in them, the figure shows that the shear strengths increase mainiy with compres-
stve strength of concrete. Equations described the relation of shear stress and specified concrete
strength were proposed previously, but most of them underestimate the shear strength in the range of
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high compressive strength of concrete. Equation 7.1 is proposed modifving this tendency, in which
the shear strength of beam-column joint is proportional to the compressive strength of concrete
considering that shear failure is due 10 compression failure of concrete strut. The average ratio of 7,
-to Og is 0.345 and its deviation is 0.051 in J-type specimens. The value of 0.3 is proposed as the coef-
ficient & in Eq. 7.1. Consequently more than 80% of interior beam-column joints designed by Eg.
7.1 will have the shear strength of more than 0.3 op.
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Fig. C 7.3 Average joint shear stress vs. compressive strength of concrete
of interior joint with cross-shape subassemblage.

As for T-shaped exterior beam-column joints as well as interior joints, test data on shear
strength are summarized in Fig. C7.4. There are only five specimens of J-type and seven specimens
of BJ-tvpe. Other specimens failed in anchorage of beam bars or in flexural yield of beams. The aver-
age ratio of 7, to op is (.194 and its deviation is 0.013. Proposed value of xin Eq. 7.1 1s 0.18. More
than 80% of exterior beam-column joints designed by Eq. 7.1 will have the shear strength of greater
than 0.18 op. ‘

The first order regression relationship among test data would be described as 7, = 0.249
og+19.2 in keficm? for the interior joints and as 7, = 0.105 og + 21.9 in kgficm? for the exterior
Joints. Judging from these regression relationships, Eq. 7.1 gives a high shear strength in the range of
high compressive strength of concrete. The reason why the relation of shear strength and concrete
compressive strength is expressed with a proportional expression is that such type evaluation is
simple and practical for structural design, then it should be noticed that the upper bound of the speci-
fied design compressive strength of concrete is 360kgficm?. The coefficient of x should not be used
in the case that compressive strength of concrete is more than 360kgficm?2.
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Fig. C 7.4 Average joint shear stress vs. compressive strength of concrete
of exterior joint with a rotated T-shape subassemblage.

(2) Effective width b; and effective depth D; of beam-columnn joint

' The effective width of joint, b;, should be obtained by adding a beam width to an effective
width of column [refer to Fig. C7.5). The effective width of column is defined as the smaller of a half
distance from beam side face to column face and one-fourth of the column depth on either side of the
beam. In another words, the effective width, b;, is based on the average width of beam and column,
and is limited to the sum of beam width and one-fourth of column depth, assuming that joint stresses
are effectively transferred through a zone covered bv four lines with their angle of 1.2 radian from
each side face of beam. This concept considers that when the beam width is very narrow agamnst the
column width or the beam connects eccentriczily to the column, some part of column volume in
beam-column joint far from the side face of beam does not contribute to shear strength. According to
this definition on the effective joint width. it takes the average width of the beam and the column, no
matter how eccentrically the beam connects to the column, when the beam width is more than a half
of column width for a square column. And also it often takes the sum of the beam width and one-
fourth of the column depth, when the beam width is less than a half of the column width or the beam
connects to the longest side of the rectangular column. In the case that a width of beam or column is
different from a width of the opposite beam or column of the joint respectively, or a couple of beams
connect to a column with eccentricities different from each other, it is necessarv to define another
effective widths for those beam-column joints by understanding the formation of compression strut in
the joints. For example, the joint with two different widths of beams takes the average width of them
as by, in Eq. 7.2. Further researches on this field are required. .

The effective depth for interior beam-column joint may take column depth. D. In previous
researches on beam-column joints, the effective joint depth took conventionally the moment arm of
column, j, ignoring the effect of axial force on the arm length. It 1s seemed to be the same method as
evaluating shear strength of beams or columns. Shear strength of beam-column joint would depend
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on the diagonal compression strut of concrete which links both compression edges in the joint adia-
cent 1o the ends of beams and columns. so that it is reasonable to take the horizontal length of joint as
the effective depth and also such manner is simple to calculate the strength. The effective depth for a
T-shaped exterior beam-column joint takes the horizontally projected length from the outside of 50-
degree hook to the beam end or the horizontal length from the beam end to the end of steel anchor
plate in case of using mechanical anchorage. This is based on the same concept taking the horizontal
. length of compression strut of concrete as the effective depth for the interior beam-column.joint
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Fig. C 7.5 Defined effective width of beam-column joint, which is used in case of eccentric joint and/or
different widths between beam and column.

(3) The confinement effect of transverse beams on beam-column joint

From the beam-column joint tests with non-loaded transverse beams it is well known that the
transverse beams make the joint stiff and strong. Figure C7.6 shows the test data concerning the rela- -
tionship berween coverage ratio of a joint by transverse beams, %, and shear strength magnification,
B, of a joint with transverse beamns 10 a joint without them [Ref. 7.8]. The solid parabolic curve shows
the relationship. : T
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Fig. C 7.6 Relationship between shear strengtﬁ magnification and coverage ratio by transverse beams.
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In existing buildings, however, the beam-column joint with beam hinges subjected to bidirec-
tional forces during an earthquake can not be confined so much by the transverse beams, because
they also have yield hinges and cracks on the beam ends. The confinement effect bv transverse beams
on shear strength of a beam-column joint is not taken into account, because the guidelines treat a
structure with a beam hinge mechanism. However, only if transverse beam bars are assured not 1
yield at the column face of the interior beam-column joint by forming a column vield mechanism or
forming beam yield hinges located far from the column faces, the shear strength could be increased
by the factor f§ expressed in Eq. C7.4.

B=1+032 | _ (Eq. C7.4)

where A = Z (b, - D) / 2 (Dy, - D), in which by, D, Dy and Dy, denote the width of transverse
beam and depths of column, beam and transverse beam, respectively. ' _

For the beam-column joint with a transverse beam in one direction. strength increment should
not be allowed. As shown in Fig. C7.4, Eq. C7.4 gives the lowest prediction to scattering test data.

Equation 7.1 does not consider the effect of transverse beams on the shear strength of beam-
column joint, because many beam-column joints in a structure designed by the guidehnes have vield
hinges at beam ends of all directions in principle, and the confinement effect of transverse beams
cannot be expected. However interior beam-column joint test specimens with transverse beams after
subjected to two times cyclic drift angle of 1/75 indicated a larger strength than that without trans-
verse beams [Ref. 7.9]. And floor slabs also have the effect on confining the beam-column joint. So it
is possible for transverse beams with yield hinges to increase a shear strength under low stress levels
‘in the transverse beams. The relation between stress level of transverse beams and application of
Eq. C7.4 should be discussed in future. The strength increment factor different from Eq. C7.4 may be
used when the factor is obtained from an appropriate experiment.

7.2.3 Lateral Reinforcement

{1) Recent researches show that there is not so large effect of lateral reinforcement in a beam-

column joint on its shear strengfh. Figure C7.7 piots the relationship between the strength ratio of

“shear strength to concrete strength. Ty, /0g, and the product of the amount of lateral reinforcement
and its strength. py, oy, The points linked by a solid line mean the specimens which were tested by the
same researcher in a test series varied oniy the amount of p;, 0,. According to Fig. C7.7 1t is very
difficult to recognize the effect of lateral remforcement on the shear strength except for a few cases.
The guidelines make sure that the role of lateral reinforcement in a jont is to keep the stiffness and
ductility of joint but not to increase the shear strength of joint. Then the minimum amount of lateral
reinforcement is given in proportion to the rano of design shear to shear strength of a beam-column
jomnt. '

Some foreign codes require more amount of lateral reinforcement than that required in this
section, however 1t is difficult to arrange large amount of lateral reinforcement more than 0.3% by
only hoop reinforcement and also is difficuit to add sub-ties to beam-column joint against Japanese
conventional construction method. This is the reason why the mmimum amount of joint lateral rein-
forcement is 0.2%. and the amount of lateral reinforcement of 0.3% is required for the joint whose
design shear stress is nearly equal to its shear strength. [t is desirable to establish a reasonable design

-133 -



0.5
I 3
0.4
F 3
s —
< 03 ,
3
F
&
0.2
0.1
0 2 40 80 80

Don- oy (kgt/om?)

Fig. C 7.7 Shear strength of interior joint divided by concrete strength vs. prbduct of
lateral reinforcement ratio and its vield strength.

method for lateral reinforcement in a beam-column joint considering the effect of column axial force
and bond strength, the required deformation capacity of vield hinge adjacent to the joint. and anchor-
age strength of hooked bars in T-shaped exterior joint.

(2) Design for vertical reinforcement in a beam-column joint is not required in the guidelines,
because usual columns would have ai least a intermediate longitudinal bar in each column face and
the bar works as the vertical shear reinforcement. The effect of vertical shear reinforcement on joint
shear strength is not clear yet, but test results of T-shaped exterior joints show that the lateral and
vertical shear reinforcement arranged with well balance and a large axia! force of column prevent a
shear failure of joints after yielding of the beams [Ref. 7.12]. The intermediate column bars of joints
with yield hinges in beams are useful to resist joint shear force because the bars are not subjected to
so large tension by the column end moments, but the bars of joints with yield hinges in column may
not be useful. Therefore it would be necessary to arrange additional lateral shear reinforcement
instead of the vertical shear reinforcement for the joints of the latter.
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7.3 Anchorage of Beam and Column Reinforcements

7.3.1 Anchorage Method ..

Longitudinal reinforcement of beamn with an intended yield hinge, as a general rule, shall
pass through the column core of the beam-column joint or shall be anchored nto column core of
the beam-column joint with a 90 degree hook. Development length of a bar shall be counted
from the critical section at the column face or at the top and bottom beam faces.

7.3.2 Anchorage with 90-Degree Hook

Development length shall conform to requirements in Chapter 9. Beam longitudinai rein-
forcement shall be extended beyond the mid-depth of column with a 90-degree hook. Extension
of a 90 degree hook shall be placed in the beam-column joint.

7.3.3 Bars Passing through Joint

When longitudinal reinforcement of beams or columns with intended vield hinges at both
faces of joint passes through the joint, bar size to member depth ratio shall be determined not to
cause significant stiffness reduction or slip-type hysteretic behavior under load reversais.

[Commentary}

7.3.1 Anchorage Method

(1) Longitudinal reinforcement of beam normally passes through an interior joint and is
anchored with 90-degree hook in an exterior joint. It is desirable to avoid the bond deterioration,
because yielding of the beam longitudinal reinforcement is liable to penetrate into the joint and to
deteriorate bond resistance along the reinforcement, consequently it causes also deterioration of
hysteretic energy dissipation. The bond deterioration may be delaved in the interior joint by passing
the beam reinforcement 1n the confined concrete core, and by limiung the bond stress level in design.
The hmitation of bond stress level is specified in 7.3.2 and 7.3.3.

(2) Joint cover concrete adjacent to a loaded beam may spall out or fail in punching shear with
cone-shape by tension of beam reinforcement, resulting in a reduction of development length. The
development length is necessary to be evaluated at the face of core concrete in joint if such phenome-
non would occur from early stage. Anchorage capacity of a bar subjecting to compression force does
not reduce so much than that under tensile force. -

This guidelines adopts the way as the critical section for calculating the development length of
a bar is taken at the face of column conventionally, because spalling of cover concrete or reduction of
bond resistance after bar yielding is affected by many factors and these behaviors are not so clear.

7.3.2 Anchorage with 90-degree Hook

(1) According to T-shaped exterior beam-column joint tests where beam bars were anchored
with 90-degree hooks, local compression failure of concrete inside the bar bends or splitting failure
of cover concrete beside the bar bends were reported as the failure mode of anchorage. even if the
difference of failure modes between anchorage and joint shear were not clearly distinguished. The
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failure of anchorage should be prevented because it causes the rapid strength reduction and the poor
energy absorption in hysteretic characteristics. ' '

The required development length 15 specified in Chapter 9. According to recent studies,
strength of anchorage depends on the horizontal projection length of a beam bar including the bend
portion, but it does not relate to the vertical extension of the beam bar bevond 12 times bar diameter.
dp. Then 11 is better to locate a hook as outside as possible in order to get as Jong horizontal develop-
ment length as possible and to extend the beginning of bent at least beyond the mid-depth of column.

The strength of anchorage with hook 1s affected by many kinds of factors, such as a radius of
hook and a thickness of cover concrete in a beam-column joint. Some of the proposed equations on
anchorage strength are based on the strength estimated by the sumn of bond resistance along the hon-
zontal development and anchorage resistance at the bent portion. Equation C7.5, however. evaluates a
local compressive strength of concrete, fi,.,,, at the inside of hook as the anchorage strength, P,
assuming that bond deterioration of horizontal part of a bar will occur soon after the yielding of beam
[Ref. 7.13]. :

P =wdy fyes sin€ h/ (h-j) (Eq. C7.5)

where w = 8+ 2 T cos (7 / 4- 6)
6 =tan(lg/]j)
lgn=1i +r+dp
B=(r/3dy)"#

focar =708
a=16.1Cy/dy

y=1+30A,/(]s),.

in which dy, : diameter of bar,
h : distance of horizonial suppon of column;
r :radius of hook;
Op : compressive strength of concrete;
1; : development length of swaight poruon;
A, :sectional area of lateral reinforcement;
s :spacing of laeral reinforcement; -
j :moment arm of beam; and
Cp : thickness of cover concrete from column face to center of bar. All parameter above are
measured in kgf and cm.

The average ratio of experimental strengths to calculated strengths by Eq. C7.5 is 0.95 and its
deviation 15 0.18. The test data used in this evaluation consist of those of 73 specimens Equation
C7.5 is provided only for the bar at the extreme edge, and further discussion is necessary on the eval-
uation of group effect of multi-bars including intermediate bars. '

(2) To prevent congestion of bar arrangement in a beam-column joint with bent down hooks for
top bars and bent-up hooks for bottom bars of a beam, U-shaped bar arrangement is used practically
in which both the ends of the top and bottom bars are connected in the joint [Ref. 7.15]. Sometime it
occurs that an extension of hook is placed below/above a beam-column joint or enough horizontal
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Fig. C 7.8 Definition of variables used in Eq. C 7.5 which evaluates
anchorage strength of 90-degree hooked beam bar.

___projection length cannot be provided within the joint. In these cases, shear failure or anchorage fail-- - _
ure in the joints is prevented by ways tHat tfatisverse reinforcement placed atjust -inside-of .the-hook _ __ __
can resist against the large local compression due to the hook and the lateral reinforcement placed
beside the hook can transfer the beam tension to the backside of column [Ref. 7.16].

Cover concrete on backside of column spalls off so easilv that the extension of hook reduces its

anchorage strength in case that the extension is placed in the same layer as the extreme bars of
column. There is no requirement about the thickness of cover concrete behind the extension of hook,
because of few research on 1t. Some experiments showed the punching shear failure at the pant
between the column bars, when the beam bars-subjected to compression force. Another experiment in
which specimens had adequate distance between the layers of extension and extreme column bar (the
distance was more than the spacing of column bars) prevented the anchorage failure {Ref. 7.17].
Even in this case, it is desirable that the column bars near by the extension of hook are confined by
hoops or sub-ties. It had better keep the development length rather than keep the thickness of cover
concrete behind the extension o1 hook. when it is difficult to keep enough horizontal projection
length against the column depth.

7.3.3 Bars Passing Through A Beam-column Joint
The average bond stress in a beam-column joint, 7,, of beam longitudinal reinforcement pass-
ing through the joint is described by Eq. C7.6.
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T,= a5 AG;/ D ¢ (Eg. C7.6)

where Ag; : stress difference of a bar at the both faces of a joint:
D :depth of column;
ag :cross sectional area of bar: and
@, : perimeter of bar.

Using a diameter of the bar, d,. instead of a, or o,, Eq. C7.6 is modified 10 Eq. C7.7.
T.= AC; dy/ 4D (Eq. C7.7)

Beam [ongitudinal reinforcement in a beam-column joint with beam yield hinges at the ulti-
mate strength stage reaches its tensile yield strength at the joint face, but does not reach its compres-
sion vield strength under the condition of large reinforcement ratio of tension bars to compression
bars. In case both the tension and compression bars yield, the stress difference of a beam bar at both
the faces of joint can be presented as 24,,, using the steel strength for calculating the upper bound
bending strength, 0,,. Bond strength is assumed to be proportional to the square root of the compres-
sive strength of concrete, then bond strength, 7, is described as v vog . And substituting these rela-
tions to Eq. C7.7, Eq. C7.8 is obtained as follow:

D/dy = Oy, / (27 0p) ’ (Eq. C7.8)
Here assuming that u is equal to 2y, Eq. C7.9 is driven as the proposed design equation.
D/dy 2 Gy, / (4 V0B) . (Eq. C7.9)

There is no recommendation for the value of g in the design guidelines. The New Zealand
design code recommends some values 1o prevent the pulling out of bars certainly from a joint with
yield hinges at its both faces. It is verv difficult to prevent beam bars from being pulled out because
of the conventional combinations of material strength, bar size and column size used usually in
Japan, and then some bond deterioration 1s allowed in the guidelines.

The bond deterioration and pulling out of beam. longitudinal reinforcement from & joint cause
slip-type hysteretic behavior with poor energy absorption capacity, and aiso they are accompanied -
with the following problems: (1) large response drift; (2) large pulling out deformation prior to flex-
ural yielding; (3) early compression failure of concrete at beam end due to large rotation at the beam
end; and (4) difficulty to repair the failure of pulling out.

However, since the bond deterioration in a joint expands gradually with increment of displace-
ment, it is expected that large and sudden strength reduction will not occur even though the bond has
been lost completely in the joint, if beam bars are assured to be anchored in some places in the both
beams and the compression zones of beam ends are well confined to prevent the compression failure.

The recent research [Ref. 7.1] led the p value in Eq. C7.9 with the following process: (1) It was
ascertained by the response analysis with slip-hysteresis model that hysteretic energy absorption
capacities do not affect so much on earthquake responses; (2) the index of allowable siip characteris-
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TABLE C 7.1 MINIMUM COLUMN DEPTH WITH BEAM BARS PASSING
THROUGH A JOINT IN ORDER TO PREVENT ITS BOND DETERIORATION,
SATISFYING A CONDITION OF Did, 2 0,,/10V0p

SD35 | D22 | D25 D29 D32 | D35 | D38 | Did,
'op=210 | 67 76 88 97 106 | 115 30.2
20| 6 | 71 8 91 99 | 108 28.2
270 { 59 1 67 78 86 9 | 102 26.6
30| S6 | 64 74 81 8 | 9 | 252
33| 53 | e | 78 85 | 92 24.1
0| 51 | 8 | e 74 81 | 88 23.1
SD40 | D22 D25 D29 | D32 D3s | D38 | D,
gg= 210 76 87 101 111 121 | 132 34.5
20| 71| 81 94 104 13 | 123 323
270 | 67 | 77 | 89 98 107 | 116 30.4
300 | 64 1 B4 93 oz | 110 | 289
33| 61 | 69 80 89 97 | 105 7S
60| 58 | 66 77 | 8 93 | 101 | 264
[Note]

Values of column depth are rounded up.
Upper bound strength of beam bars are as follows:
T T T~ forSD35bars-0 =-1.25 %3500 =437S kgfiemband _ .
for SD40 bars : gy, = 1.25 x 4000 = 5000 kgficm’.

tic was defined as the equivalent damping coefficient. heg, of 0.1 or more at the dnft angle of 1/50:
(3) the relationship between hq and bond index, 7, (= Oy, Gy / 2D) was investigated using experimen-
tal results; and (4) the factor of it was proposed to be 10.0.

It is noticeable that the earthquake response drift is not so much affected by the hysteretic
energy absorption capacity, but the number of reversals with large response drifts increases.

Appiying 10.0 for i in Eq. C7.9. the required column depths, D, are listed in Table C7.1 in the
relationship among dy, Oy, and Og. In the table, the upper bound material strength 1s assumned for
Oy, that is the stress of longitudinal beam bar at the vield mechanism assuring design.

According to Table C7.1, the column depths have become unreality in case of using large size
of beam bars and the combinations of column depth and beam bar size commonly used in the current
design are swrictly restrained. These are from using the upper bound strength of steel and for assuring
the yield mechanism. However, it is allowed for practical use to ease this restriction listed in Table
C7.1 by the following reasons: (1) Dynamic response of drift using the upper bound strength is
smatler than that using the reliable strength; (2) bond deterioration does not lead to serious problems
comparing with the strength reduction due to shear failure; and (3) some connections are allowed to
ease this restriction if the restriction is satisfied on the average in a whole structure (or at least in
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every storv). For-the time being, it is allowed to take 12.5 for practical use. Then 0.8D in Table C7.1 .
is allowed to be used

A

7.2]

7.3]

- 7.4]

7.5]

7.6)

7.7)
7.8]

7.9]

7.10]
7.11)
7.12]
7.13]

7.14]

7.15]
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EL MODELQ MATEMATICO DE UNA ESTRUCTURA

Enrique del Valle =

Resuinen

El analisis de cualquier estructura se lleva a cabo elaborando un modelo
matemitico que trata de Lomar en cuenta las peculiaridades estructurales que
se tengan., 5in embqrgo, es frecuente gue no haya concordancia entre el mode
lo matematico que se empled en el andlisis de la estructura y la estructura
real, ya sea por deficiencias en las hipdtesis simplificadoras que se hicie-
ron al elaborar cl.modelo matemético pzra que éste sea facil de analizar con
tus hetromientas disponibles f{programas de computadoras, métodns numéricos
iterativos, métodos aproximados, etc.) o por que nc hubo una transmisidn ade
cuada de esas hipdtesis a las personas que se encargan de materializar la es
tructura,.a través de los planos constructivos y 1o que se construye modiff—
ca substancialmente esas hipbtesis, invalidando el aundlisis que se hizo y al

terando radicalmente el comportamiento previsto bajo diversas solicitaeciones,

- En este articulo se discuten algunss de las idealizaciones comunes y lo:

prablemas que suelen presentarse.

* Frofesor titular. Divisidn de Estudios de Posgrado, Facultad de Ingenie-
ria, UNAM

Presidente, Socicdad Mexicana de tngenieria Estructural,



Introduccion

Al analizar una estructura hiperestitica es necesario establecer la
compatibilidad entre esfuerzos y deformaciones con objeto de calcuiar las
reacciones y elementos del estado de fuerzas internas, o elementos mec3ni "
cos {momentos flexionantes, fuerzas ccrtantes § fuerzas normales) y poder

disefar la estructura para que resista esos cfectos.

En general las estructuras son tridimensionales, pero para facilitar
su anilisis se elaboran modelos matemdticos mds simples, reduciéndolas a
estructuras planas cuyo andlisis es mis sencillo, buscindose que los re-

sul tados sean conservadores.

Recientemente_se han_desarrollado varios programas de computadora

que permiten realizar el andlisis de las estructuras en tres dimensiones
encontrandose, en ccasiones, que las hipdtesis simplificadoras hechas pa-
ra reducirlas al plano no.siempre conducen a resul tados conservadores.

Se han desarrcllado también métodos que emplean elementos finitos para de
finir mejor las distribuciones de esfuerzos y deformaciones en diétintas

zonas de la estructura.

Por otra parte, existen muchas incertidumbres en la determinacién de
los paramstros que intervienen en el modelo matemdtico de la estructura,
ref. 1, como son el médulo de elasticidad del material, -los momentos de
Inerﬁia y dreas de las secciones de las barras, la influencia de agricta~
miento y refucrrzo en el caso de estructuras de concreto reforzado, la in-

fluencia de las zonas de interscccidn cntre barras especialmente cuando



las dimensiones de éstas son una fraccion importante de 1a lengitud, la con
tribucidn del sistema de piso a la rigidez de las trabes, etc., lo que difi

culta 1a definicidn del modelo matemdtico adecuado-

Lo més-comdn es suponer que el comportamiento de la estructura ser§
elésfico; sin embargo, hay ocasiones c¢n que el andlisis mismo implica com-
portamiento no lineal, lo que suele tomarse encuenta de_maneré muy simpli-
ficada, cmpleando, por ejemplo, factores de reduccidn por ductilided, como

en e} caso del analisis sismico aplicando el Reglamento de Construcciones

para el Distrito Federal,

Es importante reconocer que lo Importante no es el analisis del modelo
matenidtico en si, ya que por muy bien hecho gue esté, empleando las mejores
herramientas disponibles, si no hay congruencia entre el modelo y la estruc:

1] PRy
.

tura Ved, Gicins auatisis Yy seyulameid 21 uisehu de la esLructura empieando

sus resultados, no sirven para nada, aunque sin embargo, se puede tener una

falsa sensacidn de seguridad.

En muchas ocasignes, siendo razonables las hipStesis hechas y los pard
metros emplesdos en el andlisis y disefio de la estructura, son inval idados
al momento de construirla ya sea por iéformacién inedecuada a través de ‘los
planos coenstructivos o bién por no respetar las recomendaciones contenidas

en ellos debido a que puedan ser difjciles de realizar y el constructor con-

sidere que no son necesarios ciertos detalies que alli se especifican.

Una de las causas mis frecuentes de daiios por sismo, por ejemplo, se dc
be a la manera inadecuada en que se construyen los mures divisorios y otros
elanentos "no estructurales' que el proyectista considerd que no era conve-

niente que formaran porte integrante de 1a estructura, pero que, o RO espe-



cificd claramente en los planos cédmo se debian construir, esto es, que holguras
debia haber entre la estructura y esos elementos, o el constructor no respetd
lo especificado, por falta de supervisidn, negligencia o incluso a veces, de
busna f&, pensando que si liga esos elementos a la estructura va a incrementar
la resistencia de la misma, ref. 2. Los efectos de ésto pueden ser desastrosos

y llevar incluso al colapsoc parcial o total de la estructura.

Otro problema que suele presentarse es el de la sobresimplificacidn del mode

'lo de la estructura pars que sea econdmico su andlisis y disefio, debido a 1a di

ficultad que enfrentan los estructuristas para cobtener una remuneracidn adecuva-

da por sus servicios. Muchas veces las personas que solicitan el cilculo de la

estructura creen lograr grandes economias pégando muy poco por el c&lculo de la

misma, lo que obliga al estructurista a reducir su trabajo al minimo, tipifican
——— —-do-evcesivamente-y-disefando-en—general_la. estructura_sobrada, lo que redunds .

en un costo de obra-mucho mayor que el ahorro que se hizo en los céleculos y que

dando la incertidumbre de que el andlisis y diseiio no fueron lo suficientemente

detallados y-puede haber algunas zonas criticas que no hayan quedadc sobradas,

que presenten problemas posteriores. Desgraciadamente se ha detectado que esta

situa;ién ha sido propiciada en buena p;rté por personas carentes de escripulos

¥ ética profesional, que cobran muy Larato, pero no analizan ni disefan la es-

tructura, sino que, basados en una dudosa experiencia "inventan'' las secciones

y armados de los distintos elementos de la estructura, entregando ésta resuelta

en une o dos planos llcnos de tablas con armados tipo, sin detalles adecuados vy

con unas memorias de calcuio francamente ridiculas. Cabe comentar que actual-

mente cl precio maximo que se paga por calculai una estructura normal es muy

inferior a lo que se paga cor “limpieza' de la obra al terminarse ésra,



Una situacién frecuentc también es que se exijan los cdlculos en un plazo
excesivamente breve, porque la.cbra ya se inicié.o porque hay gue iniciarla en
un plazo determinado, presionandose.al estructurista para que termine su traba
jo con brevedad, lo que impide en ocasiones realizar un andlisis detallado y

obliga a hacer hipétesis simplificadoras quenosiempre son conservadoras.

En ocasiones el mismo astructurista invalida el analisis en que basd su -
disefio, cuando encuentra que los armagos que obtiene a partir de los elementos
mecanicos calculados son excesivos, por haber resultado inadecuado el dimensio
namicnto preliminar y decide modificar las secciones de algunos elementos sin

verificar qué implicaciones puede tener ésto en los resultados del andlisis.

Discutiremos a continuacidn los tipos de estructuracidn y materiales de

construccidn mas usuates,

Sistemas estructurzles actuales,

Tipos de elementos estructurales. Para crear una estructura el ingeniero
dispone de distintos tipos de elementos estructurales cemo son: barras de eje
‘recto, trabajando a tensidn o compresidn simple, a flexidn, en general cembina-
da con fuerza cortante y muchas veces con tensidn o compresién; muros, placas vy

losas, con cargas en su plano o perpandicularmente 2 &}, arcos, cascarones, etc.

Los materiales mds usados para fabricar estos elementos son,.en aquelios
que intervienen esfucrzos de tensién, el concreto reforzado o presforzado, el
acero estructural y la madera;para aquellos en que predomipan los esfuerzos de

compresion, se emplea también con mucha frecuencia 1z mamposteria de piedra, --

adobe o tabique, ademis de los ya mencionados.
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Combinando materisles y elemzntos estructurales se integra lo que conoce

mos como un sistema estructural.

Entre las estructuras mis usuales tenemos las edificaciones de tipo urba
no, destinadas a habitacidn, fabricas, oficinas, recreacién, etc. y hacia

ellas se orientarad la discusidn que sigue,
Sistemas estructurales de tipo esquelético.

Se conoce como estructuras esqueléticas a las formadas por columnas y tra-
bes, sobre las cuales zpoya un sistema de piso que puede ser prefabricado o
construido monoliticamente con las trabes, en el caso de las estructuras de con
creto reforzado. Como se menciond anteriormente, este tipo de estructuras es
tridimensional, pero es comin analizarlo como una serie de estructuras planas.
Esta idealizacibn es mis o menos correcta cuando las columnas son verticales 'y

estin dispuestas de modo que se formen marcos en dos dirccciones ortogonales.

Cuando las columnas son inclinadas por requisitos funcionales o arquitectonicos
& los marcos no son ortogonales puede haber discrepancias importantes en los re
sultados del andlisis como marcos planos con respecto a los obtenidos en un and

lisis como estructura tridimensional empleando un programa de computadora apro-

piado, ref. 3.

En el anilisis de los marcos plancs se supone usualmente que tanto las tra
bes como las columnas son elementos de.eja recto de seccidn constante y se re-
presentan por sus ejes centroidales. No es comdn considerar la variacidn que
ocasiona en la rigidez angular de las barras la zona de interseccion entre ellas;
en general este efecto es mayor en el caso de las columnas, que tienen longitu-
des menores y en las cuales la proporcidn de la zona.dc interseccidn con respec
to al claro enlre ejcs suele ser imporiante sobre todo cuando las trabes son pe

raltadas. Si todos los marcos ticnen trabes del mismo peralte el error que se
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comckte al despreciar esie efecto no cs grande,pero si, como ocurre en estruce
turas modernas, los'marcos de fochadas tienen trabes mucho mas peraltadas que
las interiores para que se aprévechen pretiles o faldones como elementos es-
tructurales, puede cometerse un error imﬁortante al calcular la rigidez ante
fuerzas laterales que conduce a la subestimaciég de la rigidez real de los
marcos con trabes peraltadas y por consiguiente la asignacidn de fuerzas de -
disefio inferiores a las qua realmente absorberan esos marcos en funcidn de su
rigidez. Esta ha sido lo causa de agrietamientos severos por sismo en estruc
turas de esfe Lipo, en generz! debido a insuficiente resistencia por fuerza
cortante de las columnas en el claro libre entre trabes peraltadas. Una de
las recomendaciones m3s importantes para lograr ductilidad de estructuras de
marcos situadas en zonas sismicas es buscar que se formen articulacicnes plas
ticas en las trabes antes que en las columnas, pues de ese modo se reduce la

deﬁ‘anda de ductilidad ]r_\r_-a] mn ma :-::i:;

AL irc en esas ariiculaciones cuando las
fuerzas actuantes son mayores que las de diseiio, ref 4,5. Bertero, ref 6, reco
mienda que para evitar fallas por cortante las columnas se disefien para resis
tir el cortante que resultaria de dividir la suma de los momentos Gltimos que
resisten las columnas en sus extremos, entre el claro libre entre pafios de -

trabes, lo que conduce a un armado mucho mayor que el que se obtiene con las

hipdtesis normales,

Usualmente se supune que el moﬁento de inercia es constante a lo la;gp de
las barras; sin embargo, en el caso de estructuras de concreto, la posibilidad
de que las secciones sometidas a momentos importantes funcionen como seccidn
agrietada en vez de como seccion plena, hace que los momentos de inercia efec-
tivos scan en realidad variables. Lo inclusidn ae este hecho'cn el modelo ma-

temdtico es bastante complicado, pues ¢5 necesario crplear un ndmero mayor de



nudos al definir la estructura o emplcar el método del elemento finito.

En el caso dc las trabes ¢s cspecialmente importante el efecto que puede -
tener la contribucién del sistema de piso a la rigidez. El aumento en el momen
to de inercia de la trabe a! toumar en cucnta secciép T en lugar de rectangular
cuando se cuela ta losa meonolitica con la trabe, es del orden de un 100%; sin_-
embargo, habria que Lomar en cuenta al incluir este efecto la posibilidad de
agrietamiento de la seccidn en las zonas de méximo momento asi como el signo del
momento aplicado, pues la cont}ibucién de la losa ala rigiaez sera menor cuando

eslé sometida a esfuerzos de tensidn y mayor cuando lo esté a compresidn (ref 1)

La relacidn de rigideces relativas (1/2) entre £rabes y columnas es un pa-
rémetro inuy importante en el comportamicento de los marcos sometidos a fuerzas
laterales. E1 ané]is{s aproximado de ellos puede estar muy equivocado si dicha
relacidn-es—pequena~—Blumeref—/-,—propone—el. .empleo_de_un_indice_de_rotacidn
nodal que es igual a la sumo de rigideces relativas de las trabes entre la suma
de rigideces relativas de Jas columnas en que apovan esas trabes valuvado en el
piso medio del marco. Si el indice de rotacidn nodal es mayor de 0.1 habrd pun
to de inflexidn en cl diagrsma de momentos de las coiumnas, esto cs, se¢ flexio-
nardn con curvatura doble, paro si diché vator es inferior, habrd algunos tra-
mos de columna flexionadas en curvatura simple, lo que invalida los resultados

de métoados aproximados. Si el valor es imuy pequeno la estructura no serd en -

realidad un marco sino un 'woladize disfrazado de marco',

Hay que recordar gue muches edificios han sidc onalizados empleando méta-
dos aproximados, ya qui el empleo de computadoras para cste fin es relativamen-

te reciente ( a lo sumo unas Y5 afus).
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Obviamente la rigider lateral de una estructura con Tndice.de rigidez no-
dal baja serd menor. Esto es especialmente apliicable al sistema estructural
de losas planas aligeradas sobre columnas, muy en bogé en la construccién de
edificios altos en la actualidad; que lleva a estructuras sumamentc flexibles
en las que se tienen dafios Importantes en elementos no estructurales, ain con
temblores relativamente pequeiios. Cabe mencionar aqui ademas que se ha‘encon-
trado que la ductilidad que son capaces de desarrollar estos sistemas no es tan
alta como permite el Reglamento de Construﬁciones para el Distrito Federal, de- ~
bido a la dificultad de que se formen articulaciones plasticas en la zona de
capiteles, ref 8, recomenddndose que se use un valor de reduccién por ductili-
dad cuando mucho de 2 para estructuras de este tipo, lo que implica diseRarlas
para fuerzas laterales mas grandes. En este tipo de sistema estructural se

aplican también los comentarios relativos a variaciones en las propiedades geo

métricas de le estructura equivalente a 1o largo de las barras.

Las deformaciones que producen las fuerzas cortantes y las normales en una
estructura de tipo esquelético sometida a fuerzas horizontales suelen despre-
ciarse considerando que su valor es muy pequeio comparade con las deformaciones
que produce ta flexidn de las barras de la estructura. Esto generalmente es co-
rrecto, pero cuando la esheltez de la estructura es grande, entendiéndose por
esto el cociente de la altura de 'a estructura entre el anche efectivo de Ja mis
ma, sin incluir voladizos, los efectos de la fuerza normal son importantes,
ref 1. Dowrick, ref 5, recomienda que no se usen relaciones de esbeltez mayores
de 3 a i, para evitar contribuciones importantes de las deformaciones por fuer-
za normal a la deformacidon total., Cuando las dimensiones de las barras son gran
des en comparaciQn con su claro libre, las defo?macioncs por cortante son asi-
mismo importantes, y no tumarlas en cuenta puede llevar a errores de considera-

cidn,
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Con el empleo cada wcz m3s frecuente de las computadoras en el analisis
de estructuras, es muy facil tomar en cuenta ambos efectos. Cabe mencionar
aqui que al tomar en cuenta las deformaciones producidas por fuerza normal en
el analisis dé cargas gravitacionales hay'que tomar en cuenta la forma en que
se va cargando la estructur; en realidad al irla construyendo, pues se dan ca
sos en que los momentos flexionantes en las trabes resultan con signo contra-

rio al gue podria esperarse, debido a diferencias en el acortamiento de las

columnas por carga axial. -

Sistemas estructurales en que se cmplean muros o marcos contraventeados

Se pueden presentar dos casos, que Gnicamente haya muros o marcos contra-

venteados o bien que éstos elementos se combinen con marcos sin contraventear.

k1 a2nalisis y modeiado matematico dei primer caso es mucho mas sencillo

pues no hay los problemas de interaccidn que se presentan en el segundo caso.

Los muros pueden fabricarse con mamposteria de tabique o de blogues de ce

mento o bien hacerse dec concreto reforzado cuando se requiere mayor resistencia.

La. determinacidn de las propiedades_elasticas de‘los muros de mamposterfa
tiene serias incertidumbres pues dependen de una serie de pardmetros dificiles
de controlar, como son el espesor de las juntas, la catidad del mortero y de las
piezas de mamposteria, etc. Usualmente se confinan los muros de mamposteria con
elementos de concreto verticales y horizontales para mejorar las propiedades de
ductilidad de estns elementos, verntfsS*le.Estc tipo de‘muros suele modelarse
como viga, considerando que la mamposteria absorbe F;erzas cortantes y los ele-
mentos de confinamiento absorben los efectos de momentos de volteo en el plano
del muro. Alternativamente, puede usarse un modelo matomdtico tipo armadura,

en Gue los patines y montantes son los elementos de coniinamiento y los muros
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se idealizan como diagonales de compresion equivalentes.

La precisidn que puede alcanzarse en ambos modelés es muy dudosa, pues co
mo se menciond, es muy dificil estimar los parametros que intervfenen, tanto
eldsticos como geométricos. Al estimar estos Gltimos debe considerarse la po-
sibilidad de agrietamiento, sobre todo de aquellog'elementos que pueden estar

a tension.

El modelado de muros de concreto es un poco mds confiable; sin embargo,
es dificil la consideracion de agrietamiento, lo que puede redundar en sobre-

estimaciones de la rigidez de estos elementos.

La hipdtesis uszal de que la base de los muros estd empotrada no siempre
es adecuada, pues se obtienen concentraciones importantes por momento de volteo
que pueden provocar cierto giro de la cimentacidén, con pérdida importante de la

rigidez, especiaimente en el caso de suelos blandos.

SerTa conveniente elaborar modelos en gque sc estudie el efecto de la varia-
cidon en los paradmetros elistico-geométricos, usando valores extremos para tener

una idea de cuanto puade variar la rigidez vy eficiencia de estas estructuras.

La ductilidad que pusde alcanzarse émpleando muros es en general menar que
la que puede lograrseempleando marcos rigidos; esto tal vez pueda correlacionarse
con cl hecho de que la diferencia entre resistencia y rigidez es mucho mayor en
el caso de los muros, en que la rigidez es varias veces la resistencia efectiva
mientras que en los marcos la rigidez y la resistencia son del mismo orden de

magnitud,

Como ya se indico, esto es quizd la causa de los agrietamientos importantes.

de muros "no estructurales' cuando por alguna razdn impiden la deformacidn de
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estructuras flexibles, dekido a su gran rigidez, pero sin que su resistencia

sea compatible con dicha rigidez.

El caso en que se combinan muros y marcos en estructuras situadas en zo-
nas sismicas, es quizd el mads complejo desde el punto de vista del andlisis es
tructural, debido a la necesidad de considgrar la interaccion entre dss si;te-
mas que tienden a deformarse de manera diferente al ser ;ometidos a fuerzas la
terales, ya que los muros tienden a trabajar como vigas en voladizo, con defor
maciones de entrepiso pequefias en los primeros niveles y grandes en pisos supe
riores mientras que en ics marcos, las deformaciones de entrepiso.tienden aser
menores en pisos superiores, comparadas con las de pisos inferiores, debido a .
que la rigidez de entrepiso usualmente disminuye mias lentamente que las fuerzas

) :
cortantes aplicadas. Esta situacidn hace que el porcentaje de fuerza cortante’

tota! sue toman los marcos v los muros varie en cada entreniso:; en aeneral, en

pisos inferiores los muros absorben cerca de la totalidad de la fuerza cortan
te y la situacién se invierte en los pisos superiores en que a veces Jos muros
no sblo no ayudan sino quz tiencn lo que puede llamarse ''rigidez negativa", vya
gue tienden a deformarse mis que los marcos y aumenta la fuerza que deben absor

ber éstos.

S¢ han propuesto diverses modelos para analizar este prob1ema1 El pro;uei
to desde 1964 por Khan y Sbarcunis, ref 11, ilustra claramente las diferencias
de comportamiento de ambos tipos de elementos, presentando ademés'gréficas pa-
ra estimar la deformacién del cenjunto 2 través de ciertos parametros caracte-

risticos, para vorias condiciones de carga.
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La idealizaciéq mas comin de los muros al analizar este tipo de siste~
mas por computadora es suponiendo que son '"columnas anchas'' y cuando hay tra
bes continuas con ellas, formando marcos; se supone infinitamente rigida la
parte de trabe que queda compreqdida entre el eje y el pafioc del muro,ref 12, Los
comentarios relativos a la posibilidad de agrietaﬁientos, que reducen usualmen
te el valor del momento de inercia efecltivo, y de Ios'giros en la cimentacidn
de los muros indican que este tipo de andlisis no siempre es lo confiable que
parece. Seria conveniente llevér a czbo andlisis suponiendo valores extremos

que podrian tener los distintos pardmetros que intervienen.

Para el andlisis por sismo usando el Reglamento de Construcciories para
el Distrito Federal, dobe recordarse que el disefio de los marcos debe hacerse
cuando menos para soportar el 25% del cortante total, si desea usarse el fac-

tor de reduccidn por ductilidad de &, lo aue con frecuencia no se hate.

Se han desarrollado algunos programas de computadora mucho m3s complejos
que permiten el anilisis de este tipo de sistemas empleando la técnica del
elemento finito, ref 3. El valor que se dé a los parametros que intervienen
es fundamental para el éxito que se obtenga.en la prediccibn de los efectos
de fuerzas laterales. La consideracidon de movimiento de la cimentacidn puede
modificar radicalmente los resultados que se encuentren. Asimismo, la h{pérg
sis de que a nivel d2 los pisos se tiene un diafragma rigido que obliga a mo-
verse de igual forma a les marcos y muros no siempre es adecuada, sobre todo
cuando la planta del edificio es muy aiargada, Si éste es el caso debe tomar

se cncuenta también ¢l efecto do deformociones de la losa en su plano,



Conclusiones y recomendaciones.

Le lo expﬁesto anteriormente puedg concluirse que a pesar de que se dis-
pone en la actualidad de programas para computadbra muy eficientes paré el
andlisis de las estructuras, es importante def¢nir con precisidn cuiles son
los valores mas adecuados de los parimetros que intervienen, pues pueden co-

meterse errores importantes si no se logra ésto.

Como ya se indicd, en muchas ocasiones serd necesario repetir el anilisis
con diferentes valores de los parametros significativos, para ver el efecto

que tienen dichas variaciones en los resultados y reforzar la estructura de

manera adecuada,

——— ~—- - —l:as—mayores—incertidumbres—estan._asociadas _a las. estructuras_de_mamposte-_ __ __
rfa. Las estructuras de cencreto reforzado pueden tener también cambios impor
tantes en los valores de disefivo al variar algunos de los parémetros empleados.

Las estructuras de acero son las mas confiables desde este punto de vista, ya
que las propiedades elistico —geométricas de las estructuras construidas con
este material sufren mucho menos variacién. En este csso, 1o que debe'cuidér—

se es qua no aparezcan situaciones que modifiquen las hipétesis basicas, como

puede sci 1a falla por pandeo local, lateral o general,
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1. BASIC CONCEPTS

1.1 Hazard scenarios and design situations

P

FL)

1.1.1 The safety of a given structural system has to be verified for a

set of hazard scenarios, each deflined by the properties of the
structure together with a set of actions and environmental
conditions. To each hazard scenario shall be associated a
design situation defined by a set of load combinations axl1d a set

of systemn requirements, and design and performance criteria.

The long-term reliability of a structural system is a function

of the overall utilization and hazard scenarios, which are

described by the characteristics of a number of disturbing
phenomena, with random intensities, time variations and

space distributions. For the sake of simplicity the overall

reliability can be determined on the basis of a number of
design sitnations defined in terms of the participating actions
and their design intensaities, in conjunction with an adequate
model of the structure and the corresponding design and
performance criteria. System requx'rements and safety

levels determine what is expected of the system in terms of

e R e

behavior and risk, while design and performance criteria

—

provide operating tools and quantitative values the applica-

tion of which permits to satiafy systern requirements.

1.1.2 Design situations are classified as persistent, transient and
acci;iental, and the corresponding target reliabilities should be
consistent with the uncertainties involved. the consequences of
failure and the cost of increasing safety or improving expected

behavior.

Persistent situationsa are those having duration of the same
*  order as the life of the structure. Transient situations are

those having shorter duraticn and high probability of occur-




1.1.

rence. Accidental situations are characterized by short
durations and low probability of cccurrence. According to
t.hese definitions, design gituztions including dead and
ordinary live loads are persistent, those including wind are
transicnt and those including earthquakes, exceptional live

lvads, blast and impact are acgidental.

Design values of the loads participating in each design situa-
tions should be so stipulated as to lead to adequate risk
levels during the intended lifetime of the system. When
establishing those values, due consideration should be given
to the low probability of the event of simultaneous occurrence
of the most unfavorable values of the loads produced by two
or more disturbing agents. This can be handled by adoption
of load reducing factors to be applied to design values of the

individual loads considered separately.

At locations where historical or instrumental records or geo-
tectonic features indicate the possibility of occurrence of darnag-
ing earthquakes, the decisions about the establishment of seismic
desigr. . egulations as well as about th'eir_scope and safety level
should be based on formal or informal safety studies that consider

economic implications and acceptable failure probabilities.

No region of the earth can be branded as absolutely inactive.
In areas of substantial seismic activity the problem is
usually recognized, and building codes and engineering
practice advance accordingiy. Areas of moderate seismic-
ity are dangerous because of the scarcity of instrumental
records and the tendency of the inhabitants to forget history
and sub-estimate hazard. Therefore, decisions about design
intensities should be based on the knowledge of regional

tectonics as well as on direct statistical information.

[
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Scismic design intensities should be established on the basis
of cost-benefit studies under tolerable risk restrictions.
Cost-benefit studies are bascd on optimizing a utility func -
tion which is the algebraic sum of initial costs and prescn:
values of expected beneflit and loss. Upper bounds to tole: -
abie risk values mwust be adopred whern failure consequences
involve human lives; these bounds must be consistent with
those 1mplicitly accepted in modern socicties under different

conditions of veluntary and involuntary exposure,

Estimates of seismic risk should account for all sources of
uncertainty, namely those associated with other loads acting
simultanecusly with earthquakes, with mechanical propertics
of the structure (stiffness, damping, mass, energy-dissipa-
tion capacity, ductility, etc} with seismicity, detailed ground
motion history and dynamic responsec, and with the algorithms
employed in evaluating system's response and capacity and

in evaluating failure probabilities.

Structural system

Seismic design regulations shall state criteria for idealizing
Btructural systems. These criteria shall take into account the
type and specific features of each system and shall be based on

the respoense variables that determine the behavior of that system,
on the contrel variables that may be used in the selected ideahized
svstem, and on the degree ©f correlation between control varialles
and response variables. Non-structural elements shouid be in-
corperated into the model or should be adequately 1solated from

the structure,
It is weill known that the seismic behavior of a structural
system is to a large extent determined by its capacity to

dissipate energy throuph ductile deformation and that thas



.capaclty may he limited by local br:ttlc.failure and rdynamic
instability problems. However, [or practical reasons design
criteria are often based on static or lincar dynamic models;,
and the contrel variables are lateral forces and displaccmc:nts
instead of ductility demands. The usefulness of a simplified
structural moedel lies on its ability to indirectly conirol thel
response variables that determine the behavior of the real

i
|
system. |
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Experience of past earthquakes shows that non-structural’
elements may cause the failure of structural elements due

to an improper idealization of the system's behavior.

It is often difficult to isolate non-structural elements from
the structure or to model accurately their possible interaction
with it; therefore, compromise solutions have to be permitted
where simplified conservative models of the mentioned

elerments can be adopted.

Linear models can be used in conjunction with response spectral
reduced to account for ductility, when dealing with regular elast'()-
plastic systerns having gradual variations of the ratio of the g
strength available to that required at eritical sections. Conven-
tional methods of static analysis can be adopted when, in addition,
stiffnesses and masses vary gradually throughout the structure.)
Cases not satisfying the above requirements deserve special !
treatments, which may c<onsist, for instance, of allowing sm.allelr
load reductions through ductility, requirirg local corrective factﬁors
for internal forces or special lateral force-coefficient functions,

or requiring an explicit non-linear response analysis.

Both theoretical studics and observations about seismic
beavior of real structures show that excessive ductility

demands and inelastic deformations are likely to take place
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at some locations of systems with pronounced variations in
strength, with a tendency of plastic deformations to accumulate

in one direction, or with non-linear force-deflection curves |
that depart significantly from the elasto-plastic relation or

that deteriorate under load reversals. Such situations arise,

for instance, in multi-story buildings with a flexible ground floor,
in irregular frames where the bottom ends of some columns rest
on beams or cantilevers, transmitting to them the reactions‘due to
overturning moments, or in cross-braced frames where a signifi -

cant portion of the atory shear is taken by tensile bracing members.

The method to estimate the required lateral capacities on the
basis of the spectra reduced through given ductility values as
single -degree -of -freedorn systems isa applicable only to regular
systerms, where no important variations are observed in the
ratio of the strength available to that required according to
linear response analysis. If one intendas to predict ductility
demands of irregular systems, one must recourse to non-
linear methods of response analysis, Under these circum-
stances, design codes must either require use of the latter
methods or, to be on the safe side, to specify low ductility
factors to reduce the geismic response forces obtained from

linear analyais.

Structural models must include the atiffneas of all elements that
may influence their response, including the so-called non-

structural elements.

Because of the difficulties in obtaining and handling accurate
models of non-structural eletments, conservative assumptions
may have to be made with reapect to the interaction between
the non-structural elements and the structure. In some cases

it may be convenient to cover the mentioned assumptions by



resistance should maintarn, with an adequate reliability. their
integrity during and after the occurrence of seismic actions, and

should not adversely affect the behavior of the structure and

other structural elements,

A typical example 15 a secondary beam assumed to be simplv
supported on intcrmediate points of the main girders perpen-
dicular to it. Its contribution to earthquake resistance will
usually be negligible, but 1ts continuity in flexure and
torsion with the main girders may give place to excessive

stresses not accounted for by simple models.

Non-structural members and their fastenings to the structural
system should provide adequate safety against local damage and
collapse during and after earthquakes and should not adversely
affect the behavior of structures, and structural systems. They
should not create serious life hazards during and after earth-

i
quakes.

The design of the fastening._of partitions to a structure must
be consistent with the intended level of protection against
damage, and with the assumptions made in the structural
analysis. If a very low probability of damage is aimed for,
the partition must be attached to a structure so as not to
follow the deformations of the structure during a severe
earthquake, unless it is shown that the system is stiff
enough to prevent the deformation above the damage thre-
shold. The attachment must be capable of preventing over-
turning. The supports oilequiment, installations and ceiling
systems should prevent their collapse with an adequate
reliability. Accurate ostimates of the seismic response of
these systems will, in ueneral, require their idealization as

appendages tied to the main system and the application of a

special method of dynamic analysis. Except for very important

1.3.6

1.3.7

equipment, the local response may be estimated by means of
simplified models. The reliability to be specified must take
into account the nature and possible magnitude of the

consequence of local failures.

Serviceability requirements for structures and structural elements
should state the limit states relative to those requirements, as
well as reliability conditions to be satisfied for different seismic

intensities. ) .

The mentioned limit states include excessive residual deflec-
tions, cracking or loss of stiffness. These states are not
only related to serviceability conditions, but also to safety
requirements, as they imply cumulative damage and degralda-

tion of mechanical properties,

It may often be advantageous to accept significant local
damage as a means of dissipating energy and preventing
more dangercus failure modes, but repair work should be
easy and reliable and should be undertaken immediately
after darmnage takes place. ]t may even be advisable to place

some structural elements destined to fail and be replaced,

Nan-structural elements should be classified in two categories,
namely those which should maintain their serviceability during
and after earthquakes and those which are only required to

maintain their serviceability after earthquakes.

Due to a short duration of earthquakes as compared to the
life of structures, serviceability conditions do not include
behavior during earthquakes, except for some types ui
equipment. The classification of a non-structural ¢lement in

a given category depends on the use of the construction.
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means ol a double structural analysis, with and without non: a) Safety.

structural elements. b) Serviceability.

1
} - .
D bility «
1.2.4 Non-lincar models shall also account for slenderness (P - A) | e urabiiity
! d} Appearance.

affects and specify the locations where non-linear material
t

behavier may occur. They shall also specify adequate cyclic This document deals with the [irst two groups. Due to the

SEress -strain curves ur procedurcs to cdetermine them by thcoryf wide margins of uncertainty involved, they have to be stated in
‘ .

or uxperiments. probabilistic terms. In order to facilitate practical design

applications, the probabilistic specifications of system

The interaction between the inelastic deformations produced X
J requirements have to be replaced with a set of practical rules

by the response to several simultaneous ground metion com- o
which state acceptable algorithms as well as nominal values

ponents may be very important. Therefore, carrying out
: of loads, strengths and stiffnesses. These rules are called

step-by-atep non-linear response analyses ray lead to a
. .\t desgign criteria.
faise idea of accuracy if one negiects to treat the significant &

components simultanreocusly. 1.3.2 Safety requirements should state bounds to the probability of

failure of a system for given time intervals., The influence of

1.2.5 Both lirear and non-lincar models must make use of criteria of
curnuiative damage and degradation of mechanical properties

structural analysis that account for allirelevant sources of defor -
should be taken into account when verifying these requirements.

. . . . .
mations and inertial forces in the structure and at ite foundation.

3 The reliability of a complex system depends on the reliabili-

The foliowing are @ fow examples of sffects not always 'l tiea of the individual membera and on the way they are inter-

re'cognized, but important in many cases: axial deformations
connected. Therefore, no simple general relations can be

of columns due to averturning moment, rotational inertia
established between those safety measgures, and specifications

forces in chimney stacks and inverted pendulums, soil

I
[

e} b els should take into account at
deformations and inertia forces associated with foundation-i related to member safety lev

least approximately, their possibie relation with aystem

structure interaction, effects of distributed mass on the
reliability for each structural type.

|
t
response of some long-span members, vertical or rotational
!
|

accelerations of the ground. 1.3.3 Safety requirements for structural members assumed to contribute

to earthquake resistance must refer to the earthquake intensity

that corresponds to a given return period, should be consistent

1.3 System requirements

1.3.1 System requirements define the conditions that a system is ex- with the intended safecty of the structural system, and shouid

pt:cted to satisfy in accordance with its intended use. For cover a possible influence of cumulative damage wnd degradation

structural systems, these requirements are grouped as follows:: of mechanical properties.

j
I
|

l.3.4 Structural elements assumed not to contribute to earthquake

t
t
l
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Design criteria
Design critcria are a sct of specified vperations, algorithms and
numerical valtes which n combination with performance criteria

lead in practice to satisfaction of the system requirements,
Design criteria include the {ollowing:

a} Models of the actions «onsidered :n ¢cach design situation.

b) Deifinition of variables in terms of which the response shall be
measured .

¢) Algorithms for determining response.

d) Conditions for applicability of given response analysis
algorithms. ’

e} Criteria for obtaining characteristic and design values of
member resistance and stiffness.

{}) Criteria for evaluating capacities of ductile deformation and
energy dissipation of :nembers.

g) Criteria for determining damping values of the structure.

h) Crriteria for deterrmining acceptable values of resistance and

response.

Characteristic values of the variables used in design are those
values in terms of which are expressed the degign situations;
they correspond to specified probabilities of reaching more
unfavorable values. Design values are cbtained from char-
acteristic values‘by modifying the latter with load factors,
capacity reductien factors or additive terms. These {actors

and 1dditive terms arc serneratly Jdesiinated as jafety ctements.

Sei1smic actions can be spucified by lateral force coeificients,
respunse spectra or probabilistic modeis of ground motion {sce
sectons 2.2.1-2.2.5), The level of seismic actions must be
such that when ope takes into account the seismicity of the site,

the uncertainties in the ground motion models and structural

o=

1.

4,

properties, the specified characteristic values of all thoss '_ aei]
propertics and the safety elements, one arrives at the reliability

stipulated by the functional requirements.

Safety clements are defined in the commentary to 1.4.2,
Seismic hazard may be described by the probability diatribu-
tion function of the maximum intensity that may occux; during
any given time interval. The probability of failure or damage
of a structure is a result of the contribution of earthquakes of

different intensgities. In general, the requirements with

veay T
7

respect to safety and serviceability conditions may be .
achieved by specifying two intensities: one COrreBponding"tdg ‘
long return periods, applicable for checking safety against
collapse, and the other corresponding to moderate return
periods, for which the occurrence of limit states with

respect to serviceability and partial damage should be avoided.
The design criteria for both conditione should lead to the
required reliability against collapse during the system's
lifetime and to a minimum value of the sum of initial costs

and present value of expected lossea. For ordinary systems
practical considerations may lead to formulate design criteria
for safety and serviceability on the basis of a single intensity

value.

The methods adopted for predicting structural response must be
accurate enough for the type of a structure analyzed and for the
types of variables used to measure the response. All sigmficant
sources of deformations and inertia forces must be considered
{see Section 1.2). Explicit rules must be included to evaluate, at

least approximately, 2 possible influence of slenderness effects.

When lincar analysis is applicable, internal ‘orces and
stresses must be evaluated by a method that takes into

account cquilibrium, deformability and compatibility

— 1 -
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conditions; or by approximate methods known to provide

sufficient accuracy in particular cases. A limited amount of

stress redistribution may be permutted in the linear analysis

When modal dynamic analysis is applicable the model of a
structure should include as many degrecs of frcedom as necessary
to-ubtain reasonable or reliable estimates of internal forces at |
critical sections. The criteria for mode superposition should |
account for probabtlistic correlation between the responses of a
group of modes with closely spaced natural frequencies. Uncer

tainty in natural frequencies should be taken into account when

determining design values of spectral ordinates.

Even if torsional static eccentricities are small, their dynamic
amplification can be very large, but the resulting responses!
can be bounded by a value determined by a simple rule that
estimates dynamic eccentricity as the sum of an amplified
static value ard an accidental value. For single story asystems
it has been shown that reasonable elstw.mates of dynamic

response can be obtained by performing a modal dynamuc

analysis assuming only the translational degrce of freedom '
parallel to the ground motion campenent and rmultipiying the |
static eccentricity by an amplificatior factor that does not |
depend on the eccentricity. It 15 to be axpected that this |
conclusion can be extrapoilated to umiorm multistory systemls,
but it is probable that systems with larce inter-story varm-!
tions in plan or in distribution of masses or s:;‘u‘fnessesvmus:t
be analyzed considering coupled translation and torson |
vibration medes., Rotational wmertia may be very li:portanti
in inverted pendulums and chimney stacks and so may be !
vertical inertia forces due to horizon:tal ground motion in !
|

long span girders with distributed mass. The deformations
. l

of {loor diaphragms in their plane have to he considered in f

|
|
3
|
]

1.4.6

1.4.7

gome structures when those diaphragms do not have enough

stiffness to be treated as rigid bodies.

Uncertainty in natural periods can be recognized by requiring
that their nominal values used in design be more unfavorable
(shorter or longer) than those computed, or by modifying

the response spectra.

If a step-by-step method of analysis is adopted for estimating the
responge of a system taking into account non-linear behavior, the
interaction ameng the simultanecus responses to several ground
motion components should bé represented and should account for
degrading behavior when significant. Design values of the
response should be obtained from a large enough number of

ground motion samples.

Nominal design values of strength, stiffness, ductile capacity
and effective damping should recognize all sources of uncertainty
in system properties, and they should correspond to clearly
stated probability levels., Principles and algorithms valid for
determimng the mechanical properties of members, subassem-
blages and connections from characteristic values of material

and geometric properties should be apecified.

Sigmficant unce rtainties arise {rom deviation in material
properties, construction imperfections and strength predic-
tion algorithms. The probability of more un{avorable values
than the characteristic values should be high enough as to
permit the adoption of rebasonably inexpensive quality
control tests, but low enough as to provide some reliable
control of the moat unfavorable tail of the probability
distributions. For ordinary cases that probability 18 in

the order of 0.02 to 0.05.

t.-+.8 Verification rules should be established for the following variables,

13 -
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1.5.2

when applicable

a) ;nternal forces and stresses in members and conncctions.,
b)' Deflections .

c) Relative deformations.

d} Local deformations at connections.

e) Local ductility demands.

Those rules should be formulated in terms of characteristic
values of material and geometric propertics and system response.
Adequate safety elements ghould be introduced in order to attain

reliability levels as stipulated by the system requirements.

Performance criteria

Performance criteria are statements about the required prop-
erties of structures and structural members so that they will
satis{y the assumptions of structural analysis and design. These

rules cover the folléwxng properties:

a) Strength
b) Stiffness
¢} Ductility.

Strength performance rules should include statements about
minimum and maximum acceptable values, in order to ensure
that the system as whole is not weaker than intended and that no
unforeseen behavior problems will occur by the presence of
members stronger than assumed., These rules should also
include specifications about the acceptabie relative values of the
capacities of members and sub-assemblapges in different failure
modes. If these reguirements cannot be satisfied, lower ductility
values should be assumed for the purpose of determining design

{forces.

Rules related to overstrength and to relative values of

—14 -
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b,

i

capacities in different failure modes are intended to ensure
ductile behavior., Overstrength in a ductile member'may
lead to overstress of britile elements and therefore to their
failure. A flexural! member must have a higher safety
factor aga:nst diagonai tension failure than against tensile
yielding by bending sc tiat the latter failure mode is much
more likely than the former. Owv.rstrenpth in lateral shear
of a large number of stories in a multistory building can
give place to excessive ductility demands at stories possess-
ing only the specified capacity. In the last example, over-
strength may result from the presence of infilling wall panels

not considered as structural elements.

Stiffness performance criteria should include staterments about
minimum and maximum acceptable valu-es, in order to ensure

that the systemn is not more flexible than intended, and that no
unfaverable distribution of internal forces will result from
positive or negative deviations of member stiffnesses with respect

to those assumed.

Performance rules relative to ductility should state minimum
values of that variable, as well as the number of alternating load
cycles for which each member or subassemblage should be able
to reacl;l a apecified deformation without significant reduction in

strength or energy dissipation capacity.

Rehiability and quality 2ssurance

Reliability is the probability of satisfying a system requirement
or a performance criterion within a reference interval of time.
When dealing with damage modes, the consequences of

which car be represented by a2 continuous function of
response, rather than expressing functional requircments

in terms of a threshold value of the response, it is more

—15 =



#dequate to describe reliability with respect to those

modes by the probability density function of the magnitude

or the cost of damage, as this function, and more precisely
v‘it.s expected value, constitutes the basic concept for making

decisions concerning rehability with respect to the mentioned

modcs.

1.6.2 For standardizing the definitisn of reliability a reference time

interval of 50 years s chosen.

1.6.3 When formulating reliability models due consideration should be

given to the follow:ing possible causes of unsatisfactory behavior:

a) Gross error and negligence in design er construction.

b) Unfavorable random deviations in material properties or
_member gec;metries-

c¢) Inaccuracies of mathematical models and algorithms employed
to represent loads and structural systems and members, as
well as to predict response and behavior.

d) Uncertainties in the formulation of the probabilistic models

themselves or in the estimation of their parameters.

Gross error and negligence are by far the most important
causes of structural fallure under conditions present in
utilization scenarios. Failures produced by earthquakes
occur as a rule in structures where no special seismic
provisions were taken, where seismic hazard was under-
estimated, where design was based on oversimplified
unrealistic models or where gross construction deficiencies
were present. Ordinary,models for rehability analysis
ignore the possibility of pross errors and negligence and

therefore understimate failure probability.

1.6.4 Gross error and negligence should be avoided by a convenient

quality assurance ptan. Their possible consequences should be

- 16 -

1.6.5

1.6.6

minimized by means of redundancy and ductility.

Optimum quality assurance plans can be formulated on the
basis of the expected value of risk reduction and the
investmenrnt in the plan. Because the conditional probability
of failure. given the occurrence of some gross errors is
very hiph, it pavs to control failure consequences by means

of redundancy and ductility.

Reliability models should be based on theoretical concepts as well

as on calibration with the behavior of actual structures.

The state of the art of structural reliability analysis and
the limited extent of statiastical information about loads

and structures make it necessary to use information about
the behavior of actual structures. Seismic behavior and
reliability are substantially affected by energy dissipation
in partitions and other ''mon-structural’ elements, and only
a combined theoretical - empirical approach can assess

this effect and extrapolate it to other systems.

Acceptable reliability levels must be established for each type

* of gtructure on the basis of the economic value of reducing risk ang

on considerationes about acceptable risk levels with-respect to
consequences that cannot be expressed in monetary terms, such
as logs of human lives or destruction of very valuable documents

or artworks.

The conseguences of failure and the level of acceptable risk
depend to a large extent on the use of buildings, on their
contents and on the importance of their functions under
normal conditions as well as during and after earthquakes.

For instance, buildinpgs can be classified as follows.

Group 1. All buildings other than those belaonging to Groups
11 and I1.

17 -



Group .

Group 1.

Buildings having large number ¢f occupants,
including public assembly halls anéi theaters,
churches, schools and hospitals. Also inciuded
are building uscd as record depositaries or for
the storage of histeric, artistic or literary

treasurcs.

Buildings having easential facilities necessary for
post-earthquake recovery, which are required to
function during and immediately after an earth-

quake. Also included in this group are buildings

_housing particularly valuable art treasurcs or

similar.

2.1.2

IDEALIZATION OF SEISMIC ACTIONS

Larthguake characteristics

In the sclection of earthquake characteristics for design purposcs,

the following concepts have to be considered:

a) Historical records.

b) Local instrumenial records.

¢} Regional peology and tectonics.

d) Secismiic activity at all sources that may contribute to hazard.
e) Intensity attenuation with distance.

f} Local conditions.

None of these sources of information can be neglected when
making estimates of seismic hazard: historical records about
qualitative measures of earthquake intensities may give less
precise descriptions of ground motion than accelerograms,
but thoge historical records provide usually a clearer picture
of the long term statistical pattern. Knowledge of regional
geology and tectonics is oftenp more informative than several
tens of years of relatively low activity. Probabtlistic ap--
proaches for putting together information from different
sources, as described above, are based on Bayeg' Theorem

about the probabilities of alternate hypotheses.

Local historical and instrumental records must be studied with the
aim of obtamning information about intensity statistics, frequency

content of ground motion and influence of local conditions.

Descriptions of damage suflered by different kinds of struc-
tures provide significhnt information about frequency content

characteristics of ground motion,

Studies about regional geology and tectonice should be carried out

by specialists who are familiar with the regions of interest and

— 19



should cover the following concepts as much as fecasible:

a;
b}
c)

d)

e)
H]
g)

Regional tectomc structure and procfcsses-

Principal and sccondary faults.

Indications of activity or inactivity of {ault.

Estimates of maximum magnitudes, seismic moments and
durations of earthquakes.

Estimates of energy liberated per unit time.

Possible mechamsms.

Possible focal depths.

Descriptions of a regional tectonic structure should include
an evaluation of the setting of a region clese to the site
within wider regions of similar characteristics, so that
agsessments of-activity can be based on relevant information
above and beyond statistical data of activity in the vicinity of

a site, as the latter are often insufficient,
i

Estimates of maximum magnitudes or seismic moments can
be based on the dimensions of the potential source.s but it is
difficult to set an upper bound to the portion of a fault that
cap move during a single event. Uncertainty about these

estimates rmust be stated in probabilistic terms.

Estimates of potential future activity at_seismic sources must

include

a)

b

Magnitude- réecurrence curves covaring the interval of
modcerate to larpest expected magmudes.

Measures of uncertairty ahout the ahove mienbioned curves.
Indications ahout the possible random and svstematic

fluctuations of activity with time.

The last item includes considerations abou! the likelihood of

immediate or short-ternt activity . This likebhood may

- M

2.1.5

result from purely statistical considerations, from the
observation of long inactive intervals at potentially active
areas, or from the observations of precursors of large

earthquakes.

Intensity -attenuation expressions must provide enough informa-

tion for chiracterizing ground mation.

The ultimate aim: of establishing or adopting intensity -attenua-
tion expressions 1§ to permat the estimation of earthquake
spectra or more gcnerall models of ground motion. Soume
expressions provide direct estimates of ordinates of response
spectra for a given period and damping, while other aim only
at predicting peak absclute values of ground acceleration,
velocity and/or displacement, and recommend the use of ex-

pressions relating these parameters with spectral ordinates.

For some applicationé ground mot:on must be described in
terms of stochastic process models (see Section 2.2)., In
those cases the parameters of those models {spectral

density of acceleration, intensity envelope function) mu.st be
predicted directly from the properties of earthquakes at their

source, or indirectly from response spectra.

Intensity -attenuation relations may be specifically determined for
the region of interest or may be inferred from those valid for
other regions of similar geophvsical characteristics and seismic

mechanisms. They should consader:

a) Type of fault and earthquake mechanisms.

b) Theoretical concepts ahout gencratior. propagation and
attenuation of waves of different types. ’

cl Empirical information about magnitude, intensity and site-to-
source distance-

d} Influencc of distance on duration of ground meotion-



¢) Random deviations of actual intensities with respect to computed

valucs.

The

Available cxpressions are many and incansistent. Each is
based on its own set of data and assumptions about general
forn:. and cach defines site-to-source distance in different
manner. Most of the empirieal information corresponds to
carthquakes at moderate distances, and thereiore intensity
attenuation curves in their most important range, i.e.

for short distances, are very sensitive to assumptions

about their form.

Most available expressions take intensity as the product of
a function of magnitude and a function of distance. Although
this 2ssumption may be adequate for peak ground displace-
ments or spectral ordinates in the range of long natural
periods, 1t is far from true for peak ground accelerations

or spectral ordinates at high frequencies.

mnfluence of local soil, topography and geologic structure on

the characteristics of ground motion shall be evaluated and in-
corperated into the models of earthquake excitation. This evalua-
tion shall be based on direct records obtained during actual earth-
quakes as well as on realistic theoretical models that take into
account topegraphic and stratigraphic characteristics, mechanical

properties of the pround and types of arriving seismic waves,

When one talks about miierozomng, attention 1s usually focused
on shear-bean, medels of stratified soi! formations and on
uni-dimiensional, verticuliv traveling SV waves. Stronp mation
and feismologicai records have shown that those models can
only be applicd to 2 very narrow ranpe of conditions, and

that many other peologic or topographic features can have

a more pronounced influence on ground motion than the presence

of sediments, More gencral analytical models have been
developed ip order to account for two-and three-dimensional
response and varivus types of arriving waves. As a-
consequence of the complexities involved ir theoretical
models, those muodels should only play a role complementary
to instrumental observations. Becaur. path and mechanism
have been shown to affect local variations of ground motio:.

a large number of events (cven small intensity motions) wall
have to be recorded at 2 piven site before reliable conclusions

can be drawn concerning those variations.

Earthquake models for structural design

The model uscd to represent scismic actions on a given structure

must be capable of representing the influence of its mechanical

properties on its response to a degree of accuracy compatible

with the importance of a structure and the accuracy and complexs-

ity of the methods of analysis. The fcllowing models are

recommended for the response analysis of various types of

structures:

a)

b)

cl

Lateral force coefficients, independent of the natural period
or dependent on an approximate period, for the design of
unimportant and inexpens:ive structures and for those of
moderate importance with uniform distributions of masses,

stiffnesses and safety factors,

Responsc spectra for different damping values and ductility
factors for the design of moderately important struciutes
without very irrepular distributions of masses or stiffnesses.
and with uniform valuce o: the ratio of available tu requirerd
stroength a2t critical sections.

Stochastic process models of ground motion, or ¢ set of

[
ot
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2.2.2.1

2.2.2.2

ground motion time-histories for the design of extremely
important structures or for those with irregular distributions
of the ratio of availablc to required strength or with failure

mechanisms developing important nen-lincar deformations.

d) Multi-compenent stochastic process models of ground motion
at one or more foundation points or a set of multi-componer.
ground motion timme histories, also at one or more fOL;ndation
points, for the design of siructures with larpe dimensions in

plan.

e) Stochastic process models of arriving waves or & set of space:
time histories of those waves, for the design of underground

structures.
Lateral force coefficients

A lateral force coefficient function tncludes both the ratio of the
shear at the base to the weight above it, and the form of variation
of the ratio of local lateral force to local weight along the height

of a structure.

The application of lateral force coefficient functions for seismic
design should be restricted to the particular types of structures
for which those functions were determined. For each particular
type of structures the latera! shear forces predicted from the
correspondmng lateral force coefficient function should provide
uniform safety with respect te the shear forces cbtained from-
dynamic analysis for the response spectra determined in accord-

dance with 2.2.3.
~

Lateral force coefficient functions cannot sirmultaneously
provide uniforr. safety {or lateral shear forces and for

other forces resulung from structural responsce. such as
overturning moment, nor do they serve to estimate local

accelerations because’the maxima of the various response
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variables mentioned do not take place simultaneously. This
is why elevation-dependent factors are introduced for re-
ducing overturmng moments obtained by integration of the

diagram of design shear forces.

Wide differences have been shown to exist between lateral
force coefficient functions corresponding to given reliability
values for structures deforming like shear beams and for
those respeonding like flexural beams. Those differences are
gensitive to the shape of the response spectrum, and reflect
the relative values of the contributions of fundamental and
higher natural modes. They can be taken into acco;xﬁt, for
instance, by representing the lateral force coefficient functions
as the superposition of a linear and a second degree functions
of the elevation, or by making it proportional to the iteratively
determined deformed configuration of the structure when

subjected to a system of lateral loads.

Lateral force coefficients may be stipulated as independent of
natural periods, in that case design responses are too con-
servative for very short and very long natural periods. This
justifies the practice of specifying rules for making crude
estimates of the fundamental period of a structure and making
the lateral force coefficient functions to depend on those esti-

mates, in accordance with the specified response spectra.

If lateral force coefficient functions are made to depend on esti-
mates T of the fundamental natural pAc.-ioc‘., the variation of thosc
cocfficients with T should lcad to design valunes of seisnuc acuons
on eritical sections at lezist as safe as those that would be obtiined
irom a detailed modal dynamic analysis accounting for the contri-

butions of higher vibration modes.



spectra ordinates through ductility.

In a range of high values of T the ordinates of a rcsponse 2.2.3.1
"spectrum decreasc with T, and so does the base shear.

However, because of the contribution of higher vibration

modes, the decreasc of a base shear is less pronounced

than that of the gpectral ordinates. The variation ef lateral

shear with height is also sensitive to the contribution of

higher modes.

The base shear coefficient should depend on the ductility factor K
appticable to each t;'pe of a structure. If the base shear co-
efficient is specified as a function of T, its variation with this
parameter and with Il can be treated following the rules proposed

in 2.2.3 relative to the permissible reduction of the response

If the base shear coefficient

is to be specified as independent of T, it should be taken as the 2-2.3.2
largest value of a_ or C/K, where all the_:sc variables are defined
in 2,2.3.3.
The last condition ariscs from the fact that crdinates of the
acccleration response spectrum-for a given ductility factor K
can be obtained simply by dividing the ordinates of the elastic
response spectrum by K if the natural period is not too short,
but the reduction factor varies from K to 1 as_ the natural
period approaches zero.
2.2.2.5 The lateral force cocfficient funetions shall be chosen se as to
optimize the population of structures to which they are to be 5 2.3.1

applied.

This optimizatior must be understood 10 the sense of icading
to a marimum ef the algebraic sum of present values of
benefits manus initial costs minus present vaiucs of expected

damage,

2.2.2 Responsu Spectra

Design response spectra shall be presented in the form of lincar
response spectra {or different damping ratios and non-lipear
response spectra valid for given types of non-linear load-deforma-
tion curves and given ductility {factors. Thesc spectra shall be

madc to depend on local ground conditions.

In many practical situations design spectra ca-n be specified
by a sct of linear response spectra, a set of rules to trans-
form lincar spectra into elasto-plastic spectra corresponding
to given ductility factors, a set ol conditions that structures
must satisfy in order for the elastu-plastic spectra to apply,
and a set of modifications to apply when considering other

non-linear lead-deformation curves.

For each damping ratio and ductility factor, more than one desigr
spectrum may have to be specified in order to cover at a given
reliability level the responses to earthguakes orginating at
different seismic¢ sources near the site. Alternatively, a single
spectrum may be specified, provided it pives an envelope at a

given reliability level to the response to earthquakes from different

sources.

Standard methods of seismic risk analysis permit obtaining
ordinates of response spectra for given natural periods and
damping ratios corresponding to specificd return periods or

rates of exceedance per urnit time.

Lincar design spectra should be speecified by means of simple
functions defined by a small number of parameters. A widely

appheable family of functions are giver i Fip. 1. 1n that {icure,

A = ordinate of the acculeration response spectrum;
£ = acccleratton of gravioy;

@ = A /[:;

ag = value of "a" when "A" is takon cqual tou the peak

ground acceleration;
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—
Fig. 1
Design response g
spectra . )
';Fl TE — T
C = -maximum spectral ordinate; it is a function of
damping;
Ty, Tz = low and high characteristic periods.
Then dealing with the design spectra on a firm ground, the
value of T} is so small when L;ncertaintles in spectral
ordinates and natural periods are recognized, that it may
by adequate to take T} = 0, whick 15 tantamount to defining
the acceleration spectrum by 2 horizontal branch for T < T»
and a hyperholic branch for T =T3.
2.2.4
2.2.3.4 Unless uncertainty in a natural pericd of a structure is explicitly
accounted for by adopting a most unfavorable value of that period, 2.2.4.1
that un—certamty must be covered by proper modification of the
response spectra that correspond te the target reliability level.
The rmodification coneists of takang euch ordinare of the design
spectrum equal to the highest ordinate of the unmodified
spectrumr included within & ﬁ’th range of period on each T.2.4.2

side of the computed value. The range depends on the degrec
of uncertainty about the natural period. In the abscnce of
more rehable eriteria. the mentioned range may be taken as

(0.7

o

Te. 1.3% Te). where Te 1s the computed value of the

natural period.

Specified response spectra must aim at providing reliability levels
consistent throughout the range of ratural periods. This can be
achieved by multiplying the ordinates of the response spectra

that correspond to piven return pertods or rates of exceedance

by factors that grow asymptotically with the natural period. I
spectra are represented by functions as described in2.2.3.2, this
requiremecent can be fulfilled by adopting values of '"r' in Fag. !
smaller than those corresponding to the spectr2 obtained in compli-

ance with 2.2.3.3.

This requirement arises among other concepts from the facts,
first, long period structures have usually more degrees of
freedem and more failure modes than those with short periods,
secondly, the long period structures are more sensitive to
instability effects and thereforc less rehable than the short
period structures when they are both analyzed by conventional
methods, and thirdly, the ratios of the additional costs of
increasing safety to the expected cost of damage are smaller

for the longer period structures.
Real and simulated ground motion records

If the response of a structural system has to be predicted by
means of step-by-step integration methods, the action must be

represented by time histories of ground motion.

In general the bes: way to represen: time histories of ground

motion is through accelervgrams.
s

Tine kistories may be specified by a sct of sample records of

real or simulated ecarthquakes. Il both cases, the number of

samples 1in cach set and the characteristics of each sample st

be chosen so as to produce disrributions of structural respons:

RG]
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cansistent with the design spectra that correspond to the specified
reliability level. This condition must be satisfied for all the

range of natural periods of interest.

I:he criteria for judging the required number of sarnples
cannot be separated from the manner in which the design
valué of each response variable will be derived from the set
of values obtained from the step-by-step response analysis.
If design values are obtained by averaging computed values,
the required number of samples will be determined under the
condition that with a sufficiently high probability the average
response must be equal to or greater than the response

obtained from the specified response spectrum.

Instead of simulated ground motion records a stochastic process
model may be stipulated. This mode! may be represented in
general as the product of a random stationary process with given

1
spectral density and a deterministic function of time.

More sophisticated models which take into account time -
variation of the frequency content of the ground motion
during an earthquake may be required when trying te predict

the response of structures with degrading stiffness.

Adequate base-line correction should be performed on real and
simulated earthquake records in order to permit reliable estimates
of structural response for all the range of natural periods of

interest,

) Multi-component ground motion

The response analysis of ordinary structures must take into
account the simultaneous motion of the ground 1n more than one

direction.

The response analysis of structures with large dimensions in

g

2.2.5.3

plan must take into acceount the difference in ground motion at

various supports.

Multi -component models of ground motion may be specified by
means of individual spectra, real or simulated time history
records or stochastic process models for every component with
corresponding cross-correlation functions. The orthogonal
components of grou;1d motion at a given site can be taken as

stochastically independent,

The last recommendation is an approximation to the results
of some available statistical studies. No similar studies
have been carried out with records of ground metion in the

same direction at different sites.

Simple theoretical models have been proposed on the basis

of wave propagation concepts.
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RISK AND RELIABILITY '

Maximum secisnnc responsce

For the purposc of reliability analysis the characieristics of the
ground motion at a site during ap carthguake must be described by
a set of parameters related to its intensity and {requency content.
The intensity is such 2 scalar variable that the expected structural
response prows asyvmptotically with it. The frequency content is
a function that describes a contribution of the waves with different
frequencies relative to the energy of the motion. The parameters
used to define intensity and frequency content must be able to
express probability distribution of maximum structural response.
The parameters to be adopted may be different {or different types

of structures.

For most application the intensity and frequency content can

be defined by duration and peak ?bsolute values of ground
acceleration, velocity and displacement, because these para-
meters determine the ordinates of expected response spectra
and the probabilistic distribution of maximum response. An
alternative description is provided by the ordinates of response
spectrum for given periods and damping values, and a set of

shape parameters.

When ground motion js represented by a stochastic process,
intensity and frequency contem: are determined by the para-
meters that describe the msiantancous spectral density of
ground displacement. velocity or acceleration and the

evolutiorn with tume of that spectral density,
Inorder to obtain reliabilit™ measures of specified scismic design
criteria, it is necessary to obtain probabilitv descriptions of

maxmmum response for a gaven carthauake and for all carthquakes

‘occurring during a specified reference time interval.

The probability distribution of the maximum responsc of a
siructure during an earthquake of given intensity and frequency
content can be obtained by conventional methods of random

vibration analysis.

Intensity and {frequency content can be specified by means
of the expected vaiue of the response spectrum ordinates

or by the form and parameters of stochastic process models,

.

The probability distribution of the maximum response of a
structure during a given reference interval can be obtained from
standard methods of probability theory, taking into account the

foltowing concepts:

a) Probabilistic model of the occurrence of an earthquake of

given intensity and frequency content.

b) Probability distribution of the maximum response during an

earthquake of given intensity and frequency content.

Probabilistic models of the occurrence of earthquakes of given
intensity and frequency content characteristics can be obtained
directly from statistical records or derived theoretically from
probabilistic models of seiamicity at nelar -by sources. Theoret-

ical analysis should account for the following concepts: .
a) Type and parameters of the probabilistic models of seismicity.

b} .Probability distributions of mntensity and freguency content
characteristics for grven parameters of earthguakes at their

source and distances from: source to site.

For many applications it miav be assumed thaf intensity and
frequency content of any two carthquakes are stochastically

independent.,  In thiis casc the probabilistic modecel of the
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occurrence of carthquakes of given intensitics ¢an be des-
cribed by the probab:histic moded of a time series process
expressing the occurrence of carthquakes of random
characteristics and the joint distribution of those character-

istics grven cach occurrence.,

The probability distributions mentioned in paragraph L) are
contained 1n usual intensity -attenuation expressions and the
distributions of the ratios of the observed to the computed

intensities.

Curves relating carthquake intensities with their annual exceedance
rates are called intensity-recurrence curves. They constitute the
simplest probabilistic dcscrip-tions of the random process of occur-
rence of carthquakes with given characteristics. These curves

can be used to obtain curves relating given values of structural
response with their annual cxceedance rates, i.e., response-

recurrence curves,

Seismicity

Seigmicity is the process of earthquake occurrence of different
characteristics at a given seismic source. For the purpose of
evaluating seismic risk and seismic reliability the mentioned

process must be described by a probabilistic model.

Models of scismicity at a given source must include probabilistic
descriprions of the timc and coordingtes of carthgquake occurrences
ac well as of the parameters ahout their source characteristics,

as supuelated 10 2.1, 3 and 2.1.4.

Yor practici! applications the characteristice of cact source car
oy r

be expressed by macmiiudes, occurrence time car be represented

by renewal-type stochastt processcs, probabilistic correlation

among the coordinates of different shocks can by ignored. and the

« magmtudes of two dificrent earthquakes can be taken as inde-

pendent and equally distributed random variables, ‘

Thesc models do not account for. some obscrved effects,
such as clustering in space and time of eequcnces. of after-
shocks, as the influence of this clusiering on the risk for
time intervals of the order of several tens of years 18 not

very significant.

3.2.4 Curves relating earthquake magnitudes with their annual excecd-

ancc rates at piven sources are called magnitude-recurrence
curves. They constitute the simplest probabilistic models of

seismicity and ¢an be used te obtain intensity -recurrence curves.

In the formulation of seismicity modeis the following information

should be taken into account, 1n accordance with 2.1.3:

a) Regional and local tectonics and geology, including studies

about indications of recent activity or inactivity of faults.

b) Seismological information, including coordinates, mecha-

. L3 = .
nisms and source parameters of earthquakes in the region.

¢) Mechanical models about the process of energy accumulation

and liberation at a seismic source.

d) Estimates of maximum possible rmagnitudes, in comparison
with values observed in other regions with similar tectonic

and peologic features.

¢) Sersmological information in other regions with sinnia:

tectonic and peologic features.

The significance of all this informatron about the type and para-
mieters of il stochasiie mode] adopred to represent seismicny
shall be aseessed by means of ad: gquate probabilhistic concepze.
and the uncuertainty associated with the estimated medel and

paramecters shall be evaluated and expressed in quantitative terms.
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It is well known that statistical records about time, coord:-
nates and source paramcters of carthquakes arc often
insufficient for deriving seisnacity models and estimating
their paramecters. Information from diffcrent sources such
as concepts a) - e)in this requirciment can be assimilated
through the criteria and methods of Bayesian statistics. The
result of applying these criter:a to a given scismic source

15 a probability distribution associated with a set of alternate

hypothetical models of the seismicity of that source.

Reliability

Decisions about design intensities, safety elements, system
requirements and performance criteria should be established on
the basis of acceptable reliability level and cost-benefit analysis.
The acceptable reliability level is determined by the probability
of satisfactory behavior with respect to modes implying collapse
and the cost-benefit analyses are based on optirmazing a utility
function involving the algebraic sum of initial investment and
present value of expected benefits and economic consequences

of {failure and damage.

The reliability of a structural 53;stem for earthquake actions in
the probability of satisfactory behavior during a reference time
interval. In practical cases it can be measured by its comple-
ment, the probability of failure during a reference time interval

or by a annual {ailure rate.

In svsterms wath multiple failure meodes and potenual damage
levels the reilability is measured by the failure probability and
ratc for the different modes and by the expected cost of damage

per unit time.

For a given structurc with known preperties the probabiliny of

farlure in a reference time interval can be obtained by standard
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methods of prabability theory taking into account the following
concepts:
a) Probability distribution of maximum response for an earth-

quake with given intensity and frequency content.

b) Probability of occurrence of earthquakes with different

intensities and {requency content characteristics at a site.

"¢} Value of the capacity of a structure expressed in the same

type of variables as the response.

For a given structure with known properties the failure rate and
the expected cost of damage per unit time can be obtained by
standard methods of probability theory taking into account the

following concepts:

a) Probability distribution of maximum response for an

earthquake with a given imtensity and frequency content,

b} Expected cost of damage for a given intensity and frequency

content.
¢) Intensity-recurrence curves at the site,

d} Value of the capacity of the structure expressed in the same

type of variables as the response.

Uncertainty in structural properties must be incorporated in the
estimation of failure probabilities and rates, and of expccted
cost of damage., This can be accomplished by computing an
expected value of the quantities obtained in accordance with
3.3,4 and 3.3.5 with respect to the probabilistic distribution of

structural properties.
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CODE STRUCTURE ANKD FORMAT

Eleniernts of a seismuc design code

In order to guarantec the correcct interpretation’and the efficient
application of the provisions, a seismic design code must include
in its text or in a complementary document ¢lear statements

about its.ob_mctivc, principles, range of applicability and limita-

tions.

Neither the objoctives nor the limitations of seismic ;:icsign
rules arc usually explicit in design codes, and hence they

are not always prescnt in the mind of those who apply design
prescriptions to practical problems. The accuracy of conven-
tional criteria for predicting structural respaonse is strongly
dependent on the type of system considered. For mnstance,
base shear coefficients and design responsc spectra are

taken as measures of response parameters, as the latter are
by tradition expressed in terms of accelerations and equivalent
‘lateral forces on structural svstems. These variables, how-
ever, are no morce than indirect measures of system perform-
ance duriAng earthquakes. They serve to control the values of
more significant variables, such as lateral deflections of
actual non-linear systems, overall and local ductilities, and
safety margins with respect to instabihity failure. This ex-
plains why ir seismic design, more than in any other field of
cnginecring, 1t i easy t¢ carrv out a’strict -- but blind --
wppitcation of the moust advanced regulations and vet to produce

o structure bound to perform poorly.

A seismic desipn code must include the {ollow:ing among its

obiectives:

To provide adequate safety levels vith respect to collapse in

the face of cxceptionally imensd carthguakes.

.-
-

(o)

b)

¢l

dy

e)

1)

To provide adequate safety levels with respect to damage to

adjaccnt constructions.

To protect structures against cxcessive material damage

under the action of moderate intensity earthquakes.

To insure simphcity of repair, reconstruction or strengthening

work in case damage takes place.

-

To provide protection against the accumulation of damage during

series of carthquakes.

To prescrve safety and comiort of occupants and of public in
general, by ensuring that structural response during moderate
intensity earthquakes will not exceed prescribed tolerance
levels, and that panic will not occur during earthquakes of
moderate and high intensity, particularly in buildings where

frequent gathering of people is expected.

Achievement of the foregoing objective requires nmuch more
than dimensioning structural members for given intcrnal
forces. It implies explicit consideration of those objectives
and of the problems related to non-linear structural response
and to'the behavior of materials, members and connections
when subjected to several cycles of high load reversals.

It implies as well identifying serviceability cond:tions and

satisfying adequate acceptance criteria with respect to them.

Detailed provisions should inciude general criteria and sr cific

rules. The gencral criteria should stimulate ereative enginee ring

solutions within stipulated levels of safcty and cconomy, wiile

the specific rules are mntended for routine practice.

Gueperval criteria snould cover syston requirements as well as

desipn and performance criterii.

Specific rules should cover design and performnance ormaria,



4.2.2

The concepts required for efficient and unambipuous application

of gencral criteria and specific rules can be grouped as foilows:

a) Seismic zoning and micro-zoning.
b} Classification of structures.

c) Design actions,

d) Structural anaiysis.

¢) Acceptance criteria.

f) Non-structural elements.

g) Repair and strengthening of existing structures.

Seismic zoning and ymicro-zoning

The establishment of seismic zones and of the corresponding
design actions' should be done in agreement with a criterion of
optimizing under the restrictions of maximum tolerable risk levels
a global utility function intepgrated by the utility functions of all
structures to be built in each smsm?c zone in compliance with the

design code considered.

Intensity-recurrence curves and dominant frequency content
characteristics of earthquakes may var}: systematically within
each seismic zone. Lf constant design actions are to be
specified for given local conditions within a seismic zone,
those actions should lead at all locations to acceptable

values of risk. Furthermore, some structure would be safer
and other less safe than optimum, but the sum of all the utilaty
functions should be eptimized under the restrictions of ma--
imum tolerable risk levels. The IALL publication on "Basic
Concepts of Sgismic Coder ™ Volunmie I describes the concepts
regarding '"Seismiuc Zoning' and may be referred to for further

information.

Because the characteristics of earthquakes are strongly influenced

by local ground conditions, desigr actions for a piven seismaic zone
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should refer to standard ground conditions.

Standard ground conditions involve bolh mechanical properties
of materials and topographic configuration. For the sake of
uniformity of criteria among difierent regions and countries
it is convenient to take, as standard conditions, firm ground

and flat topography.

4.2.3 As an alternative to the adoption of a discrete set of scismic zones

with constant design actions on standard ground conditions at each
zone, those actions can be specified as continuous functions of

geographical coordinates.
Micro-zoning provisions should include the following:

a) l\.’[ap.s of micro-zones including the corresponding seismic
design excitations, where formulation of these maps is
warranted by adequate knoufledge about local ground conditions
and their possible influence on the characteristics of surface

ground motion.

b) Criteria for obtaining seismic design actions on non-standard
ground conditions from those on standard conditions where
provisions as described in the foregoing paragriph are not

available.

Classification of structure

Fer the purpose of specifyving applicable desipn actions, mecthods
of structural analysis and acceptance criteria. structures should

be classified in accordance with the foliowing:
al Type of intended occupancy.
by Type of variables that define response and control behavior.

The tvpe of intended occupancy 1# closely reiated to the ex-

pected magnitude of the consequences {both monectary and of
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For each type of strucrures classified in accordance with 4.3.1 b),

other kinds) and thercfore ‘to the tolerable risk level.

The type of variables that define responsc and control
behavior determines structural analysis methods and
acceptance criteria. For instance, the behavior of
building frames and industrial bents is determined by

local non-lincar deformations {ductility demands} and
slenderness effects, and that of retaining walls and earth
embankments by cumulative deformations and sliding of
large soil masses. In the former case the response can be
estimated by means of static or lincar dynamic analysis,
provided the structure does not show excessive irregular-
ities; in the case of retaining walls and embankments,
explit.:i-t consideration of non-linear behavior and of the
tendency of inelastic deformation to accumulate in the down-

hill direction is nearly indispensable when dealing with very

important systems.

!
In bur:zed structures response and behavior are deternuned
by the lacal deformation that results from the interaction of
soil and structure upon the arrival of seismic waves. Struc-
tural analysis methods and verification criteria suitable for
these structures differ widely from those valid for the cases

discussed above,

a subclassification may be necessary in order to account for &

possible 1influence of structural irrepularities on the occurrence

of

spucial responsc effects and on the capability of different

miethods of response analysis for making reiiable predicuon of .

thuse eifects.

According to the foregoing paragraph, the classification of

a structure for the purposc of specilyving design actions

_3-
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depends not only on its type of response, but also on the
uncertainty attached to its prediction. The latter depends

on the method of analysis, and therefore the classification

is based not only on intrinsic properties of the system, but
also on the criteria used to predict response and control
behavior. For instance, the displacements of a reinforced
concrete frame where all the stories with the exception of

the ground flour have been overdesigned fvr seismic shear
can be predicted with the same reliability as those of a similar
frarne designed for uniform safety factors along its height,

if detailed time -histories of response are obtained by suitable
numerical integration methods and 1if the stress-strain curw-as
of materials and members are represented with sufficient
accuracy. There is no need to use different classifications
for these two cases, provided response is predicted by the
mentioned methods and acceptance criteria are expressed
interms of local ductility demands. However, if response

is predicted by means of static or linear -dynamlc analysis
and acceptance criteria are expressed in terms of lateral
shears or internal forces, the frame with the uniform safety
factor may be designed for lower lateral forces or response
spectra than that with the overdesigned upper stories. In
practice, this 18 accomplished by assigning those structures
to different groups, each characterized by its corresponding

ductility reduction factor.

The respense and the ver:fication criteria for structures the
behavior of which is determined by local ductihity demand: ana
sienderness effects can be expressed in termes of lateral forec
coefficients or linear response spectra reduced to account for
therr nominal ductitity factors, .. They can be classifzcé i

terms of permissible values of 11, and this classification shall
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take inte account the fullowing concepts:
a) T)}pc of materials.
b} Type of jornts and connections.

c) Relative values of the safety factors with respect to ductiie
and brittle failure modes including local buckling as well as

with respect to fatlure of members and connections.
d) Irregular distributions of mass, stiffness and strength.

The relative values of the safety factor with respect to
ductile and brittle local failure modes determine the
ductility of the system as a whole. Some types of members
are prone to have lower safety factors with respect to brittle
modes than with respect to ductile modes, unless special
precautions or performance rules are adopted in order to
accomplish the opposite.  This may occur, for instance, in
a member subjected to bending and shear, when the depth

of its cross section is greater than about one fourth of its

length.

Design actions

Seismic design actions shall be represented by models chosen in

raccordance with 2,2.1. The type of model adopted and the intensity

of the action shall be made to depend on the classification of each
structure, in actordance with 4.3.1 2l and 4.3.2, They shall
account for the encrgy -dissipation capacity of cach type of
structure, the uncertainty arising from methods used to predict
response and the relation hetween rc;ponse and behavior, and

they shall tead to the intended reliab:lity level.

In addition to single -<omponent pround metion model and design
intensity, the specification of design actions must include the

following:
¥

a) l.oading situations to be analyzed.

b) Definitior of the characteristics of the significant ground
motion components that must be considered simultaneously,
and criteria for superposing their contributions for each

design situation.

c} Probability levels or nominal design values of live loads to
be considered in.each design situatzon. This specification
must include both upper and lower bounds of unfavorable

values.

Loadmé situations may include one or more design intensities,
and they must aim at attaining the intended reliability levels

for diiferent failure and serviceability limit states.

When design actions are represented by time histories or
stochastic process models, the criterion for superposing
their contributions is simple: the response must be
obtained for the simultaneous action of all the ground motion
components. When design actions are represented by lateral
force coefficients or response spectra corresponding to a
set of orthogonal directions, the fact that the maxima of a
response variable associated with the various compoenents
are not.reached simultanecusly can approximately be taken
into account by estabiishing a number of load situations:

for each situation the maximum response associated with
onc of the components is taker witi. 1ts {full magmtude, I
while reduced values of the corresponding maxime are

adopted for the others.

Lower most unfavorable vatues of live loads sometimes five
place to the cratical loadinp-situation with respect to over -

turning failure modes.
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Structurai analvsis

The methods specified for predicting the aeismic response of
differcnt types of structures shall be consistent with the

importance of cach structural type, in accordance with 1.2.

Acceptable principles and methods for stress analyais of
structures and foundations shall be stipulated. The specifications
shall state the types of deformations to be taken into account as
well as the need to satisfy the conditions of equilibrium, contipuity
and compatibility, They shall also include provisions as to the
constitutive laws of materials and members and to the permissible

lirnits of strese redistribut_i.c_m‘..,‘

Altho'ugb obviéﬁ’a, some of the foregoing conditions are not
alwayes satisfied in practice: a continuous etress path from
" all lateral forces to the foundation is not ensured for instance
o .1‘.!1 some’ strucmrea where the roof ayatem 18 not specifically
desxgned to transmit 1tn lateral forces to the vertical frames.
’ Smula.rly, deformations of horizontal dxaphragma are neglected
for the purpose of d:.stnbutmg lateral uhears among vertical

fra.mes, thus lcadmg in some cases to gross underestimate

" of local :.nternal forcea.
L] S =N -
These conditions are so important that detailed apecifications
covering the most frequent practical problem are highly

desirable.

Approximate criteria must be stipulated in detail for the prediction
of some special effects which:are usually encountered, but whose
prediction by reiined methods is nat practical. The following are

some of those effects:

" a) Local accelerations for design of appendages and other

elements, as well as their anchorage.

-
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4.6

4.6.1

4.6.2
" "determined so as to ensure that the probabxl:.ty oi faxlure of each

b} Criteria for reduction of overturning moment.
c} Dymnamic tersion.
d) Slenderneas efifects.

e) Deformability of horizontal diaphragmas.

Acceptance criteria

To each type of structure ghall correspond a set of verification
criteria expressed wn terms of the variables adopted to describe

response, herein dcsignated as control variables.

The ranges of acceptable valuea of control var:ableu shall be

stTucture within a reference time mterval, as detmed m 3.3.4,
and the expected cost of damage per unit time, as defined in 3.3.5,
shall be smaller than the corresponding specified limita.

Verification criteria for the design of the structure the behavior

of which is determined by local ductility demands and instability

effects can be expressed in terms ‘of the following concepts:

a) Load factors for the superposition of vertical loads and

seismic response-

b) Criteria to determine allowable values of intérnal forces at
"‘critical sections. I
¢} Criteria to determine allowable actions on joints and

connections.
e .

d) Criteria to detcrn’une the mﬂuence of slenderneuu effecta on

stresaes a.nd mternal forccu.
e} Lateral deformations due to the design earthquake.

f} Criteria to determine allowable values.of the capacity of
foundations under the combination of vertical and lateral

forcesn.,

— 47~



When the strength at a story for the resultant shear, torsion
or overturning rnoment is provided by a small number of
resisting members, it may be convenient to decrease the
allowable values of stress and internal {force, in order to
reach the same relability levels as when a large number
of re;:istmg memhers exist. Alternatively, design action
intensities may be raised and allowable values of internal

force left unrmodified,

Acceptable lateral deformations must be made to depend on
t.he manner in w}uch mon- -gtructural elemexnts are attached to

. the at:ructure

© When wtatic-or linear dynamic analyses are applied, approx-

*‘imate vnhiéu of lateral deformations must be obtained

.;... .multiplying those resulting from linear response analysis

... by the assumed ductility factor.

The values a0 obtained must be corrected in order to account

for the silenderness eﬁeci:.'

Non-structural elements

Elements not considered in the a.nalysis as part of the structural
syatem shan be att.ached to the structure 80 ag not to produce

undes:.ra.ble mteractmn Iorces .

Non-structural elements and their attachment to the structure
should be designed 80 as to limit damage on those elements as

well as to limi* danger to occupants and public in pencral.

Glass breakage mavy be a significan: hazard for pedestrians.

Therefore, special precautions should be taken to avoid it,

Non-structural elements rmay be checked for seismac forces due

to out -of -plane motion.

— 4§ -
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Repair and strenpthening of existing structures

The specifications for repair and strengthening of existing
structures should be determined an the basis of quantitative
studies tha! consider tolerable failure probabilities and ecopomic
constraints. Those specifications should be consistent with the

resuits of ad-hoc cost-benefit studies.
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CHAPTER SEVEN

SUMMARY, CONCLUSIONS AND RECOMMENDATIONS

7.1 SUMMARY
In this research project the state-of-the-practice and of-the-art in the use of the concepts of
deformation, ductility, duciility ratio, drift, and interstory drift indices for attaining efficient

Earthquake-Resistant Design (EQRD) of structures are reviewed.

After a discussion of the advantages of using an energy approach for the EQRD of structures and
a clarification of the differences between deformation, ductility and ductility ratio, the needs for
providing structures with the largest ductility economically feasible and for controlling the
interstory drift index are discussed in detail. The need for establishing more reliable design

criteria for EQRD of structures is also discussed.

The ‘state-of-the-practice and -of-the-art of EQRD of buildings are reviewed, beginning with a
review of the problems in design and construction of EQ-resistant structures, foliowed by a
review of present building seismic codes, with emphasis on how the concepts of Displacement
Ductility Ratio, pg, and Interstory Drift Index, IDI, are used, and how they could be used, to
improve the state-of-the-practice according to present knowledge. The review covers the building

seismic codes of the U.S., Japan, Mexico D.F., New Zealand, and Europe (ECCS and CEB).

Based on a review of the problems encountered in the design and construction of EQ-resistant
~ buildings, research, development and educational needs to improve present knowledge and

. particularly state-of-the-practice are formulated.

7.2 CONCLUSIONS
Frqm the studies conducted and the results presented in this report, the following main

observations can be made regarding the use of ductility and drift limits in EQRD.
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Although the advantages of using plastic deformations of the structural material to dissipate
part of the seismic Energy Input (E)) to the structure and the need for limiting the lateral
interstory drift have been recognized in thé literature, their implementation, particularly
their reliable quantification, has not been accomplished fully in present seismic design

codes.

While it is possible to use the concept of ductility in a vague manner in discussing the
philosophy of ductility-based design, when such philosophy has to be applied in the EQRD
of structures the philosophy has to be quantified, and it is therefore necessary to use

" iinambiguous parameters.

Although displacement duclility factots, ps, provide good indications of structurai
damsge, they usually do not adequately reflect the damage to nonstructural components.
To produce safe and economical structures; seismic design methods must incorporate drift

(damage) control, in addition to lateral disptacement ductility, as a design constraint.

Conventionally computed story drifts may not adequately reflect the potential structural and
nonstructural damage to multistory buildings. A better index is the tangential story drift

index, Ry .

Although the general philosophy of EQRD is well established and is in complete
concordance with the concept of comprehensive design, current code design methodologies
fall short of realizing the objectives of the general philosophy. While the statement of the
general philosophy indicates the need to consider three different limit states (criteria for
levels of c_arthquakc. i.e., service, damage control or operational, and safety or survival),
in practice, design is typically only carried out for one criterion (usually safety), on the

‘assumption that the other two will be satisfied automatically.
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The growing concem over the costs of earthquake damages (direct, functiona!, and indirect)
points out the need that more attention be given to control of serviceability and

functionality, i.e., control of damage.

Achievement of reliable and efficient EQRD requires satisfaction not only of the criteria
for strength and toughness, but also the criteria for deformation and repairability. Strength,

toughness, deformation control and repairability are interrelated and hard to define.

The following three main problematical areas have been identified in the earthquake-
resistant design of structures: (1) Establishment of reliable critical earthquake input
(design earthquakes); (2) determination of the demands on the enlire snil-foundatioﬁ-
superstructure and nonstructural components system; and (3) prediction of .lhc real

capaéiliw (supplies) to the building at the moment that an earthquake strikes.

While a sound breliminary design and reliable analysis of this design are necessary, they
do not ensure an efficient earthquake-resistant structure. The seismic response of a
structure depends not only on how it has been designed, but alse on how it has been
constructed and maintained (monitored and preserved) up to the moment that the
“earthquake occurs. There is a need to improve the construction and maintenance practices

of structures,

There are several sources of uncertainty in code-specified procedures for the estimation of
demands, which can be grouped into two categories: (1) specified seismic forces; and (2)

methods used to estimate response to these seismic forces.

Strength Demands. For regular buildings up to a certain height (240 f1. in the U.S.}, most
qf.lhc'codcs in the world recommend the use of equivalent (static) lateral seismic forces,
which are expressed as a base shear V = (CSPIR)W, where Csp is the seismic coefficient
equivalent to a SLEDRS (Smoothed Linear Elastic Design Response Spectra) for

acceleration, Salg, and R is the reduction factor. Although in most codes the value of
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R is given without any explicit reference to global displacement ductility ratio, g, these

values depend implicitty on pj,

Structural response is usually estimated ﬁsing linear elastic analyses of the effects induced
by the equivalent static forces or by these forces multiplied by load factors, depending on
whether the design will be performed. using allowable (service or working) stress, or the

strength (load and resistance factor) design method.

There are few countries in which codes recommend the use of litnit analysis and limit

design methods (plastic design methods).

Stiffness and Drift Demands. Most seismic codes address design for lateral stiffness and
for drift at service level. Only a few codes explicitly require that the contributions of
torsion should be considered in estimating the maximum lateral drift, and very few give
any guidelines regarding how to dedl with the effect of multicomponents of seismic
excitations. Few codes give explicit requirements or recommendations regarding how 1o
estimate P-A effects. There is a need for more rational code procedures for estimating the
demands regarding the stabilily effecls at ultimate limit states.

Strength Supplies. Most of the Reinforced Concrele (RC) EQRD codes require that the
supplied strength be estimated using the strength method, in which the required strength
of critical sections dre evaluated as a-function of just the minimum specified strength of
the materials, and then reduced by a strength (resistance) factor. There are a few codes in
which the design and detailing of the critical regions of the structure are based on the
probable supplied strength capacity to the members and to their connections and, therefore,
to the entire structure. The'state-nf-lhe-praclice as refllected by most preseni EQRD
codes for RC buildings does not appear to include the use of {he concept of energy

dissipation capacily in a rationat and reliable way (hrongh the use of the p;,
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Stiffness, Deformalior; and Stability Capacities. Most of the RC codes give only
empirical expressions to estimate the so-called "effective linear elastic stiffness”; they do
not specifv how to evaluate the change in stiffness of the whole soil-foundation-
superstructure and nonstructural components system induced by increasing damage.
There is a need to develop code procedures that will lead to estimation of the giobal
deformation capacity of the structure notl only under monotonically increasing
deformation, but also under generalized (repeated reversal) deformation. This should
be done based on (he supplied local energy dissipation capacity of the structural
members (rotational duclility ratio and degradation with repeated cycles, i.e., local

hysteretic behavior).

Present practice emphasizes the use of strength as the primary criterion for preliminary
EQRD. While preliminary dcsign'baséd on shear strength could be justified where
serviceability controls, it cannot be accepted in cases where the design is controlled by the
ultimate (safety) limit state where plastic deformation is accepled. At safety limit state
(mechanism formation and mechanism movement), base shear is insensitive to variation of
deformation and, therefore, to damage. Although there have been some proposals to base
preliminary design on only lateral stiffness, i.e., on only controlling the interstory drift, a

practical method of this type of design has yet to be developed. A more rational

(

approach is one which not only recognizes the importance of strength and stiffness
~ {control of defurmation), but also recognizes that while these two factors are strongly
interrelated in the case of elastic response, they are less strongly interrelated in the
case of inelastic response. To control inélaslic def(;rmalion, however, it is necessary
to provide the structure with a minimum yielding sirength. Therefore, to achieve an
efficient preliminary EQRD there is a need {o consider (wo requirements
simultaneously: the strength, based on the rational use of pg (hysterelic energy); and

the deformation, based on the limitation of IDI.

The future of EQRD is an energy approach in which the concept of p is used in the
derivation of IDRS through statistical and probabilistic analyses of the IRS
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torresponding {o all avallable recorded or éxpected critical ground motions at the
building site, and design is conducted using limil design methodology with proper

consideration of the possibilily of shakedowtt phenomena.

For the immediate or very near future the following compromise sclution is recommended.

Use design forces obtained from SLEDRS reduced by reliable reduction factor R. The

values of R must take into account the reductions due to hysteretic behavior (pg), changes

in damping and in the fundamental period of vibration of the whole building system, and

the real overstrength. The R should be period and site condition dependent.

Ideally, the use of either of the above methods should be complem-ented with time history

nonlinear dynamic analyses of the response of the preliminarily designed building system
to the predicted Maximum Credible Earthquake ( MCEQ), ground motions that can

occur at the site. If this is not possible, the least that should be conducted is a static

nonlinear analysis of the building under monotonically increasing lateral loads.

To control damage, it is necessary to control deformations. Control of Interstory Drilt
Index, IDI, at Serviceabilily Level: Present seismic codes specify acceptable imits of
IDI that vary from (0.0006 to 0.006. Although the estimation of IDI at the service level is
usually based on linear elastic analyses, there are many uncertainties regarding the effective
stiffness of the structural members, the deformation of the foundation, and the contributinn
of the nonstructural components.  Analysis of the deformations shontd be based on a
realistic 3-D) model which considers properly the effect of torsion under multicomponents

of ground motions.

Controt of 1D] al the Safely Limit State. According to present seismic codes, the
acceptable maximum IDI to control damage varies with the type of structure and ils
function, usually varying from 0.01 to 0.03. The IDI spectra demands can be estimated
based on the IDRS for strength for the adopted ps . The problem in using these 1D1

spectra is in making a reliable estimate of the effective perind, T. This s so hecause of
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the difficulties in estimating the effective lateral stiffness. The seismic design codes are
not specific about how to estimate the stiffness of members. In the case of RC structures,
this is a difficult task. Although some rules have been formulated for estimating the lateral

stiffness of buildings, the real lateral stiffness varies with the level of deformation.

Most of the practical methods that have been recommended for design considering ID1 have
been based on the assumption that the nonlinear dilsplaccmcnt response is equal to the
linear response spectral values provided that the system has certain minimum yielding
strength, Recent studies have shown that the nonlinear displacements are very sensitive
to the dynamic characteristics of the ground motions, and in some cases the displacement
can be significantly higher than those computed from a linear elastic response. Empirical
formulas have been suggested to estimate the deflection amplification factor C,4 defined as
the ratio of absolute maximum interstory displacement to the comresponding valiie from a

linear time history analysis.

Seismic components and their input direction can significantly affect the response of a
torsionally sensitive structural system. Ground components applied at the structural
reference axes may remarkably underestimate the response because the structural maximum

response is dependent on the seismic input direction and its magnitude.

- Code Comparison. In judging the results obtained from the comparison of different codes,
it is necessary to keep in mind that it is not enough just to analyze the code requirements
of the seismic forces and minimum stiffness or maximum acceptable IDI to be used in the

.design. The designed structure and the seismic behavior of the actual structure are not
solely the result of specified seismic forces and IDI, but are governed by the overall design
philosophy and the complex combination of the forces and IDI- with many other factors
such as: The satisfaction of code material requirements; the construction technology; and
the maintenance or preservation of the entire soil-foundation-superstructure and
nonstructural comp.nnents system. Furthermore, the seismic forces in the code of one

country reflect the seismicity as well as the seismic risk of that country, and these factors
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vary considerably not only from one country to another; but even from one region to

another within a country,

Except for UBC, all the codes reviewed herein consider that portions of the live loads are

seismically reactive and are included in the compiutation of the seismic forces.

For strength (ultimate o capacity) design there are significant differences in the values
specified by the different todes for the load factors as well as the ways the loads are

combined.

The codes reviewed herein are strength-based rather than ductility and damage control-

based, and with the exception of the Japanese BSL, advocate a single level design.

Although the UBC and New Zealand NZS code recognize in their material specification
the possibility for overstrength, the only code that explicitly recognizes and accounts for

overall structural overstrength due to inelastic redistribution of forces is the ECCS.

Although most of the seismic codes that have been reviewed permit damage that will not
jeopardize human life, none explicitly defines what constituies acceptable damage. Most
of the codes recognize that the level of acceptable damage has to be different for different
types of facilities depending on its occupancy type or function. Quantitatively, this is
accomplished by increasing the seismic forces through an importance or risk-to-life factor.
However, the values adopted for this Tactor seem to be very low, and it appears to be
incompatible with the fact that essential facilities and those housing very hazardous
materials should remain practically elastic. The values for the occupancy factor, specified

by the different codes reviewed herein, varied from | to 2.

Code Specified SLEDRS. For buildings with a fundamental period of T 2 2 secs. and
located on firm-soil, the U.S. and Japan have similar required SI.EDRS which are

somewhat smaller (up to 20% for T = 3.0 sec) than the NZS. For bunildings with T > 2.0
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sec and up to T = 4 sec located on very soft soil (soft clay, UBC type 5, or Zone 111 of
Mexico City), the UBC specifies the most severe SLEDRS, and the CEB has the least
demanding SLEDRS.

Use of pg to Reduce SLEDRS to SIDRS. All codes chccpl the Mexico Code use a
constant reduction factor, i.e., independent of the T of the stmcturk:. Site with Firm Soil:
The largest reductions are those in the UBC. The Japanese BSL uses the smallest
reduction (3.3). The BSL reduction is based on the energy dissipated only by cracking and
Iocall yielding since it does not allow the yielding of the structure as a whole system
(mechanism movement). For tall buildings with T > 1.5 sec and up to T = 3.0 sec, the
SIDRS specified by the Japanese BSL is more than 33% higher than any one of the other
SIDRS. Site with Soft Soils (Type S;): The largest reduction is that recommended by
UBC which is 8.6, and the smallest is that specified by the Japanese BSL (3.3). For tall
buildings with a T > 1.7 sec and up to T = 3.0 sec, the yielding strength required by BSL
exceeds by more than 30%, 82% and 121% those specified by the Mexican D.F., CEB and
NZS codes respectively. The yielding strength required by UBC for tall buildings having

T > 2.0 sec is the towest one of all the codes considered herein.

Use of IDI Limitations in EQRD. Although all of the seismic codes reviewed herein
have regulations limiting the maximum IDI for limit states, none of these codes have
recommendations regarding how the limitations shoulid be directly introduced into the
preliminary EQRD of a building structure. The IDI limits specified by codes are checked

by analysis of the already finished preliminary design of the structure.

Minimum Lateral Stiffness and Acceptable Limits on IDI at Serviccdhilily Levels.
Short T (T < 0.3 secs.): The NZS requires the largest lateral stiffness and therefore,
should resuit in better damage control under service EQs. This is speciﬁcnlly true in cases
" when nonstructural elements can be damaged: IDI £ 0.0006 which is 1/2, 1/4 and 1/6 of
those specified by CEB, BSL and UBC respectively. Long T (T > 1.6 secs.): In the case

of buildings located on firm soils, the results regarding the maximum acceptable IDI1 limits

-

- g
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are imilar (o those for short T. For buildings located on soft soil, the Mexﬁcan D.FE. code

. requirements become as severe as the NZS. .

Maximum Acceptable IDI at Ultimate Limit States. The Mcxico D.E. code explicitly
specifies that the maximum IDI shali hot exceed the values of 0.006 and 0.012, depending
on whether or not the nonstructural components can be damaged. The UBC implicitly
specifies that the IDI shall not exceed the -values of 1.5% in the case of buildings less than
.65 feet in height and 1.125% for buildings greater in height. Although the Japanese BSL
does not specify any limit for the IDI at the Safety Level, in practice the Japanese
designers limit the IDI to 0.01. These limits are a consensus judgment from experience
based on observations and analyses conducted during previous EQs. Compliance with
these limits will ensure not only human safety, but also damage control, provided that these
limits are connected with a minimum required yielding strength. The minimum URC
required yielding strength seems to be too low. Thus, design of talt buildings attempting
to provide only this minimum strength will undergo, in the case of severe EQ ground

motions, significantly larger IDI than the maximum acceptable by the code.

Efficient EQRD. Achieving an efficient EQRD requires an iterative process. It is
necessary to start with an efficient preliminary EQRD. To carry out this preliminary

design, it is necessary first to establish reliable design equations.

There is an urgent need to develop a reliable preliminary EQRD procvedure based on two-
levet design EQs, in which the following two limit states are considered: Functional
serviceability under frequent ground motions, and survivability and ¢onirol of damage

under a rare but possible severe EQ ground motion.

To enable development of reliable procedures for establishing a two-level EQRD, it is
necessary to conduct statistical and probabilistic analyses of available data regarding what

can be considered service and safety EQ ground motions, and then to develop reliable
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recorded or predicted motions at these two levels of EQ ground shakings.

Because reliable measured data on EQ ground motions at different sites (soil profile and
topography) was scarce until 1987, design spectra are currently formulated using inadequate

statistical information,

SIDRS for Strength, C,. For any given site, the ideal solution is to derive the SIDRS
directly from statistical and probabilistic analyses of the IRS corresponding to ali recorded
motions at the selected site or at similar sites located in tectonically similar regions and

even of records derived through the use of theoretical considerations.

The shape of the IRS (i.e., the variation of C, with T) varies significantly depending on
the predominant frequency (or period T ) of the recorded ground motion, which in tum

depends on the site soil profile and topography from which the record was obtained.

There is sigrificant reduction of the LERS (i.e., for p = 1) produced by yielding (p>1) for
structures with a T coinciding with or very close to the predominant period (T,) of the

ground motion. The longer the T, the larger seems to be the deamplification.

The degree of reduction of the LERS due to p > | decreases as T deviates from T8 and

tends to zero as T tends to zero.

Because of the uncertainties in estimating the values of Ty and T, caution should be taken

in applying in practice the observed reduction of the LERS due to p > 1 when /T, = 1.

For sites on firm or medium stiff soils (types S, and S,), there are already several recorded
ground motions whose IRS exceeds the SIDRS adopted by the codes reviewed herein. This
is true even in cases of y = 6 which is not only very difficult to achieve (supply), but also

very difficult to justify its possible use because of the damage that will be involved.
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For soft soil sites (soil profile S4 br S,), particularly with soft clays whose depth excecds
40 ft, from the IRS corresponding to recorded ground motions which ran resist and transfer
ground acceleration of 0.30 g to the stnicture foundation, it appears that the SIDRS
corresponding to the C, adopted by all codes will be exceeded even when a p = 6 could
be supplied and used. The only exception is the SIDRS specified by the Japanese BSL for

low and medium-rise buildings of perhaps up to 20 stories.

Code Procedures to Determine SIDRS for C,. The SIDRS for C, specified by codes are
obtained by deamplifying LERDS through the use of a reduction or behavior facter.
Although this factor depends on i, it is difficult to judge the rationale for the values

tecommended in the codes.

The values recommended by the UBC (i.e., R,) appear too high, particulzirly for structures
with a T < T, if the designer attempts to design the structure with the stmnglh rcqtiircd by
the code: The value fot the reduction factor should be tied to other requirements besides
the value of p, The values of the reduction factor should be affected by the real strength

capacity, i.e., the overstrength above the yielding strength specified by the code.

For structures designed according to UBC, the required overstrength depends on the p, T,

soil conditions and design methodology.

In the case of structures located on_rock or firm alluvium, the required normalized
overstrength has the largest values for T in the range of 0.1 to 0.5 sec and varies from 0.47
for p =210 0.27 for p = 6. The corresponding required Reduction for Overstrength, R,

varies from 3.6 to 2.1.

In the case of very soft soils, the longer the value of the predominant period of the ground
motions, T, the larger is the tange of the period of the structures, T, for which significant

overstrength is required. The normalized overstrength for a T of 0.9 sec can vary from
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1.23 for p = 2 10 0.58 for p = 6 and the corresponding R, varying from 3.84 0 1.81.
The R,, fera T of 2.0 sec can vary from 6.77 for p = 2 to 1.78 for p = 6.

U.S. low-rise buildings usually have large seismic overstrength with respect to that required
by U.S. codes. The taller the building, the smaller the overstrength is. Thus, it appears
that the medium-rise buildings (particutarly those located on sites with very soft soils) are

the ones that have to be suspected of becoming a serious threat to life and incurring large

. economic loss in case of a major EQ, or both.

7.3
7.3.1

RECOMMENDATIONS
Recommendations for Improving Code SIDRS for Strength, C,

Develop a more reliable SLEDRS.

Develop more reliable methods for estimating the values of the reduction factor; This
requires more precise definition of this factor. Although the values of the reduction factor
are affected by several parameters, the main two are the energy dissipated through

hysteretic behavior (damping ratio  and particularly p} and the real overstrength.

The ideal solution is to attain reliable SIDRS directly from the recorded or analytically
derived ground motions or both. This will eliminate the need for specifying R". Therefore,
for the proper use of these SIDRS, what remains is to calibrate the real strength

(overstrength) of structures that are designed according to present code.

There is a need to consider in the inelastic design of structures the effects of the duration
of strong motions which include the accumulative ductility and number of yielding
reversals. This can be accomplished through the use of an energy approach estimating the

critical required Hysteretic Energy, Ey,.
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s ‘There is a need to find reliable factors that will permit the use of the computed SIDRS for
SDOF systems to desigrt MDOF systems.

$ As it is very difficult to design MDOF structures that will develop uniform story pg
throughout its height, there is a need 16 investigate # possible concentratiun of required 3
at one or more stories and to establish the yielding overstrength required to limit the

maximum pg to the target ductility used in the design based on SDOF system.

7.3.2 Recommendations for Improving SDIRS for Lateral Displacement and 1DI. Nenlinear
displacements are very sensitive to the dﬁlamic characteristics of the ground motions and of the

structure, and they can be significantly different from those obtained based on linear behavior,

¢ For ground motions with long Tg, the nonlinear displacement can be significantly ( nearly
50%) swaller than the linear displacement for structures with T = Tg. On the other hand,
for values T < 2/3T,,, the tionlinear displdcements are significantly higher. The smaller the

T/T, ratio, the larger the difference is, and it tends 1o be proportional to the value of p.

é Based on derived SIDRS for strength of SDOF systems, formulate SINDRS for displacement
of SDOF systems for different £ and p.

+  Based on the derived SIDRS for the displacement of SDOF systems, obtain fower and
upper bounds for the 1D1 of MDOF systems.

. As it is difficult to achieve a constant IDI throughout the entize height of a MDOF
structure, there is an urgent need to investigate {(analytically and experimentally) values of
an amplification factor by which the SIDRS' lower bound of SHOFS s&rslems should be
multiplied to obtain a reliable SIDRS for MDOF systems.



on the ..vel of inelastic deformation. For structures on rock or alluvium
sites and periods of vibration greater than 1.0 s. the elastic displacement
Jdemands provide. on the average. a good approximatlon to the inelastic
displacement demands.

4. Evaluation of both strength and deformation demands of structures
on soft soil requires the estimation-of the predominant pertod of the site.
For structures on soft soil sites and with fundamental periods near the
predominant site pertod. the inelastic displacement demands can be signif-
icantlv smaller than the elastic displacements. On the other hand, for struc-
tures with periods smaller than.two-thirds of the predominant site period.
the inelastic displacements are significantly higher.

5. The estimation of design forces and displacements based on inelastic
strength demand spectra together with estimates pf the overstrength of a
structure can lead to a more rational and transparent approach than the
currently used empincai code design approach.
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AppeENDIX |. NORMALIZED EQUATION OF MOTION

ftis convenient to normalize (1) by dividin'g it by the product of the mass
and the yield displacement of the SDOF system. Such normalization leads
to

do cu CLRW L _&W o ™
u, m u, m u, u,
Substitution of {3) and (4) into (7) gives
o) g0 LRW &My (8)
u, u, mou, i,
The last two terms in (8) can be reworked as follows:
1 R(ty &k R() ,~R(:) .
e = e W o e 9
m u, m ku, @ R, ©)
i (n < o mii, (1) _ w® d(t) (10)
——‘L—uy R, Tkl
The ductility demand at time ¢ is given by
ult
w(r) = Y (11)
u

v

Substitution of (9) and (11) into (8) leads to
1336

f(e) + 2wEn(f) + w —— R _ -—m—z-—gim—-
R, M max]i
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ArpenDix [Il. NoTATION

The following symbols ure used in ihis paper:

¢ = damping coetficient;
& = mmual suffness:
mo= Tmass:
R = resworing foree:
R, = vield resisiance:
I' = period 1 vibration:
.= predominant peniod of site:
w = relatve displacement,
w, = ground accejeranon:
1, = vield displacement,
Ao = maximum clustic displacement:
Apernee = maximum elasue displacement:
n = normalized strength:
§ = damping ratio;
., = requred overstrength: and
w = circulur frequency.
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Evaluation of Seismic Design Criteria
for Highway Bridges

Eduardo Miranda, M.EER}

After an overview of the development of U.S. scismic design specifications
for highway bridges an evaluaton of current Caltrans and AASHTO seismic
criteria 1s presented. Linear and nonlinear response spectra of ground motions
recorded on different soil conditions in the Loma Prieta earthquake and other
recent earthquakes are compared with code recommendations. Special
emphasis is placed on how present design procedures reduce elastic forces to
take into account the energy absorption capacity of the sgucture, and on the
estimation of maximum inclastic deformations. Results indicate that current
design recommendations may underestimate strength and deformation
demands, particularly for short-period bridges and for bridges on soft soils.
Finally, recommendations are made on how seismic design specifications may
be improved. ’

INTRODUCTION

The Loma Pricta carthquake of October 17, 1989, a 7.1 surface wave magnitude
carthquake caused 62 deaths, approximately 3,750 injuries, and produced more than 36
billion in property damage. The cost of the earthquake to transportation systems was
$1.8 billion, of which damage to state-owned bridges totaled about $30) million, most
of which were built on soft soil [7). The most dramatic impact of the earthquake was
the collapse of the Cypress Street Viaduct in which forty-two people died. The cause
of the failure of this structure was atributed 1o the lack of knowledge in the practice of
earthquake engineering at the time the strucrure was built (as reflected in the level of
seismic loading, redundancy considerations and detailing practices) (7.10.12] Given the
significant probability of occurrence of future carthquakes with magnitudes equal to or
larger than this event, it is of uimost importance to study the seismic vulnerability of
highway bridges built according to old and current standards.

Earthquake Engincenng Research Center, Unmiversity of California, Berkeley, CA 94720
Curmenity at the Civil Engineenng Depamment, Swiss Federal Instiiuse of  Technology.
CH-1015, Lansanne, Switzerland,
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There is a general consensus that the greatest source of uncertainty in the determu-
nauon of the response of structures to earthquake ground mottons is that assoctated with
the prcdié:ion af the intensity and characienstics of the seismic input. The Loma Pneta
earthquake preduced a large number of ground motions recorded on different soil condi-
tions which offer a good oppertunity to evaluate current seismic design criteria.

The objectrves of this paper are: first, to present an overview of the evolution of
seismic design cntena for highway bndges in the United States; and second, to evaluate
current California Department of Transportation (Caltrans) and American Association of
State Highway and Transportation Offictals (AASHTQ) seismic Design Specificanons in
view of recent ecarthquakes. Special emphasis is placed on the implications of ground
motions recorded in the Loma Pneta earthquake. It 1s beyond the scope of this i)apcr 10
discuss the distmibution of design forces within the different elements which comprise
the bridge-foundation system, as well as detailing and dimensioning requirements for
these elements. Similarly, the paper does not discusses seismic criteria for base-isolated
bridges which have been recently examined in Ref. 8.

HISTORICAL OVERVIEW OF BRIDGE SEISMIC DESIGN PRACTICE

The first code requirement in the U.S. for design of highway bridges 1o resist
seismic forces was introduced by Caltrans (formerly the California State Highway
Depanment) in 1940 [16]. In this first set of specifications, bridges had 10 be designed
o tesist an hortzontal force which was a percentage (deterrmuned by the engineer) of the
dead load. A specific percentage of the dead load to be applied as laieral force was
introduced by Caltrans in 1943. This percentage was specified to vary berween 2 and
6% depending of the type of foundation and soil bearing capacity.

AASHTO. formerly AASHQO., incorporated therr first seismic provisions in 1941,
While this and the wwo subsequent editions recognized that bnidges needed 1o be
designed to resist earthquake forces, no specific recommendanons were given on how
these forces were to be determined. The 1961 edition of the AASHTO seismic provi-
sions was the Arst edition 10 specify how carthquake forces were 10 be determined.
These seismic provisions were essenually the same as the 1943 Caltrans recommenda-
tions.

In 1965 Caltrans adbplcd the Structural Engineers Association of Califernia
{SEAOC) code formulation by specifying seismic forces that were the product of the
weight of the soucture times a seismic coefficient that was a function of the pered of
vibration (C=0.05/T'?), times a factor K to explicitly account for the energy absorption
capacity of the structure. The factor K varied from 0.67 to 1.33 depending on the type
of structural system used in the bridge.

Evatuation of Seismic Design Critena for Highway Bridges 235

The 1971 San Fernando earthquake caused significant damape to highway bridges
in California [6]. As a result of this event a major revision of seismic design criteria
was inttiated. The revised critena were first introduced by Caltrans as a design memo in
1973 and formally published as a Design Specificanon in 1974, The Design
Specificanon considered the relationship between the bridge site and the active faults in
California by using a maximum credible earthquake map developed by Greensfelder at
the California Division of Mines and Geclogy, This 1974 design criteria, which 15 the
basis of the current Caltrans specifications, is based on a reduced linear clastic response
spectrum, which yields seismic fofces determined by

V=o=w n

where the product of the three factors A, R, and S define the elastic response spectrum
at the site that would result from a maximum credible event on the closest fault. In this
equation A is the expected peak rock acceleration, R the normalized accelerauon spec-
trum in rock, and $ is the spectral soil amplification ratio. The reduction in forces for
which individuat clements are designed is done by dividing the ARS lincar clastic spec-
trum by the Z adjustment factor for duculity and risk assessment. This Z factor takes
into account the amount of ductility available in a particular component. In addition to
ductility, the Z factor contains a judgement risk factor that reflects the degree of suc-
cess of highway bridges in the San Femando earthquake. A risk factor of 2 was thus

REDUCTION FACTOR
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8 DUCTILE MULTI-COLUMN BENTS  — =~~~ AASHTO - RFACTORS
8 DUCTILE SINGLE COLUMN GENTS
R T S e S
4
. _or— SINGLE COLUMN BENTS
2 = FIERS, ABUTMENT WALLS ANO WINGWALLS
W WALL-TYPE PIERS
0 - | L L 'l 'l
0.0 0.5 1.0 1.5 2.0 25 30

PERIOD (sec) )
Figure | Reduction factors currently used by Clatrans and AASTHO.
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selected for column members in structures with periods less than 0 6 sec, fmd‘a linearly
r periods between 0.6 and 1 seconds. The imtial version

i isk factor (to }) fo i
docreasing ok B of pre-reduced design forces 1o be

.riteria presented the designer with a set
z:c:lel;cti::analy555. This pre-reduced version, coupled wiﬂ? increased usage of spclctra:
ed 1 much confusion among design engineers [6]. As a result ©
¢ with better esumates of the defor-
dations. first,as a Memo w 1976
r after the earthquake

analysis result : .
this confusion, and in order to provide the designe

mauons in the bndge, Calrrans changed 15 recommen
and later 11 1977 as Design Specifications to apply the Z facto
forces had been distributed.

The 1975 AASHTO code was expanded to include Lhc‘19'?3 Calllrans :a.rt?)quakc
criteria. In 1983, the AASHTO Guide Specifications for Seismic Design of H!gct;w:y
Bndges was published following the completion of substantial rescarch sgor;sc:SHTS
the Federal Highway Administration (FHWA) and Caltra?s [2]. The 198 HTO
code retained the requirements of the 1975 code but allowing the designer tl:le op.uon
use of the Guide Specification. In 1990 AASHTO adoptf:d t]'!e Gude Spcc1ﬁcauosn ?:
the Specificanon. In their latest (1991} edition these spcluﬁcauons arc rcfc:_'rcd :sdc:? -
dard Specifications for Seismic Design of Highway Bndg?s [l?]. The selslrm 1 gb'
criteria in the Standard Specifications are based on modifications to previcusly pu

lished seismic regulations for buildings [1]. in this set of recommendations the seismic
1
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Figure 2 Comparison of clastic and reduced spectra currently us‘ed by Calrans
and AASHTO for mult-column bridges on firm soil sites.
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forces for which structural elements are designed are the result of the distribution of
forces equal to

12A8

C
V=g Vo C=—503 @

where C, is a smoothed linear elastic response spectrum, A is the acceleration
coefficient, S is a dimensionless factor depending on the soil profile at the site, T is the
period of vibration, W is the weight of the structure, and R is the response modification
factor. In these recommendations, the reduction of forces (division by R) is also done
after the elastic earthquake forces have been distributed by analysis of the structure.

The rationale behind the development of the R factors was based on considerations
of redundancy and ductility provided by the various supports [15]. Figure | shows a
comparison of Z reduction factors as used in the 1990 Caltrans Bridge Design
Specifications and R reduction factors as used in the 1991 AASHTO Siandard
Specifications for Seismic Design of Highway Bridges. It can be secen that the reduc-
tions used by Caltrans for multi-column bridges are larger than the AASHTO reductions
in the short period range and smaller for long period bridges. In some cases the
difference between AASHTO and Calmans reducnon factors is substantial, as in the case
of short-period {T<0.5 s), single-column bents where the reduction recommended by
Caltrans is twice that recommended by AASHTO,

Figure 2 shows a companson of linear elastic design spectra and reduced design
spectra as used in cumrent Caltrans and AASHTO specifications for multi-column
bridges on firm soil sites with highest stismicity. In this figure, C, is the base shear
normalized by the weight of the structure W. It can be seen that there is a significant
difference in the lincar clastic spectra used in these design specifications, however, the
reduced spectra are very sinmular (except for periods less than 0.25 second). A similar
comparison but for multi-column bridges on soft-seil sites is shown in Figure 3.
Although the differences berween AASHTO and Caltrans reduced spectra are more
noticeable than n the case of firm sitcs these differences are much smaller than those
between the corresponding elastic spectra.

As mentioned before, most of the damage 10 highway bridges resulting from the
Loma Prieta earthquake occwrred in soft soil sites. Thus, it is of interest to see how the
required strength has changed with time in the two sets of specifications. A comparison
of strength design spectra of the Caitrans and AASHTO recommendations from 1943 1o
1991 is shown in Fig. 4. In this figure, swength spectra of code provisions based only
on allowable stress design (1943-1973 codes) have been increased to strength level by
multiplying them by 1.5. Similarly, for code provisions based on strength design for
reinforced concrete bridges, the reduced spectra have been divided by 0.9 to reflect the
increasc in strength that may occur due to the use of fAexural strength reduction factors,
As illustrated in the figure with the exception of Calirans 1965-1973 ‘design
specifications, the required strength of both sets of recommendations -has not changed
much over years. .
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Figure 3 Companson of elastic and reduced spectra currently u.scd by Caltrans
and AASHTO for mulu-column bridges on soft soil sites.
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Figure 4 Evolution of AASHTO and Caltrans strength design specwa for
mulu-column bridges on soft soul sies.
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EVALUATION OF CALTRANS AND AASHTOQ DESIGN SPECl'FlCATIONS

ESTIMATION OF STRENGTH DEMANDS

For both sets of design criteria, linear clastic response spectra constitute the start-
ing point for computing elastic forces, displacements, and design forces for individual
structural members. Figure 5 shows a comparison of 5%-damped lincar elastic response
spectra of three ground motions recorded on rock or firm soil conditions in recent earth-
quakes (two records are from the Loma Prieta earthquake and the other record is from
the 1985 Chile earthquake) with Calirans ARS spectra (for A=0.6 and soil conditions
characterized by  to 10 ft of alluvium deposits) and AASHTO's Guide Specifications
C, specira {for A=0.4 and 3=1.0). This figure illustrates that aithough current elastic
design spectra tzke into account seismicity, ground motion attenuation and site effects,
they may still underestimate forces and deformations that could occur in future earth- -
quakes. This is especially true for the AASHTO (ATC-6) elastic spectra which is partc-
ularly unconservative in predicung elastic demands for perieds between 0.15 and 0.6
second. With the exception of base-isolated and long-span bridges most highway
bridges have fundamental periods smaller than 0.6 second.

Figure 6 shows a comparison of 5%-damped lincar elastic response specira of three
ground motions recorded on soft soi] sites in recent eanthquakes with AASHTO specira
{for A=0.4 and $=1.5) and with Caltrans ARS spectra (for A=0.7 and so1l conditions
defined by deep alluvium deposits). With exception of the SCT record the linear elastic
spectra seem adequate. However, 1t is impoenant to notice that the peak ground accelera-
tions of these 3 records are relauvely low compared 1o those considered in the develop-
ment of the code spectra shown in the figure. Although [imited by nonlinearities in the
clay deposits, higher accelerations are likely to occur at the two Bay Area sites in closer
and/or larger magnitude earthquakes than those recorded during the. Loma Prieta earth-
quake.

Linear elastic response spectra give good estimates of the forces that could be
developed in bridges responding elastically, however, severe earthquake ground motions
will produce yielding in the structure and then linear elastic models fail to predict the
sttength and deformation demands on such structures. In Fig. 7 the reduced spectra for
multiple column bridges used by Caltrans and AASHTO are compared with nonlinear
response spectra of elasto-perfectly-plastic single-degree-of-freedom (SDOF)} systems
undergoing displacement ductilitics equai to 3 when subjected to three ground motions
recorded on.rock or firm soil on recent earthquakes. This figure shows that for bridges
with periods less than 0.6 s strength demands can be significantly higher than those
used in both design specifications. Thus. indicating that most bridges need a strength
higher than the minimum required by these specifications in order 1o avoid displacement
ductiity ratios higher than three. )
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Figure 5 Companson of AASHTO and Calirans linear spectra with the 5% dampc'd
linear elastic spectra of three ground motions recorded on rock or firm soil.
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Figure 6 Comparison of AASHTO and Calrans linear spectra with the 5% damped
linear clastic spectra of three ground motions recorded on soft soil.
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A similar comparison for soft soil records and reduced design spectra for soft sol
is presented in Fig. 8. In this case. although the recommended elastic spectra seemned
adequate (Fig. 6), the reduced spectra are again unconservative in the short period
range. Although the spectrum computed for the SCT ground metion exhibits unusual
amphfcanons due to the combinanon of a long distance from the source and special
characteristics of the clay deposits in Mexico City, nevertheless the ground motions
recorded at the two Bay Area sites during the Loma Prieta earthquake point out that
there arc soft soil sites in the U.S. which at present are not-appropnately addressed by
current design specifications for soft sies.

The strength demand reductions, Ry, that are achieved by hysteretic (nonlincar)
behavior in structures, arc defined as the ratio of the strength demand of the elasticaily
responding system, to the soength demand of a nonlinear system undergeing a certain
ductility, ;. Mathemaucally this reduction is expressed as

_ Gw=n
R Y ey

where Cy(u=1} is the lateral sirength (normalized by the weight of the structure) that is
required to maintain the structure clasuc under a given ground motion, and C,(p:u,) 15
the lateral swrength (normalized by the weight of the structure) that 15 required to avoid
displacement ductility demands larger than y, under the same ground motion.

3)

Figure 9 compares the reductions in systems undergoing displacement ductility
ratios equal to 4 when subjected 1o three rock (or firm soil) records. Reductions for
multi-column bridges assumed by Calrans and AASHTO recommendanons are also
included in the figure. It can be seen that the reductions considered in these
specifications are, in general, greater than those resulting from the three ground motions
considered here,

As shown in Fig. 9 for a given displacement ductility ratio the strength reduction
R, varies from one ground motion to another. Recently, statisucal studies on the
response of nonlinear systems when subjected to a relatively large number of recorded
carthquake ground motions were completed (9, 11). Figure 10 shows a comparison of
strength reduction recommended by Caltrans and AASHTO for multi-column bents with
those computed for SDOF nonlincar systems undergoing displacement duculity ratios of
2 and 4 when subjected to ground motions recorded on rock and ground metions
recorded on alluvium, The strength reductions shown in this figure were computed for
SDOF sysiems having a bilincar hysteretic behavior with a post-clastic stiffness equal to
3% of the elasuc stiffness and a constant damping coefficient corresponding to a damp-
ing ratio of 53%. It can be scen that, for a given displacement duculity ratio, mean
strength reductions are charactenzed by important variations with changes in the period
of the system. In general, strength reductions are smaller in the short period range and
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Figure 9 Reductions in swength demand of SDOF nonlinear systems (for p=4)
when subjected to three ground motions recorded on rock or firm soil.
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Figure 10 Comparison of strength reduction factors recommended by Caltrans and
AASHTO for mult-column bents with those from staustical analysis.
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Figure 11 Reductions in strength demand of SDOF nonlinear systems (for p=4)
when subjected to three ground motions recorded on soft soil.

increase with increasing peried up'to a certain limiting period where mean reductions
become approximately equal to the displacement ductility rauo. This limiting period
depends on the maximum level "of inclastic deformation. Its value increases with
increasing ductility demand.

Convary to the period variations shown by mean strength reductions, strength
reductions recommended by AASHTO are constant (period-independent). Caltrans
reductions do have variations with period, but it is interesting to note that their wend is
opposite 1o the wend produced o nonlinear SDOF systems subjected to recorded earth-
quake ground motions; that is, the Caitrans reductions decrease with increasing period
while the computed reductions increase with increasing pemod. In the shont penod
range (i.e., for most highway bndges) code reductions are larger than mean reductions
computed here, indicating that bridges designed under these recommendations could
experience ductiliies in excess of four if they do not have significant overstrength
above the minimum code-required lateral swength. This problem is exacerbated for
bridges on soft soil sites where reducdons produced by nonlinear behavior in structures
with short periods are even smaller, as illustrated in Fig. 11 where Caltrans and
AASHTO smength reducuons are compared with strength reductions computed for non-
linear systems subjected to three soft soil records. It can be seen that for periods smaller
than 0.6 s Caltrans and AASHTO strength reductions are between 2 and 8 umes larger
than those computed for SDOF systems.
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Figure 12 Comparison of the ratio of maximuem inelastic to maximum elastic
deformations used by Caltrans and AASHTO with those from
staustical analysis.

Although additionzl reductions to those prescribed by R, can be taken into account
in design due to overstrength in the structure, present reductions in both sets of design
specifications may still be unconservative. Recent experimental research on small-scale
and full-scale reinforced-concrete bridge columns has shown that overswength in
flexural capacities with respect to values predicted by ACI recommendations {essentially
the same as Caltrans and AASHTO in this respect) is between 1.08 and 1.35 for
columns with axial load ratios (P/ECA,) less than 0.3 [13, 17]. Furthermore, if refined
flexural strength calculation methods (based on confined concrete models and strain-
hardening reinforcement models) are used, the overstrength in the columns (ratio of
actual to analyucal strength) can be much closer to 1.0.

ESTIMATION OF DISPLACEMENT DEMANDS

Seismic damage to highway bridges is primarily produced by lateral deformations.
Therefore, an adequate estimation of lateral inelastic displacemnents is of great impor-
tance for the adequate design of highway bndges in seismic regions. A study of Figs.
5 and 6 reveals that code recommendations underestrmate linear elastic forces (particu-
larly the AASHTO specifications) and therefore an unconservative estimation of defor-
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Figure 13 Rato of inelastic to elasuc displacernents of SDOF systems when
subjected to three'recently recorded ground motions.

madons will also result, since both recommendations use elastic forces to estimate the
bridge deformations. Furthermore, by .using elastic forces to estimate maximum defor-
mations, both codes assume that the maximum displacernents of linear and nonlinear
systems are the same, While this assumption is approximately true for long peried struc-
tures built on rock or firm sotls, it does not apply for structures with short periods nor
to most structures built on very soft soils [4, 9]. Figure 12 shows mean ratios of the
maximum displacement of nonlinear systems (A 1,0, 10 the maximum displacement of
elastic systems (Ag,,,) for displacement ductility ratios of 4 and 6. It can be scen that
for systems with periods smaller than 0.5 s the maximum displacement of systems
behaving nonlinearly is sigmficantly larger than that of linear clastic systems. This
observation 15 particularly important for structures on soft soil sites. Figure 13 shows
the ratio displacements of nonlinear systems undergoing displacement ductilines of 6 to
displacements n linear clastic systems for three recently recorded ground motions. It
can be seen that for short-pentod structures on very seft soil sies (i.c. bay mud deposits
in Oakland wharf or old lake bed deposits in Mexico City) the use of elastic analyses
can underestimaie the maximum deformaticns by mere than 100%.
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ESTIMATION OF DUCTILITY DEMANDS

The 1990 Caltrans specifications compute member duculity demands, up, by
obtaining the rano of the moments computed in a lincar clastc analysis, Mgg. to the
nominal moment capacity of the member, M, thus
Mgg
Mn

Hp = @
Such a procedure is aiso based on the equal displacement assumption, 50 for spectral
regions where this assumption is invalid (i ¢. the short period range) an underestimation
of ductility demand results. For certain ground motions recorded on soft soil this
assumption may be unconservative for pericds as long as 1.4 seconds.

CONSIDERATION OF BRIDGE IMPORTANCE

The Loma Prieta earthquake has showed that depending on the location and
volume of vehicles that make use of a bridge, interruptions in service can have substan-
tially different consequences. As an cxample, one may compare the censequences
between the collapse of a bridge with moderate daily traffic like the Struve Slough
Bridge (on California Highway 1) and the consequences of the collapse of the Cypress
Street Viaduct or the damage to the San Francisco freeway viaducts which are located
in zones of heavy daily waffc. The damage to these structures highlights the
significance of tougher criteria for highway bridges of special importance as reflected by
the locanon of the bridge, average daily traffic, existence of alternate routes, access to
critical facilities, etc.

Present seismic design philosophy is based on the avoidance of collapse of the
structure in the event of severe earthquake ground motions and in the case of bridges it
recognizes that serious damage and possible closure may happen following an earth-
quake.

Calwrans design specifications do not contain specific requirements for bridges of
special importance. AASHTO Guide Specifications include a bndge classification which
separates essential bridges from other bndges. In these specifications essential bridges
are those that must continue to fenction after an earthquake, however, for zones of the
U.S. where the acceleration coefficient, A, is larger than 0.29, no difference in design or
analysis requirements exist for these two categaries (seismic performance categories C
and D) except for the design of the foundation, There is a need of seismic design cri-
tena that, in a rational manner, tries to mamain the functionality. of essential bridges
after severe carthquake ground motions.
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RETROFITTING OF EXISTING HIGHWAY BRIDGES

In California alone there are more than 11,280 existing highway and pedestsian
bridges with spans over 20 feet, many of which were designed according to pre-1973
design spcc:ficalions. AASHTO does not have standards for the seismic rewofit of exist-
ing bridges. while Caltrans has a set of procedures and details for use by designers.
Although reports have been published in this area [3, 5, 14], no code or techaical stan-
datds have been officially adopted for the seismic retrofit of exisung bridges. Problems
encountered in the repair and rewrofit of the San Francisco viaducts and other highway
bridges 1n California reflect our need for rtesearch and design specifications that
specifically address the seismic upgrading of existing bridges.

CONCLUSIONS

The Cahfernia Department of Transportation 1990 Bridge Design Specifications
and the American Association of State Highway and Transportation Officials 1990 Stan-
dard Specifications for Sersmuc Design of Highway Bridges may‘ underestimate strength
and deformation demands of highway bridges that expenience severe earthquake ground
motions. Unless they have sigmficantly overstrength over the mimimum required by
these specifications, bridges with short periods of vibration built on soft soil may be
pamcularly susceptible to severe damage in the event of nearby large magnitude earth-
quakes. l

Based on the results of this smdy the following recommendations are made to
improve current seismic design cawena for highway bridges:
« Lateral strength 15 an important parameter in controlling the maximum deformations
" as wel! as the ductility demand (and thus the damage) to short period bridges. The
use of design forces based on nonlinear spectra together with' analysis techniques that
take into account nonlinear deformations ¢an lead to more ratronal design criteria,

o If future ediions of these specifications are to be based on reduced linear elastic
spectra, 1t is recommended that: (i} elastic spectra of rock sites be improved (espe-
ciatly in the case of AASHTOY); (ii} linear spectra representative of very soft soils be
developed: (i) more rational reduction factors be used that take into account damp-
ing, oversrength and energy dissipation as well as the influence of the fundamental
period of the bridge and the site condiuons; (iv) procedures be implemented to esti-
mate total deformations and ductility demands that take into account the fact that ine-
lastic deformations may be larger than ¢lastic displacements.

* There is a need o study and calibrate the overstrength of new and existing highway
bridges with different characteristics (number of spans, spans lengihs, type of bents,
etc.).
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e It is desirable that the importance of the bridge, as reflected by the location of the

bridge, average daily traffic, existence of alternate routes, access to critical facilities
as well as other 1ssues such as repairability and economical considerations be taken
into account in 1ts se1smic désign.
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SITE-DEPENDENT STRENGTH-REDUCTION FACTORS
By Eduard(; Miranda* )

ABSTRACT:  Strength-reduction {agtors that are ubed o reduce hnear elasiie deagn
speetra o agcount lar the hysterete energy dissipation ot the structure are evil-
wated. The paper presenis  summary of results o o statistical analysis of strengihs
reduction tactors computed tor sngle-degree-ol-freedom systems undergoing dif-
terent levels ot inelasue deformation when subjected 1o a relatively large number
of recorded earthquake ground montons. Special emphasis s given o the inlluence
of sl conditions. Results inchieate that for a given displacement duculity demand.
the use of penod-independent reduction fagtors i tnadeguate. Soik conditions can
have animportant effect on sirepgth-reduchion factors, particularly in the case of
sott-soil sies, [hs recommended that sireneth-reduction Lictors 1o be used in design
be spearfied as o tunction of the perod and inelastic capictty ol the structure, and
ot at least two types of soab conditions —one $or rock and relanvely hrm sites and
another tor sott-soil sites Follow g these recommendanions, simplified expressions
10 compute strength-reduction lactors are proposed.

INTRODUCTION

Due to sconomic reasons. present design philosophy allows buildings and
other types of structures to undergo inelastic deformations in the event of
strong earthequake ground motions. As a result of this design philosophy,
the design lateral strength presenibed in seismic codes s lower, und in some
cases much lower. than the lateral strength required to maintain the structure
in the clastic range.

Generally, the design lateral strength is prescribed by means of smoothed
nelastic design response spectra (SIDRS). Although recent studies have
concluded that a more rativnal design mayv be attained through SIDRS that
are derved directly from statistical and probabilistic unalyses of inelastic
response spectra (Bertero et al, 1991 Miranda 1993}, SIDRS currently used
in design practice are the result of smoothed linear elastic response spectra
(SLERS), which are then reduced to take into account the inelastic behavior
in the structure.

Reductions in forces produced by the hysteretic energy dissipation ca-
pacity of the structure (i.e.. reduction in torces due to nonlinear hysteretic
behavior) are tvpically accounted for through the use of strength-reduction
factors (sometimes also referred to as inelastic acceleration ratios) or through
their reciprocals (typically referred to as deamplification factors}). Thus, the
assessment of rehiable SIDRS derived from SLERS requires a good esti-
matton of the strength-reduction factors.

Strength-reduction factors have been the topic of several investigations,
One of the carhest and better known studies on strength-reduction factors
15 that of Newmark and ilall (1973) in wiich recommendations were made
of reduction factors to be used in the shoe-o medinm-. and long-penod
spectral regions. Riddell and Newmark (1979) proposed an improved set of
reduction {actors that wis based on a statistical analvsis of the response of

"Res Engr., Dept ol Civ Engre . Swiss Fed Tnst ol Tech L CH-1015, Lausanne,
Switzerland.

Note  Discussion open untit May 1, 1994, To extand the closing dage one month,
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1992, This paper v part of the Journaf of Stractural Engineering. Vol 119, No #2,
December. 1993, DASCE. ISSN 0733944503 0H 2330810 & § 15 ner pave,
Paper No 5305, :
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single-degree-of-freedom (SDOF) systems to 10 recorded earthquake ground
motions. More recently, Riddell et al. (1989) presented approximate mean
strength-reduction factor spectra computed as the ratio of mean elastuc
spectra to mean inelastic spectra. Nassar and Krawinkler (1991) studied
mean reduction factors of bilinear and stiffness degrading systems when
subtected to 15 ground motions recorded on firm sites in the western United
States. They proposed approximate expressions to compute strength re-
duction factors as a function of ductility and period of vibratton, With few
exceptions. previous studies on reduction factors have not considered the
influence of local site conditions. The reader 15 referred to Miranda (1991)
tor a detatled description ot previous studies on inelastic response spectra
and un strength-reduction factors.

The tntluence of soil conditions on reductions factors was first studied by
Elghadamsi and Mohraz (1987). who considered ground motons recorded
on rock sites und on atluvium sites. This study concluded that deaxmplification
factors are not significantly intfluenced by soil conditions, and that for a
given ductility and frequency one may deampiify the elastic response more
for a structure on rock than for a structure on alluvium. Using a stochastic
procedure, Peng et al. {1988) computed deamphfication factors for rock
and alluvium sites. Analogously to the earlier study, this investigauon con-
cluded that the effects of local sl conditions on inelastic spectra stem
pnmuarily from their effects on elastic response spectra: thus. soil conditions
do not sigmficantlv influence strength-reduction factors. However. recent
studies based on ground motion recorded duning the 198¢ Loma Prieta
earthquake (Miranda and Bertero 1991: Krawinkler and Rahnama 1992)
suggest that local site conditions may have a sigmficant effect on strength-
reduction factors, particularty in the case of ott sanls,

The aim of this study is to improve the estimaton of strength reductions
in structures that behave inelastically duning severe earthquake ground mo-
tons. The objectives of this paper are: (1) To study the main factors influ-
encing strength-reduction factors: and (2} to provide approximate expres-
sions that allow a rapid estimation of strength-reduction factors.

STRENGTH REDUCTION FACTORS

The equation of motion of a nonlinear SDOF system subjected 10 earth-
quake ground motions is given by

mu() + cult) + FQ1y = —mu (1) . ... oo (1)

where m. ¢, and F(r) = muss. damping coetficient. und restoring force uf
the svstem. respectively: uir) = relutive displacement; u (¢) = ground dis-
placement: and overdot represents its Jdertvative with respect to time. The
mittal period of the system 15 given by

’ 12 . 1.2
N AR £ TR D ,
T _-n(k) 2 (F) ............................. (2)

where & = initial stiffness of the system: F, = svstem’s vield strength, and
u, = yield displacement. respectively.

The level of inelastic deformation experienced by the svstem under a
given ground motion is typicaily given by the displacement ductility ratio.
which is defined as the rato of maximum absolute relative displacement to
its yield displacement
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u,

An adequate design is produced when the structure is dimensioned and
detailed in such a way that the local (story and member) ductility demands
are smaller than their corresponding capacities. Thus, during the preliminary
design of a structure there is a need to estimate the lateral strength {lateral
load capacity} of the structure that is required in order to limit the global
(structure) displacement ductility demand to a certain predetermined value,
which results in the adequate control of local duculity demands.

The strength-reduction factor (i.e.. reduction i strength demand due 10
nonlinear hvsteretic behavior) R, is defined as the ratio of the clastic strength
demand 10 the inelastic strength demand

_ Ape =1 : o (4)
= Fulp" = p'l)
where F.(pn = 1} = lateral yielding strength required to maintain the system
elastic: and F.(g = p,) = lateral yielding strength required to maintain the
displacement ductilny demand . less or equal to a predetermined target
ductility ratio p,. Eq. (4) can be rewritten as

R

G = (5)
e

where C.(n = 1) = seismic coefficient (yielding strength divided by the
weight of the structure) required to avond vielding: and C{p = n,) =
minimum seismic coefficient required to control the displacement ductity
demand to x, As shown in Fig. 1, Ci(p = 1) and C{p = W) corr'espnnd
1o ordinates of a linear elasuic response spectrum and a constant displace-
ment ductility nonlinear response spectrum. respectively.

For design purposes, R, corresponds to the maximum reduction in strength
that can be used in order to limit the displacement ductility demand to the

R

Ty

Strangth required to maintain
the structure elastic (lL=1)

Strength required to limit the
ductility demand to [

T
FIG. 1. Constant Displacement Ductility Nonlinear Response Spectra
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predetermined ductility p, in a structure that will have a lateral strength
cuual 10 the design strengtk. An addinonal strength reduction can be con-
sidered in the design of a structure 1o account for the fact that structures
usually have a lateral strength higher than the design strength. For a more
detaiicd discussion on strength reductons due 1o overstrength the reader 1s
reierred to Osteraas et al. (1990}, Miranda (1991). and Bertero et ab. (1991).

Computation of F{p = w,} or C (= ) involves iteration (for each
peniond uand cach target ductility) on the fateral strength F| (or the seismic
cocfhicient C)) using (1) until the computed duciility demand under a given
ground motion is, within i certain tolerance. the same as the target ductibity.

lteranion on the lateral strength using (13 some cases does not vield a
unique result. that s, there can be more than one lateral strength tha
produces the same displacement ductilin demand  In such cases. only the
fargest lateral strength is of interest lor design purposes. This Lleral strength
capacity corresponds to the maximum strength reduction factor R, and the
minimum strength required by the structure to limit the ductiliny demand
to the target ductility.

STATISTICAL STUDY OF FORCE REDUCTION FACTORS

Earthquake Ground Motions

There 1s a general consensus that one of the largest sources of uncertainty
m the estimation of the response of inelastic structures during earthquakes
1s the prediction of the intensity and characternistics of future carthquake
ground motions at a given site In this study . an effort was made to consider
a relanvely large number of recorded ground motion 10 study the effects of
the variabiliy ot the churactensuces of recorded ground mouons on strength-
reduction factors.

To study the influence of local site conditions on strength reduction fac-
tors. a group of 124 ground metons recorded on a wide range of soil
conditions during various carthquakes was considered, The ground moutons
used 1n this investigation were recorded during the earthquakes hsted in
Table 1. Most ot the selected records represent so-called free-field condi-
tions. Comiplete hsting of the records can be found in Miranda (1993)

Based on the local site conditions at the recording stauon, ground motions

TABLE 1. Earthquakes Considered in This Investigation

Earthquake : Date Magnitude
1 : (21 (3)
Impenal Valley Calit May I8, 1940 6 XM
Kerer County, Cahl. Juls 21 JYsZ THAMD
Sun Franciseo. Caht, March 220 1957 SM
Parktield. Cahf June 27 1960 .61,
San Fernando, Calf Febhruury 4. 1071 b AL
Romana March 4. 1977 7 UMD
Mivagi-Ken-Ohi. Japan June 12, 1978 7 4M,)
tmperial Valley, Calil October 15, 1979 6 GLAM, )
Central Chile. Chile March 3, 1985 TRUM)
Michoacan, Mexico September B 1985 8 UM
San Sulvador, El Sulvador October 10, 1986 S HAM)
Whit Sarrows, Calif Octoher 1. 1987 01(M,)
Lon a. Calit Octaber 17, 148y 7.1tM)
asns

were clussificd into three groups using a simple criterion similar to that used
in present building codes These three groups are. ground motions rccurdec?
on rock (38 records): ground monons rpcurdcgi on allgvtum (62 records):
and ground motions recorded on very soft soil deposits characterized by
low shear wave velocities (24 records). Records included in the latter cat-
egory could be considered as representative of the soil 1ype S, according to
the soil classification of the Untform Building Code (Uniform 1988,

Method of Analysis .

For cach earthquake record inelastic strength demands were computed
for 2 family of 50 SDOF systems undergoing different levels of inelastic
deformation. For a given period of vibration amd a piven target dlspl:lccmlcm
ductility ratio. the inclastic strength demand F,(u = p,) was computec by
itcration on the svstem’s lateral viclding strength unul the displacement
ductility demand computed with (1) and (3) was within 1% of the targel
ductlity. The following target ductilities were selected: one (linear elasuc
behavior). two. three, four. five. and six The number of nerations required
to compute the maximum lateral strength that results in a ductility demand
within 16+ of the target ductility varies greath depending on the perod of
vibration. the target ductility and the ground motion. In general. the number
of iterations increases with increasing target ductility and decreasing p.erlod.

The SDOF svstems considered 1n this study were characterized by hilinear
hysteretic behavior with 2 postelastic suffness equal to 3% of the elastic
stiffness and a constant damping coefficient corresponding 0 a damping

ratio £ of 3% based on elastic properties and given by

¢ = 2méw, = 2

where w, = undamped elastic angular frequency on the system On each
teration. response-time histories were computed by numerical 'Slcp-hy-s}ep
intearation of (1) using the linear accleration method with a variable time
slcphlu minimize energy violations when changes in stiffness occur in the
5“Sj\efrtner computing elastic and inelastic strength demands. slrens_:lh-reduc(;
tion factors were computed using (4). An R, spectrum can be ccmstrpucle
by plotting the strength-reduction fuctors of a family of SDOF s_\stcm;
undereoing a certain level of melasiic detormation under a given groun
motion. An example of this Kind of spectrum currcspnn)dmg to u group'd
motion recorded near the epicenter of the 1989 Loma Prieta. Cahforma.
earthquake 18 shown in Fig. 2

§ eduction Factors '
Mﬁ:irijrﬁ::?glr(icdlic just described. a lptal of 31000 streqgth-rt‘ducn_olrl
factors were computed (corresponding 1o S0SDOF systems us(lergumg t:l.\-L
different levels of inelastic detormation when subjected 10 124 carthquake
ground monons) Results were organized and analyzed stupsug;l]; accord-
g to the period of vibrabon of the system, the target ductibity and the soil
condition where the ground motion was recorded ) —

For ground motions recorded on rock or alluvium sites, the strength-
reduction factors were computed for a fixed set of penoads between 0.05 5
and 3.0s. Mean strength-reducnon factors computed f()i systems subjected
to ground motions recorded on rock are shown in Fig. 3 As .\hm}'n m Fhl'\
figure, the strength-reduction fuctors are charactenized by the following
features: first. the reduction factor increases with increasing tir wetility,
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FIG. 3. Mean Strength-Reduction Factors for Systems Subj
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tions Recordecd on Rock Y jected to Ground Mo-

with the rate of increase being period dependent: and second. for a given
target ductility. the reduction factors exhibit an important vanation with
changes in period. particularly in the short-peniod region. In general. mean
reduction factors in the long-period range are approximately constant and
equal to the target ductility. o
Mean strength-reduction factors computed for svstems subjected to ground
motions recorded on alluvium are shown in Fig. 4. As illustrated by this
figure. strength-reduction factors for structures located on alluvium sites
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follow the same general trend of strength-reduction factors for structures
on rock sites.

Anexample of a R, spectrum correspondimg 1o a ground motion recorded
during the 1989 Loma Pricta earthquake on a soti-soil site in the San Fran-
cisco Bay area is shown n Fig. 5. As shownin this figure. strength-reduction
factors are very large around a period of 1.14's Typically. for very soft sail
sites the period at which this peak 1s observed in the R, spectrum coincides
with the predominant period of the ground motion (Miranda and Hertero
1991: Miranda 1991: Krawinkler and Rahnama 1992). Thus. the assessment
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of inclastic strength demands ot structures located on soft-sout sites requires
the estmavon of the predomunant peniod of the ground motion,

The predominant pepod of the ground motion 7, is defined by Miranda
{1991} as the period at whieh the maximum input enerpy of a 36 damped
hncar elastic system s maximum throughout the whol::'—pcnud range For
4 SDOF system. the maximum input encrgy 1s grven by

L, = max [[ (n'u}r,) dul} .............................. (M

where &, = total aceeleration wground plus relative accelerznen) of the
system - An example ol the computation of the predominant period of the
greund moton using this definition is shown in Fig. 6(e). The eround moton
1 the same record that was used 10 compute the R, spcclrun; shown i Fig.
5.1t can be seen that the peniod at which the maximum strength-reduction
factor 1s produced coincides with the period of maximum input encrgy.

If the hinear elastic response spectrum of the ground motion is avalable,
the predommant period of a ground motion recorded on 4 <oft-s0il sie can
also be estimated as the period at which the maximum relatve velocity is
produced (Miranda 1993). The maximum relatuve velocity is proportional
to the “relative”™ kinetic energy  Thus, since absolute and relative kinetic
energies are very close in the vicinity of the predominant period of the
excitation (Uang and Bertero 1990}, both procedures to estimate 7°, will
approximately vield the same result. The use of the second proccdukre to
esimate 7, is exemplified in Fig 6(h) for the Foster City ground moton.
As demonstrated by this figure. both procedures produce approximately
the same penod. ' ’

Since the shape of u R, spectrum is strongly dependent on the value of
T.. obtaming the mean of R, versus T spectra of ground motion with sig-
mficanthy ditferent predominant peridds may resultin a poor description of
strength-reduction factors due to inelastic behavior for structures on soft-
soil sites. Therefore, for ground motions in this soil category. strencth-
reductions factors were not computed tor a fixed set of pertods. but for a
fixed set of 7/7, ratios.

Mean R, versus T/T, spectra are shown in Fig. 7. As shown in this fisure.

E,/m x 107 [cm¥s?) VELOCITY [cmvs]
20.0 120.0
@ FOSTER CITY FOSTER CITY
16.0 1 : To= 1145 (b} : Tg= 1155
: 90.01
12.0 {
60.0 -
8.0
40 - 30.0 1
0.0 'E ;
r 00 T -
0.0 1.0 20 30 00 1.0 20
. . } . 3.
PERIOD |[sec] - PERIOD [sec) 0

- FIG. 6. Estimation of Predominant Period ol Ground Motion: {a) Using Maximum
Input Ene;?g&;;”,_,';;ld (b) Using Maximum Relative Velocity
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strength-reduction factors for ground motions recorded on soft-soil sites
exhibit strong variations with changes in the 7/7, ratio. It can be seen that
strength-reduction factors for structures built on soft-soil deposits are char-
acterized by being much larger than the target ducufity for perniods near the
predominant penod of the ground motion (i e.. for T = T}, For svstems
with periods shorter than two thirds of the predominant period of the ground
motion. the strength-reduction factor due to inelastic behavior is smaller
than the target duculitv. whereas for systems with periods lenger than one-
and-a-half umes the predominant period, the strength-reducuon facior is
approximately equal to the target ductility.

Yariability of Strength Reduction Factors

The response of a nenlinear system subjected to earthquake ground mo-
tions is more sensitive to the characterisuics of individual acceleration putses
and their sequence within a recotded aceeleration time history than s the
response of a linear svstem Therefore, for a given target ductilny, the
strength-reduction factor can exhibit great variations from one ground mo-
tion to another. even if both ground motions are similar (1.e.. they have
approximately the same intensity, durabon. and freguency content), For
the design of a structure this means that the ateral strength capacity required
to avoid displacement ductility demands larger than a given it can have
important variations from one ground motion te another.

As mentioned before. strength-reduction factors increase with increasing
ductihty demands For a given svstem with period of vibration T and a given
target displacement ductlity ratio, the strenpgth-reduction factor will tvpi-
cally vary within a certain range when subjected to a family of ground
motions. Thus, it 1« important to study not only the influence of the dis-
placement ductility ratio on mean strength-reduction factors but also on the
dispersion of these reduction factors. One way of evaluating the dispersion
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of strength-reduction factors 15 by computing the coefficient of variation
{COV), which is detined as the tatio of the standard deviation to the mean.

Coefficients of vanation of strength-reduction factors for svstems sub-
jected to ground motions recorded on rock and on alluvium are shown in
Fig. 8. The coetficient of vanation is shown for three displacement ductidity
ratios. As illustrated by this figure, with the exception of systems with very
shart periods (7 < 0.2 s). coefficients of varniation of strength-reducton
factors exhibit only small variations with changes in the period of vibration.
Regardless of the soil condition at the recording station, the dispersion in
strength-reduction factors increases with increasing displacement ductility
ratio.

Some of the factors that influence the intensity. frequency content. and
duranion of the ground motion at a given stte are the earthquake magnitude.
the distance to the source, uand the local site conditions. Thus. it s of great
importance to study the influence of these factors on mean strength-reduc-

“uon factors.

The influence of soil conditions on strength-reductions factors can be seen
in Fig. 9 where mean R, spectra are plotted for svstems undergoing dis-
placement duculity demands of three and five when subjected 1o, ground
mottons recorded on rock. on alluvium, and on sott-soil sites. For soft-sonl
sites, the mean R, spectra are plotted assuming a predominant penod of
the ground motion of 1.5 s As shown in this tigure. strength-reduction
tactors corresponding to ground motions recorded on alluviom are larger
than those corresponding to ground motions recorded on rock for periods
smaller than 1.2 5. Thus. in this penod range one can design a structure on
alluviumt with a slightly smaller lateral strength capacity than that required
to avond the same level of inelastic deformution on a similar structure on a
rock sie. For svstems with periods between 1.3 s and 2.4 5. the strength-
reducnion factors corresponding to ground motions recorded on rock are
larger than those corresponding to ground motions recorded on alluvium.

Although difference ewsts between strenuth-reduction factors for rock
sites and those of aliuvium sites, these differences are relatively moderate
when compared to the differences that exist between strength-reduction
factors for soft-soil sites and strength-reduction factors for either reck or
alluvium sites. As shown in the same figure. for systems on soft-soil sites
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FIG. 9. Influence of Local Site Conditions on Strength-Reduction Factors

with periods between 1.3s (T =0 85T ) and 2.3 s (T = 1.5T)). the strength-
reduction factor is much larger than those corresponding to systems with
the same periods but located on either rock or alluvium sites.

In the short-period range. strength-reduction factors corresponding to
svstems on soft-soil sites are considerably smaller than those corresponding
to svstems on tock sites or to those corresponding to systems on alluvium
sites. This observation has very important design imphecations. Manly. that
the use of strength-reduction factors derived from studies of systems sub-
jected to ground motions recorded on rock and aluvium sites can lead to
unconservative designs if used in the design of short-period structures lo-
cated on soft-soil sites. For example. if displucement ductility demands larger
than three wamt to be avoided on a structure with a penod of 1.6 s, the use
of mean strength-reduction factors derived with the use of ground motions
recorded on rock or alluvium sites would result in a lateral strength capacity
that is approximately one third of the lateral strength capacity that it is
required to maintain the structure elastic (i.e., R.u = 3). However, if this
strength-reduction factor is employed in the design of a structure located
on soft soil. the mean displacement ductility demand would be approxi-
mately five, that 15, 65% higher than the target ductility.

The influence of tocal site conditions on the dispersion of strength-re-
duction factors is shown in Fig. 10. where coefficients of vanation of strength-
reduction factors are plotted for systems undergoing displacement ductility
ratios of three and five when subjected to ground motion recorded on rock,
on alluvium. and on soft-oll sites. Penods of vibration tor sott-soil sites
correspond to an assumed predominant period of 1.2 5. [tean be seen that,
for a eiven displacement ductility rato. the dispersion on the reduction
tactor 15 approximately the same tor all three conditions. Thus. even though
ditferent soil conditions lead to different strength-reduction factors. therr
vartability remaens practically the same.

Earthquake magmitude and cpicentral distance have been shown to in-
fluence elastic strength demands on SDOF systems (Silva and Green 1984,
[n the present investigation, the imfluence of earthyuake magmtude on
strength-reduction factors wis studied by computing, for each sol condition.
the mean R, spectra for ground motions recorded on carthquakes with theee
levels of magnitude. The influence of earthquake magnitude on mean re-
duction factors for systems undergoing displacement ductilities vl two and
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epicentral distance on strength-reduction factors using 32 ground motions
recorded during the 1987 Whithier-Narrows earthquake. In addinon to the
effect of epicentral distance, Krawinkler and Nassar studied the influence
of stiffness degradation on strength-reduction fuctors. They concluded that
stiffness degradation has a negligible effect on strength-reduction tactors.

AEGRESSION ANALYSES

For practical purposes. a simplified expression is desired to relate the
strength-reduction factor due to hvsteretic behavior R, to the displacement
ductility ratio . Thus. for the design of a structure. the lateral strength
capacity required to avoid displacement ductility demands larger than their
corresponding capacities can be easily assessed for a given site-dependent
SLERS. Sumilarly, if the lateral strength capacity is known, a simphfied
expression relating R, with . permits a rapid estimation of the displacement
ductility demand corresponding to a given site-dependent SLERS.

Some of the factors that influence R, are: displacement ductility rato,
period of vibration, local soil conditions. magnitude. epicentral distance.
hysteretic behavior. and damping Here only the first three factors, which
are the ones that tvpically have a signiftcant influence on R, were considered
while conducting regression analvses m order 1o obtawn simplificd expres-
stons to compuie strength-reduction factors Therefore. the approximate
force reduction factor R, is given by

Ro= fln. T SCY oo )

where SC represents the soil conditions. Regardiess of the soil condition.
{8) has to sausty the fallowing conditions:

m R, = hmflp. T.SCY =1 ... . (9)
T—l Teein
hm R, = him flu 7.5C) = & .o {1
T— Jer
R, =f(n.7.5C)=1. =1 i . (1

The form of the fupction described in (8) was chosen o be the followmng:
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L, = T + 1 =1 (12)
where @ = function of . T. and the soil condiions a1 the site Several
forms of functions for & were considered. and regression anaivses were
conducted for each soil condition separately i order to fit the function &
1o the aata obtained from nonhnear time-history analyses. For rock and
alluvium sites the functions @ that fit best mean strength-reduction factors
are given by )

¢ 1 + _1._.._ _ ! ;E In T 3).
Wr - w7 27T eplTs it Ty (for rock sites)

1
12T - uT

2 1\’
- -S—Texp [—2 (in T - g) ] (for alluviem sites) ............ (14)

A comparison between mean strength-reduction factors computed for svs-
tems subjected to ground motions recorded on rock sites and recorded on
alluvium sites with those computed using (12)-(14) is shown in Fig 13. It
can be scen that the use of these simple equations leads to very good
‘approximations of mean reduction factors due to inelastic behavior.

As shown in Fig. 7. mean strength-reducnion factors for sofi-soil condi-
tions are charactenzed by important variations with changes in the T/T,
ratio. The assessment of this ratio depends on a good estimation of the
fundamental period of vibration of the structure and of the predominant
period of the ground motion, both of which are subjected to an important
degree of uncertainty. Furthermore. the imuial 777, ratio could also change
during the earthquake as a result of nonstationarities on either the response
of the soft-soil deposit or on the response of the structure. Thus, if the
computed mean strength-reduction factors (Fig. 7) are directly used in de-
sign. even a small error in the estimation of the 7/T, ratio could lead o

R, R,
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FIG. 13. Comparison of Mean Strength-Reduction Factors of Rock and Alluvium
Shes with those Computed Using Eqs. (12)-(14)
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significant errors in the estimation of R,.. purticularly for systems with fun-
dumental periods of vibration close to the predominant period of the ground
motion (i.e.. T/T, = 1). ’

Due to the important variations n R, with changes in the T'T, rano.
combtned with uncertamnties in the estimanion ot the 777, rano. it was
decided 10 modify the computed strength-reduction factor spectra of ground
motions recorded on soft-so1h sites by considering a = 10% errot in the
estimation of the 737, ratio. For a given displacement duculity ranio and
given TiT, ratio. the modified strength-reduction tactor was computed as
the mimmum strengih-reduction factor in the spectral range himned by
0.97/T, and |.17/T,. Regression analyses were conducted 1o obtain 4 func-
tion @ that. combined with (12). best fits the mean of modified strength-
reduction factor spectra. This function @ is given by

¢ =1+ -3%_ - % exp |:—_" (In% - :]—1) ] (for soft soil sites) (15)

£

Strength-reduction tactors computed using (12) and (15) and the mean of
modified strength-reduction tuctors of systems subjected to ground mauions
recorded on sott-sonl sites are compared in Fig. 140 A« illustrated o this
figure. the combined use of (12) and (15} provides. m general, good esu-
mates of strength-reduction factors for structures located on soft-soil sites.

_CONCLUSIONS

The primary purpose of this investigation was 10 assess the reductipn in
fateral strength demands produced by allowing nonlincar hystercuc behavior
to take place in structures in thesevent of severe carthquake ground motions.
For this purpose. a statistical study of strength-reduction factors was con-
ducted. The statistical study comprised strength-reduction fuctors computed
for SDOF svstems undergotng ditferent levels of inctasuie deformation when
subjected 10 a relatively large number of earthquake ground monons re-
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corded on different local soil conditions. The following conclusions can be
drawn from the results of this study.

The strength reduction factor. which controls displacement ductility de-
mands. is primarily affected by the penod of vibration of the system. the
maaimum tolerable inelastic displacement demand. and the soil conditions
at the site.

For a given displacement ductility ratio. regardless of the soil conditions.,
strength-reduction factors exhibi important vaniauons with changes in pe-
nod. particularly in the short-period range where the use of u penod-tn-
dependent strength-reduction factor is cleurly inadequate

Pernods at which strength-reduction tactors become approximately equal
1o the dispiacement duculity ratio depend not only on the soil condition at
the site bt also on the fevel of inelastic deformation.

For svstems on sott-soil sites. the assessment of the strength-reduction
fuctor requires the estimation of the predommant period of the ground
motion.

Strength-reduction factors of svstems on alluvium sites are moderately
different 10 those of systems on rock sites, whereas strength-reduction fac-
tors of svstems on sott-soil sites are significantty different 1o those of systems
on roch sites and to those of svstems on alluvium.

Strength-reduction factors of svsiems on soft-soil snes with periods of
vibration near the predominant period of the ground motion are typically
much farger than the displacement ductility rano.

For systems on soft-soil siies with periods smaller than two thirds of the
predominant penod. the strength-reduction factor 1s significantly smauller
thano that corresponding to svstems with the same period on either rock or
alluvium sites. Thus. the use of strength-reduction factors derived from
studies of svstems subjected to ground motions recorded on rock and al-
luvium sites can lead to unconservative designs if used in the design of short-
period structures focated on soft-sonl sites

The proposed expressions 1o compute site-dependent strength-reduction
factors are relatively simple and provide a good estimation of mean strength-
reduction factors derived from the statistical study presented herein
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APPENDIX Il. NOTATION

The following symbols are used in this paper:

C, = seismic coefficient:

¢ = damping coefficient,

D = epicentral distance:

E, = maximum mnput energy:

F = restoring force:

F, = vield rewstance:

o= imiual suffness:

plo= mass!

R, = strength-reduction fuctor:

R, = approxmate strength-reduction f:tclorA:
= penod of vibration: .

1, = predominant period of ground motion:

u = relauve displacement;

i, = pround acceleration:

u, = vield displacement:

-

p = displacement ductility ratio;
£ = damping ratio: ‘
¢ = function necessary (0 compute approximate strength-reducnion fuc-
tors: and
w, = undamped clastic angular frequency
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EVALUATION OF SITE-DEPENDENT INELASY
SEIsMIC DESIGN SPECTRA

By Eduardo Miranda!

ApstRact: The effect of site conditions on the response of single-degree-of-free-
dom inedastic systems 15 investigated. The study is based on 124 carthquake ground
motions recorded on rock, allyvium, and soft soil sites. Special emphasis is given
to the uffects of the level of inclastic deformation on strength and displacement
demands. For each soif group. inelastic strength demand spectra correspending to
mean and mean-plus-one standard Jdeviation ordinates are presented. The use of
elastic analysis to estimate 1nelastic dispiacements is evaluated through mean values
of the ratio of maxnnum inelastic to maximum elastic displacements. Spectra are
presented for different fevels of inclastic detormatien and for different sol con-
ditions, Results :ndicate that inelastic demands are strongly dependent on site
condinons. peniod of wvibration. and level ot mneiastic deformation, Results are
compared with design forces speaified by current seismic codes. It s shown that
design force and displacement demands that arc based on inelastic response spectra
together with estimates of the averstrength-of a structure can lzad to a more rational
and transparent approach than that of current U S, design codes.

INTRODUCTION

Since the concept of the response spectrum was introduced into earth-
quake engineering by Benioff (1934) and Biot (1941), this technique has
been widely used to estimate force and deformation demands of structures
imposed by earthquake ground motions. Today. response spectra form the
basis of seismic design forces in most seismic codes (Earthquake resistant
1988). ‘

Linear elastic response spectra (LERS) provide a reliable tool to estimate
the level of forces and deformations developed in structures responding
elastically during carthquakes {Der Kiureghian 1980). There have been
many stauistical studies that, by considering a certain number of recorded
or artificially generated ground motions, have investigated the character-
istics of LERS including the influence of earthquake magnitude, epicentral
distance, frequency content, damping ratio, and local site conditions.

As a result of currently used seismic design philosophy for building struc-
tures that accept structural damage in the event of severe earthquake ground
motions, design lateral forces are lower, and in some cases much lower,
than those required to maintain the structure in the elastic range. Thus,
buildings designed according to this philosophy are likely to experience
significant inelastic excursions whose corresponding forces and deformations
cannot be predicted with the use of linear elastic models. The number of
statistical studies of response spectra that Liave considered inelastic structural
behivior is much smaller than those on LERS und. in general, have only

'Res, Engr . Dept. of Civ. Engrg., Swiss Fed. Inst of Tech., CH-1015. Lausanne,
Swuzerland: tormerly, Res. Engr.. Dept. of Civ. Engrg., Uniwv. of Cahforma at
Berkeley.

Note. Discussion open until October 1. 1993, To extend the closing Jate one
month. a written request must be filed with the ASCE Manager of Journals. The
manuscript for this paper was submitted for review and possibte publication on May
6. 1992, This paper 15 part of the fournal of Structurel Engineering, Vol 119, Ny,
5. May, 1993, ‘CASCE, [SSN 0733-9445/93/000)5-1319/81.10) + § |5 per page. Paper
No. 3957. -
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considered a small number of carthquake ground motions and have not
taken into account the etfect of soil conditions.

Recent studies on the response of instrumented structures during recent
earthquakes. as well us on experimental research on the response of scaled-
down models of buildings. have concluded that there is a need for improved
smoothed inelastic design response spectra (SIDRS)Y ( Bertero 1986: Bertero
et al. 19911 The objectives of this paper are first (o present a summary of
previous statistical studies on LERS and on inelastic response spectra (1RS),
and second 10 present the results of an investiganon whose wim was at
improving the estimauon of seismic demands on inelastic svstems. This
mvestigation consisted of 4 comprehensive stanstical study of inefastic strength
and deformation demands on single-degree-of-freedom {SDOF) svstems
when subjected to more than 120 ground motions recorded in varjous carth-
quakes. Special emphasisas given 10 the effects of soil conditions on inelastic
demunds of structures.

REVIEW OF PREVIOUS STUDIES

Several studies have been conducted over the vears with the purpose of
improving the knowledge ot design response spectra. [n general, these stud-
ies have been improved in time as a result of a rapwd increase in the number
of recorded carthquake ground motions. Here. a brief summary of most
relevant staustical studies on response spectra 1s presented.

Studies of LERS

The first arttempt to study the characteristics of an ensemble of LERS of
recorded ground motions was made by Housner 11959), who computed the
average LERS ot eight ground motions recorded during rour earthquakes.
Newmark and Hall (1469} proposed a design response spectrum to be used
1n design of auclear power faulines, The method consisted of constructing
a trapezowdal spectrum based on acceleration-, velocitv-. and displacement-
controlled regions defined as the product of the corresponding maximum
ground-motion parameters and amplification t1actors. The shape and level
ot intensity of the proposed <pectrum was pnimanly based un the LERS of
ground motions recorded during the 1940 El Centro earthguake,

Because of increased interest in seismic design critena for nuclear power
factities. several statistical studies on LERS were carned out. Blume et al.
{1972} studied LERS of 23 horizontal ground motions. The verucal com-
ponent of motion was first considered by Mohraz et al. (19723, who studied
the response of linear elastic SDOF systems subjected (o 14 verucal motions
and 28 honizontal motions. By combiming the two previous studies Newmark
et al. (1974) proposed the response spectrum ot the U 50 Atomic Energy
Commission (AEC) An improved version of the AEC spectrum was pro-
posed by Halb et al. (19761, who considered LERS of verncal and horizontal
ground motions recorded at 35 stanons duning different earthquakes. Al-
though some differences were nouced between LERS of ground motions
recorded on rock and those of motions recorded on alluvium. 1t was con-
sidered that no valid staustical inferences could be drawn from the data,
and all LERS were averaged into one spectrum. regardless of site conditions.

The first statistical study to explicitly consider the effect of sinl conditions
in LERS was vonducted by Havashi et al. (1971}, In their study, they
averaged the LERS of 61 accelerograms recorded in 38 Jupanese curth-
quakes. Many motoens used in the study have maximum ground accetera-
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tions of {ess than 0.05 g. They concluded that linear spectral shapes are site
dependent.

Alter the 1971 San Fernando earthquake. Seed et al. {1973) presented
the results of a comprehensive study on the influence of local site conditions
on LERS. The mvestigatnon was based on 104 horizontal ground mouons
recorded on different soil conditions classified into four groups. Approxi-
mately 4J0¢% of the ground motions in the study were recorded during the
San Fernando earthquake. They concluded that there are clear differences
in linear spectral shapes for different soil and geological condinons. and
recommended the vonsideration of these effects in selecting earthquake-
resistant destgn critena. Simdar results and conclusions were presented by
Mohraz (1976). who studied horizontal ground motions as well as the vertical
component of 54 earthquake records whose majority (607 ) was agin re-
corded during the San Fernando carthquake.

In addivon 1o the study of the effects of local soil conditions, Katavama
et al. (1978) studied the effects of magnitude and epicentral distances on
LERS by considering 277 horizontal ground motions recorded in 67 Japanese
curthquakes. The results of this study tormed the basis of the 1977 Japanese
earthquake design criteria. The same effects on LERS were recently studied
by Tnfunac and Lee (1989) for ground motions recorded in the western
United States.

A comprehensive study on probabilistic site-dependent LERS was carried
out by Kiremidjian and Shah (1980), who, by considering the probabulity
of occurrence of peak ground accelerations and dynamic amplification fac-
tors. presented LERS for three types of soil conditions for different con-
fidence levels (probability of nonexceedence}. The study was based on 209
ground motions recorded in the western United States. They noted that one
disadvantage of their data (a disadvantage that also applies to some studies
mentioned previousiy) is that 50% of the records are from the 1971 San
Fernando earthquake. This introduces a bias to geologic conditions en-
countered 1n the San Fernando-Los Angeles area. as well as to spectral
characteristics imposed by the duration and source mechamsm of this event.

Studies on IRS

Response spectra of inelastic systems were first studied by Veletsos (1969)
who presented IRS to pulse-type excitations and two recorded ground mo-
nons. Murakami and Penzien (1975) computed probabilistic nonifinear re-
sponse spectra for SDOF systems with four tvpes of hysteretic behavior.
This study was based on constant strength nonlinear spectra of 100 artificially
generated earthquakes classified into five groups, depending on intensity
and duration.

Using 20 artificial ground motions whose LERS was compatible with the
Newmark -Hall elasuic design spectrum, Larand Biggs (1978) proposed rules
to construct SIDRS. The effects of damping and hysteretic behavior on IRS
were studied by Riddell and Newmark (1979), who computed constant
ductility IRS of 10 recorded earthquake ground motions. [n ther stedy, an
improved set ot reduction factors to account for inelastic behavior was
proposed.

The influence of soil conditions on reduction factors was first studied by
Elghadamsi and Mohraz (1983). who computed constant vield displacement
IRS of SDOF systems with an etasuc-perfectly plastic hvsteretic. behavior.
Their study 1s based on the same set of records previously used by Mohraz
(1976), which does not include very soft soil sites, and contains a dispro-
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port. & number of records from the San Fernando earthquake. This study
proposed the construction of constant duculity IRS by interpolating from
constant yield displacement [RS.

More recently. Riddell. et al. (1989} presented average IRS of four sets
of earthquake records. Most of the ground motions included in this study
were recorded in South America. Emphasis is given to reduction factors to
construct SIDRS from LERS: however, no information is given on the
dispersion of the recommended reduction factors. Krawinkler and Nassar
(19903 studied average [RS of bilinear and stiffness degrading SDOF svstems
subjected to 33 horizontal ground motions recorded duning the 1987 Whittier
Narrows earthquake. They concluded that reduction factors are independent
of epicentral distance and are only slightly modified by the tvpe of hysteretic
model. None of the two latter studies explicitly considered the influence of
local soil conditions on [RS.

EarTHQUAKE RECORDS CONSIDERED

In the last six vears. an extensive number of earthquake ground motions
have been recorded in different parts of the world. These ground motions
have more than doubled the number of records previously coilected. For
example, the 1987 Whituer—Narrows earthquake alone produced more rec-
ords than the total number of records obtained in the western United States
between 1933 and 1984 (Trifunac 1988). For this study. 124 records were
s¢elected, with emphasis on those recorded 1n Califorma and on those re-
corded during the last six years. Contrary to many previous studies, in this
investigation, an effort was made to select “tree-field” records.

To study the effects of site conditions it is necessary to classify the re-
cording stanons into groups with simiar geological conditions. Although
detatled site description such as the variauon of shear wave velocities with
changes in depth. exist for some recording stations. this information is not
available for many other statuons. For many stations even the approximate
depth of soil deposits is unavailable. For this reason it was decided to base
the site"classification on a simpie criterion (based on information available
for all stations) and as close as possible to the one adopted by current codes
of practice. Thus, the recording stations were divided into three citegories:
those located on rock, those located on alluvium deposits. and those located
on very soft soils. Records included in the latter category could be considered
representative of the soil type S, according 1o the soil classification of the
Uniform Building Code (1988). Complere Listings of the ground motions
selected 1n this study are presented in Tables 13,

METHOD OF ANALYSIS

The response of a damped SDOF oscillator when subjected to earthquake
ground motions 1s given by

mi(t) + cu(t) + R(Ue) = —muid(f) ... .. ... (n

where m. c. and Rit) = the mass. damping ccefficient, and restoring force
of the system. respectively; u(¢}-= the relative d.isplaceme_nt: uft) = the
ground displacement; and the overdot represents its derivative with respect
to time. .

[n Appendix I it is shown that (1) can be normalized as follows:
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TABLE 1. Selected Ground Motlons Recorded at Rock

Epicentral
distance Compo- , PGA
Staton name Geology | Earthquake date| Magnitude {km) nemnt (g)
(1) (2) (3) (4) (5) (6) (7)
San Francisco— [siliceous San Franaisco, 5 3M) 11 NI1UE. 008, 011
Goiden Gate sandstone March 22, SB0E
Park 1957
Parkfield — Cho- {rock Parkiicld. June 56(M,) 7 N6SE, — {048, —
lame Shandon 27, 1966
Na. 2 '
Castaic—Old ' |sandstone San Fernando, 6.5(My) 29 NE, 032,027
Ridge Road February 9. N6OW
1971
Lloiteo sandsione Central Chile. 7 B(Afg) 15 N1WOE. 067, 0.43
and vol- March 3, 1985 SBUE
canic rock
Valparaiso volcarue rock |Central Chile, T.8(Ms) 84 N7E., 018,016
March 3, 1985 S520E
La Union metavolcame | Michoacdn, 8 1{My) B4 NOOE, 017, 0.15
tock Sept 19, 1985 NOOE
La Viltita gabbro rock | Michpacan, B.1{M) 44 NOE. ¢13.012
Sept. 19, 1985 NSOE
Zihuatanejo tunalite rock | Michoacén, 8.1(Ms) 135 NOOwW ., 0.10.0.16
Sept. 19, 1985 SO0E
National Geo- balsame for- [San Salvador, 5 4(My) 57 270, 180 053, 0,39
graphic Insti- mauon October 10,
tute 1986
[nstitute of Ur-  |fluviate pum-{San Salvador. 5.4(M) 53 90, 180 0 38, 0.67
ban Construc- | 1ce rock Ocrober 10,
thon 1986
Geotechnical fluviate pum-|San Salvador, 5.4{Ms) 413 180, 90 (.42, 0.68
Research Cen-|  ice rock October 10,
Ler 1986
Mt. Wilson— quartz dionte] Whuuer-Nar- 6.1(M) 19 90, 360 0.19.0.13
Caltech Seis- rows, October | |
mic Station 1. 1987
Corralitos— Eu- [landshide de- [Loma Pneta, 7.0{M¢) -7 90. 360 047.0.62
reka Canyon posus October 17,
Road 1989
Santa Cruz— limestone Loma Prieta, T1Ms) 16 9. 360 041,043
University of Ociober 17,
Cahformia at 1989
Santa Cruz
San Francisco— [Franciscan |Loma Prieta, T.HM) 99 9, 0 n.11, 0.07
Chff House sandstone October 17,7
1989
San Francisco— [Frapciscan  |Loma Pricia, T.1(Ms) 97 360, 270|005, 0 06
Pacific sandstone October 17,
Heights . 1989
San Francisco— Iserpentine  |Loma Prieia, T UM 98 M), ) 020, 0.10
Presulio October 17,
189
San Francisco— [Franciscan  |Loma Prieta, TUHMg 25 o), ) nug, uus
Rincon Hill sandstone Getoper 17.
1989
Yerba Buena [s- | Franciscan  [Loma Priena, T.UMG 93 ) 3M) Un.0.03
land sandstone Cretober E7,
989
Rt w1 (1
Q0 + 2weku(n) + o2 RU) L (2)

R, 7 max|d,|
where o = the digplacement ductility rauo, detined as the maximum ab-
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TABLE 2. ' Selected Ground Motlons Recorded at Alluvium Sttes

Baldwin Hills

over shale

rows (xctober

1. 1987

Epicentrat
distance Compo- PGA
Staton name Geology | Earthquake date] Magniude {km) nent {g)
M (2) (3 {4) (5) (6} (7
El Cemiro—Irri- falluvium Impernal Valkey, | 6.3(M;) 8 590W, 0.21.0.34
gation District May 15, 1440 SOOE
Taft—Lincoln  {atuvium Kern County. T IM) 56 N2IE. 15017
" Scnool Tunnel July 21 1952 SEOE
Fipucipa—4H5  |alluvium San Fernundo 6 50M,) 4] N5ZE, 015 012
Figuerua St Februur Y. SIEW
1974
Holiveood — alluvium San Fernando 6 5(M;) 35 NYE, 021,017
Free Field February 9, SO0W
1971
Ave of Lthe silt and sand [San Fernando, 6 5{M) 38 N46W 0.14. 015
Stars— 1901 layers Februan 9. Saaw
Ave of the 1971
Stars
Sendai Cuy—  Jalluvium Managi-Ken-Oki.] 7 4(M5) 110 NOOW, 044,024
Kokuietsu June 12, 1978 NOE
Bldg
Meloland—1In-  jatluvium Impenal Valey. 6 6{M;) 21 360,270 |0.31, 030
terstate B " October 15,
Overpass 1979
Bonds Corner— {alluvium Imperial Valley. | 6 6(M) 3 S40E. ,58. 077
Highways 98 October 15 S50
and 115 1979
lames Road—Ellalluvium Empernial Vallev, | 6 6(M,) n S40E 0.52.037
Centro Array October 15, Ssaw
#5 197¢
Imperal v Col- |alluvium Emperial Vallex. 1 6 6(M;) pal S4UE 0,33, 0 45
tlege —El Cen- Qctober 18, 550w
tro Array #7 1979
El Almendral compacted  [Central Chilie. 7 8(M5) R4 NSOE, t.29.0.16
fil March 3, 1985 S40E
Vina del Mar atiuvial sand {Central Chabe, 7 8(M5) 88 NT0W, (123, 0.36
March 3, 1985 S2wW
Zacatula alluvium Michouacan, 8 1(M) 49 SOOE. 0,26.018
Sept 1y, 1985 NYOW
Alhambra— alluvium Whituer - Nar- G 1M 7 230, 1800 [0 a0 G 30
Freemont rows. October
School 1, 1987
Ahadena—Ea- [alluvium Whtteer - Nag- 6 1A, ) 11 90, 360 016. 03]
won Canyon rows October
Park 1 1987
Burbank-—Cali- [alluvium Whitticr - Ndr- 6 1(M) 6 130 40 022,017
forme Federal rows, Qctober
Savings Build. 1. 1987
mng .
Downey— deep allu- Whituer-Nar- 6 UM 17 2760180 (016,020
County Main- | vium rows October
tenance Build- 1, 1987
ng
Inglewood — terrace de-  [Whiter- Nar- 6 1(M;) 25 %) 360 .23, 0.27
Umon Qil posis rows. October
Yard 1. 1987
Loy Angeles—  lerrace de-  [Whittier- Nar- 6 HM) 2 360. 270 j0au. 029
116th St postts rows October
School 1. 1987
Los Angeles— | alluvium Whitirer - Nar- & 1M 27 9. 360 017,018
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TABLE 2. (Continued}
(1) (2) (3) 4) (5) 16) 7)
Los Anpeles—  |alluvium Whittier - Nai- 6 1{M) 25 ), 60 012, 0.21
Holivwood rows. Oclober
Storage FF i, 1987
Los Anpeles—  |alluvium Whituer- Nar- 6 1{M}) 10 360,270 j0.44.0 45
Obrepgon Park rows, October
1 1987
Long Beach—  [alluvium Whittier ~ Nas- 6.1(M,) 27 90, 360 1.25.015
Rancho Los rows Oclober
Cerrios o1y
San Marine—  [alluvium Whituer - Nai- 6 M) ] A60. 270 (0 20, 018
Souths. stern rows (crober
Academ, 1 1487
Tarzans — Cedar |alluvium Whirner - Nar- 6.1(AM) 44 9N, 360 063, {146
Hilt Nursers rows Oclaber
1. 1487
Whattier— 7215 falluvium Whituer- Nar-, 6 1{M,) 10 90, 360 063.0.43
Bright Tower raws. Ociober
1. 1987
Alba—900 5§ aliuvium Whittier - Nar- 6.1(M;} 8 90, 360 0,29.0.25
Fremont rows, Ociober
1. 1987
Capuola—Fire |alluvium Loma Pricta, T L(M;s) 4 M), 360 {1.39. .46
Station October 17,
1989 )
Helhster —Southfalluvium Loma Prieta, 7.1{Ms) 48 90, 360 0.17. 0.36
and Pine Oclober 17,
1989
Oakland—Two |alluvium Loma Pri¢ta, T HMO g2 200 200 424 019
store oflice Qcwober 17,
buidding 148y
Sanlord—Park. [alluviem Loma Priewa, 7 1{My) 51 360, 90 026,022
mg Garage Ocnber 17,
1989

solute value of the relative displacement divided by the vield displucement;
R, = the svstem’s vield resistance: and w. £. and w = the natural aircular
frequency. the damping ratio. and the nondimensional strength of the sys-
tem. respectuvely. The latter three quantities are defined as

£

Il
.
3 [
RS

¢
= ..
T e
R,
N = ——
m max|p,|

where & = the initial suffness of the svstem

A constant displacement ductility [RS 1« i piot of the vield strength of
an SDOF svstem (with period T required 1o limit the displacement to
specified displacement ductlity ratios. p,. This type of spectricis abso reterred
10 as strengih demand spectra {Krawinkler und Nassar 19907 In thus study.
constant displacement ductility TRS were computed by iteration on the

system’s nondimensional strength 7 until the ductilny computer’
was. within a certain tolerance. the same as the speafied duc

1
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*h (2)
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TABLE 3. Selected Ground Motions Recorded at Soft Sltes

Epicentral
distarce Compao- PGA
Staton name Geology | Earthquake date| Magnitude (km) nent 9)
m 2 (3) (4 (5} (6} (7)
Bucharest — sutt Romama. March| 7 113} 174 EW,. SN 0.1y 02
Bwlding Re- 41977
search fnsn-
ture . '
SCT —Secretana|sott clay Michoacin, 3 1M 385 NOw, 017,010
de Comunica- Sept 19, 1985 SNE
vianes Trans-
portes .
Centeal de Abas-|soft clay Michoacan, LR IRYA] 389 0% 53, ¢ 10, b ug
s — Frgane. Sept 190 1985 77 A2
e .
Contral de Abas- [aoft clay Michoacan LETRY S Iy ThH 3H HUR 007
lom—t Micina Sept 19 1985 h7 I3
Colomia Roma  [soft clay Awvapulea, Apnl M 220 NYOW, e, VU
25, 1usw S00E
Emennille — hay mud Luma Pnela. T UM 47 3500260 (021,026
Free Freld October {7,
South 1989
Emervalle — bay mud [.oma Preta, T 1My 97 350, ) 0.20,022
Free Field Ociober 17
North 1989
Oukland—Quter|bay mud Loina Prieta, 1M w5 05125 |0.27.029
Harbor Whart Ocrober 17,
jRhe
Treasure Is- fill L.rma Prieta, T UMY Yy 9, 360 0.16 1110
tand —Naval etober 17,
e 1usy
San Francsep— thay mud Loma Prieta. T ) 0. 260 023
International hotober 17, '
Arpart [EA
San Francisco— |61l over bay Loma Prieta. T.M us OR0 s {013, 016
1R-story corn- mud October 17.
mercial build- 1989 ’
ng
Toster ity — hav mud Loma Prieta. 7MY 63 9.1 9,18, 026
Redwood October 17,
Shores 1989

target ductility). The tolerance was chosen such that n was considered sat-
stactory if the computed ducthity was within 17% of the target ductility

The following vaiues of target ductilines were selected tfor this investi-
gaton: 1 ielastic behavior). 203, 4, 5, and 6. For cach earthquake record
and =ach target ductihtv the IRS were computed for a set of 30 periods.
Due to the large number of records. ductlines. and penods of vibration
compined with the computatiaal effort involved o calculating constant
displacement ductility IRS through iteranon, this study was imited to SDOF
svstems that have a bilmear hysteretic behavior wirh a postelastic stiffness
egual to 3% of the elastic stffness and with a damping ratio of 3%.

It has heen observed that the shape of both elastic and inelastic spectra
varies greatly with changes of the predeminant penod of the ground motion
{Miranda and Bertero 1991). For design purposes. what 1s important is to
characterize the seismic demands on structures built on soft soiks with fun-
damentat periods that are shorter, longer. or near the predominant period.
Thus. for ground mouons recorded on very soft soil. the IRS were not
computed for a fixed ~et of periods T but for a fixed set of 50 7/ T, rauos,

where T, is the predominant period of the ground motion. which in this
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investigation is approximated by the period corresponding to . .iear and
3% damped SDOF system that experiences the muximum velocity. An
example on the estimation of T, for a sott soil site in the San Francisco Bay.
are as shown in Fig. L.

Strength demand spectra were normalized by peak ground acceleration
max lug} {PGAYand by elfective peak ground acceleration {EPA) as defined
in the seismic provisions recommended by the Applied Technology Council
(Temame 1978)

S,
s

where §, = the average spectral accelferanon of 3% damped SDOF svstems
with periods between (L1 and 0.3 5

[t hus been suggested that constant displacement ductility IRS can be
computed by interpolation troem constant strength RS or constant yield
displacement IRS (Elghadams: et al. 1987 Mahin ¢t al. 1983). While such
procedure is conceptually correct and can produce significant computational
savings, it has been shown {Miranda 1991} that it can lead to significant
errors in the required lateral strength of a given system 1n order to avoid a
certain ductility demand. The magnitude of the error will depend. among
other factors. an: the interpolation method (linear or nonlinear), the spacing
between interpolation points. the period of the structure, the target ductility,
and the ground motion. In particular. an interpolation procedure to compute
constant ductility IRS may produce significant errors when ductility demands
do not increase monotonically as the yield strength of the structure de-
creases. [n this case there is more than one strength corresponding to a
given target ductility  An exampie of this phenomenon is illustrated in Fig,
2. [t shows that there are three different normalized strengths 7 that produce
a displacement ducttlity equal to 3, For seismic design only the root with
the largest strength is of interest. This strength corresponds to the mintmum

EPA =
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FIG. 1. Estimation of Predominant Period of Ground Motlon Recorded in San
Francisco Bay Area
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strength required by the structure (1 .. strength that needs to be supplied)
in order to limit the ductility demand to the target ductility.

PRESENTATION OF RESULTS

Inelastic Strength Demands

For each soil category and each period (for each 777, ratio in the case
of soft soils) normalized strength demands were averaged The resulting
mean strength demand spectra are shown in Fig. 3 The spectra are plotied
for displacement ductility ratios of 1~6 (from top to bottom). It can be seen
that the fargest dvnamic amplification factor {DAF) occurs for soft soil sites
for periods that are close to the predominant perniod of the site For the
records considered in this study. the average DAF 15 more than 229 larger
than that observed for rock and alluvium sites. This observation agrees well
with DAF computed from ground motions recorded in the 1985 Meaican
earthquake and the 1989 Loma Prieta earthquake where ground metions
from firm sites and soft soil sites were obtained from relatively close stations
{Beriero 1986: Bertero et al 19911 However. some previous studies on
LERS (Seed et al. 1974 Kiremidpan et al. 1980} presented larger DAFs
for rock and alluvium sites than that of soft soil sites. There are two possible
explanauons for this difference: (1} Soft soils included tn this study are
softer than those included in previous investigations: and (2) in previous
imvestigations average spectra were presented as a function of T and not as
a function of 7/7T, as 1s done in this study.

Independent oflhc normalizing parameter or the type of soil for ductility
demands larper than 5. strength demands decrease monotomcally with in-
creasing peniod. 1t can also be observed that regardiess of soil conditions
and of the level of ductility. normalized strength demands are larger when
the norn 1g parameter is EPA than they are when PGA is used. This
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FIG. 3. Mean Normalized Strength Demand Spectra (. from 1 to 6, Top to Bottom
Line)

is a result of PG A being usualty lurger than EPA for a given ground motion,
In the case of soft soil sites. the EPA. whose definition was based on grownd
motions recorded on firm sites. is considerably smaller than the PGA 1 js
recommended that the constant appearing m the denominator of (6) bhe
modified according to the soil condntions at the recording statiog

As shown in Fig. 3. the shape of elastic spectra difter sigmitica _ from
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that slastic spectra. The larger the ductility demand. the larger this
differenve is. Site conditions sigmificantly affect both elastic and nelasuc
strength demands, However, the effects are different for elastic svstems
from those on inelastic systems. This can be seen more clearly in Fig. 4.
which compares the effects of site conditions on elastic strength demand
and on inelastic strength demand. {t clearly shows that factors that relate
linear to inelastic spectra (i.e,. force reducton factors) are site dependent.

While mean strength demand spectra provide information on the most
probable demands on a structure. it is important to consider the dispersion
of these demands. One way of measuring the dispersion 1s by computing
the coefficient of varation (COV). which 1s defined as the ratio of the
standard deviation 1o the mean Fig. 5 presents COVs of strength demands
normalized using PGA for ground motions recorded on rock. [t shows that
COVs are nearly the same tor different levels of ductility, which means that

“’%%EK =t
3.0 . —ROCK 3.0 — ROCK
251} A A h---anuvioml 2.5 ==~ ALLUVIUM
2.0 HIY T ' 2.0
15/ 1.5
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FiG. 4. Effects of Site conditions on Elastic Heéponse Spectra and on Inelastic
Response Specira
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FIG. 5. COV of Strength Demands Normalized by PGA for Ground Motions Re-
corded on Rock Sltes
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the dispersion on inelasuc strength demand does not increase w .creasing
ductility demands.

As noted in previous investigations (Nau and Hall 1982). the use of
acceleration parameters to normalize the spectra produces an increase in
dispersion in the long-period range. Relatively large COVs are produced
in the long-period region: however, strength demands are usually very small
in this regton. and 1n general. the design of buildings in this region 1s more
likely to be governed by lateral stiffness (i.e.. story drift). As llustrated in
Fig. 6. except for periods between 0.1 and 0.5 s, COVs are larger for spectra
normalized using EPA than for spectra normalized using PGA.

There are many structures that because of their importance or the con-
sequences of their fmiure are designed for forces higher than those corre-
sponding to mean values. Strength demand spectra (normalized using PGA)
corresponding te mean-plus-one standard deviation are shown in Fig. 7 for
ground motions recorded on rock sites and recorded on soft soil sites.
Analogous spectra for ailuvium sites as well as those normalized using EPA
can be found in Myranda (1991). |
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FIG. 6. Effect of Normalizing Parameter on COV of Normalized Inelastic Strength
Demands
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FIG. 7. Mean-Plus-One Standard Deviation Normalized Strength Demand Spec!ré
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To study the effeat of earthquake magnitude on IRS. records on euch
suil category were subdivided i groups according o the surface wase mag-
nrede, M. of the earthquake in which they were recorded  Vananons of
normalized inelasuc strength demands with chunges in Af, for ground mo-
tons recorded on rock and for displacement ducuhlines of 2 and 4 are shown
in Fig. 8 While normalized strength demands from records from a 7.1
magnitude earthguake are in general higher than those from earthquakes
with magnitudes between 5.3 and 5.6, the same trend is not observed for
magnitudes between 7.8 and §.1. [t should be noted that the number of
records in each group is relatively small and that zll records in the inter-
medicic magnitude group are from the same earthquake (the Loma Prieta
tarthquahkel. Sumilarly carthquakes with magnitudes between 7.8 and 8.1
are related 10 subduction mechansms, Further rescarch is needed 1o estab-
iish the effect of magniude on inelastic strength demands

Inelastic Displacement Demands ’

A proper serismic design s attained when the strength and deformation
capacity of the structure are larger than the corresponding demands 1t is
common practice to assume that inelasuce displacements. A, ... are the
same as elastic displacements. A, .. and thus to use efasuc analvses to
estimate the melastic displacements that the structure mayv undergo durtng
severe eurthquake ground motions.

To know 1o what extent inelastic displacements can be predicted using
linear elastic analyses. the rauo of maximum inelastic to maximum elasug
displacement was computed for a total of 31.000 different SDOF svstems
{product of 124 ground monons. 50 periods. and five levels of disptucement
ductility}. Again. the results were classifred and analvzed statistically ac-
cording to the site condiuons on each recording station.

Fig. 9 shows the mean displacement ratios. A, L. fOr ground
motions recorded on alluvium sites and soft soil sites. As observed in pre-
vious studres. 1n the short-peniod range inelastic displacement demands can
be considerably larger than elasuc demands Previous studies have rec.
ommended fixed penods (independent of site conditions and ) to specify
spectral regions in which elastic analvses can be used to estimate inelastic
displacement demands (Newmark et al. 1969 Riddell et al 1979). However.
n can be seen in Fig. 9 that these luntung periods are clearly dependent on
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FIG. 9. Mean Displacement Ratios for Alluvium and Soft Soil Sites

ductility and on the local site conditions. For an alluvium site. for example.
for a ductility of 2 the inelastic displacements are approximately the same
as elastic displacements for periods greater than 0.4 s. while for a ductility
of 6 such an assumption 1s only vahd for periods greater than about 1.1 5.
For structures built on soft soil and with peniods near the site-predomiant
period. the maximum inelastic displacement can be up to 45% smaller than
the maximum elastic displacement. On the other hand, for values T < 2/3
T.. the inelastic displacements are significantly higher. The smaller the
T/T, ratio. the larger the difference is. and it tends 1o be prupurnmml to
the value of w. For structures with periods longer than 1.5 nmes the pre-
dominant period of the site. the inelastic displacements are on average equal
to the elastic displacements

PRACTICAL IMPLICATIONS OF RESULTS

Inelastic Design Spectra

Current setsmic loading for building structures in the United States and
many other countries is based on the reductton of smoothed lincar elustic
design spectra {SLEDS) through empirical and period-independent reduc-
tion factors. As previously discussed. the difference between the shape of
LERS and IRS increases with increase n ductility. Thus. the error in ustng
penod-independent reduction factors 1o esumate IRS trom LERS also in-
creases as ductility increases

Elastic and inelustic design spectra recommended by the National Earth-
quake Hazard Reduction Program (*Recommended™ 1988} for special mo-
ment-resisung space frames (SMRSF) compared with strength demands
based on this study are shown in Fig. 10. Strength demands in this figure
are compuied using mean normalized strength demands assurming an EPA
of 0 5 g for rock sites and of .4 g for the soft soil sites The predominam
period for the soft site 18 assumed to be I § s, It shows that for roch sites.
elastic strength demands are higher than the code elastic strength for periods
between 0.1 and 2.2 s. For soft suil sites 1t can be seen that. despite the
introduction of soil type §,. elastic demands are sigmficantly higher than
code elasuc strengths for peniods between (1.3 to 2.3 5 Comparing inclastic
strenpth demands with code-reduced strength it ¢an be seen that tor periods
smaller than 2.5 s the code-required strengths are smaller and insc <ases
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FIG. 11. Overstrengths Required in SMRSF Designed According to 1988 NEHRP

in Order Not to Exceed Displacement Ductility Ratios of 4 and 6

four tmes smaller than strength required to avoid displacement ductility
rauos of 6 This suggests that 1f SMRSF structures have only the minimum
strength reguired by the NEHRP code they could collapse in the event of
4 ldrl_e magnitude carlhquul\e

Fortunately. as shown in various studlen (Osteraas et al. 1990: Miranda
1991 Bertero e al. 1991). buildings designed according to current codes
tyvpicallv have a strength sigmificanthy higher than the one considered In
design This additional strength is usually referred to as overstrength. Fip.
11 shows the mimmum overstrength required, £2,,. by SMRSF designed
according 1o NEHRP in order to avoid displacement ductilny demands
larger than 4 and larger than 6. It shows that. in general. required over-
strengths mncrease with decreasing periods. In some cuses SMRSF structures
need to have a strength more than four times larger than the minimum
required by the code in order to have an acceptable performance. While
short- penod structures are likely to have a higher overstrength than medium-
and long-peniod structures. it is difficult to guarantee that al! code-designed
structures possess such large overstrengths.
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The required overstrengths computed in Fig, 11 are based on mean strength
demands. Much higher required overstrengths result if strength demands
assoctated with smaller probability of occurrence (for example. mean-plus-
one standard deviation strength demands) are considered. or higher EPA,
are considered (which is likely 1o be the case for rock sites near the epicenter
in large-magnitude earthquakes).

It should be noted that the results presented here are for SDOF. Required
overstrengths for multi-degree-of-freedom (MDOF) svstems are hkely to
be higher. particularh in the long-period range. and for buildings where
inelastic deformations concentrate in only a few stories. :

If the overstrength in the structure is Jess than the required overstrength,
the structure is fikeiv 1o suffer stpnifrcant damage and possible collapse
during severe eurthyuake ground monons. There 1 a need to study and
calibrate the overstrength of new and existing butidings for a wide runge of
periods and structural svstems

Estimation of Lateral Drifts

There 15 @ general consensus that both nonstructural and structural dam-
age sustained dunng earthquake ground motions is primarily produced by
lateral drifts. Therefore. a good estimation of lateral inelastic displacements
is of great importance for the adequate design of structures in seismic re-
gions In current U.S. seismic codes. inelastic displacements are computed
as the product of elastic displacements produced by the reduced sessmic
forces umes an amptification factor The NEHRP uses the displucement
amplification factor C,. and the UBC uses a factor of 3R /& where R, is

‘the force reduction factor (referred to in this code as system performance

factor). For both provisions the amplification factors are penod independent
and empirical in nature  As shown in Fig. Y. the ratio of inelastc to elastic
displacements 1s not onh stronglv period and ductilitv dependent. but aiso
significantly influenced by site conditions. Thus. with defictencies 1n the
estimation of nelasuc strength demands and on amplification factors. sig-
nificant underestimation of inelastic deformations is expected to occur by
using current code procedures, particulariy for short-period structures.

CONCLUSIONS

Resuits from a comprehensive statistical study of both strength and de-
formation demands of SDOF inelastic svstems when subjected to 124 ground
motions recorded on difterent soil conditions has been presented Based on
these results. a number of peneral conclusions are made. .

1. The shape of inelastic response spectra differs ssgnificantly from the

shape of elastic response spectra. This difference depends on the level of
inelastic deformation. the local site conditions. the period of vibration. Thus.
direct scaling by using a period-independent fuctor of elastic spectra to obtain
inelastic strength demands is neither ranonal nor conservative.
. 2. Dispersion of inglastic strength demands normalized by either PGA
or EPA increases with increasing pericd. Except for periods below (1.5 s
the use of EPA results in a larger dispersion than when PGA is used. For
both normalizing parameters the dispersion on strength demands 1+ ap-
proximately independent of the level of inelastic deformation

3. Periods that limit the use of elastic analvses to estimate inelastic dis-
placement demands were observed to depend on local site conditions and
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PROBABILISTIC SITE-DEPENDENT NON-LINEAR SPECTRA

EDUARDO MIRANDA®
Earthquake Engineering Research Center, Umversity of California ar Berkeley, 1306 South 461h St.. Richmond. CA 94804, U.S. 4.

SUMMARY

This paper presents a probabilistic approach to the estimation of laleral strengths required to provide an adeguate
control of inelastic deformations in structures during severe earthquake ground motions. In contrast to a deterministic
approach, the approach presented herein accounts explicitly for the variability of the response of non-linear systems due
to the inherent uncertainties in the intensity and characteristics of the input excitation by considering the probability
distribution of maximum inelastic strength demands. This study is based on the computation of non-linear strength
demands of single-degree-of-freedom (SDOF) systems experiencing different ‘levels of inelastic deformation when
subjected to 124 recorded earthquake ground motions. Using empirical cumutative distribution functions site-dependent
probabilistic non-linear spectra were computed for six probabilities of exceedance of different levels of inelastic
deformation. It is concluded that the lateral strength required to control displacement ductility demands is significantly
affected by the maximum tolerable inelastic deformation, the system’s period of vibration, the local site conditions and
the level of risk in exceeding the maximum tolerable deformations.

INTRODUCTION

Present seismic design philosophy establishes that a structure should resist frequent minor earthquakes
without damage, occasional moderate carthquakes without structural damage and rare but probable

earthquake ground motions without collapse. Several studies'™ have concluded that one of the major -

problems in the implementation of this design philospphy is that associated with the large uncertainty in
predicting the intensity and characteristics of future earthquake ground motions at a given site.

Building structures are commonly analysed and designed using lateral forces that are based on determin-

_1stic response spectra combined with empirical reduction factors to account for force reductions due to
inelastic behaviour.* An important shortcoming of this approach is that it does not consider explicitly the
uncertainty in the response due to the uncertainties in the excitation. A probabilistic approach allows for the
explicit consideration and quantification of this uncertainty in the response of structures to carthquake
ground motions.

Using random vibration techniques several investigations have developed procedures to estimate the
maximum response of lincar systems to random excitations.*'! In other investigations probability-based
concepts have been applicd in the computation of probabilistic response spectra for systems responding
elastically.'?'* However. building structures designed according to the previously mentioned seismic design
philosophy are likely to experience significant inclastic excurstons whose corresponding forces and deforma-
tions cannot be predicted with linear elastic models.

There are only a few studies that have considered non-linear structural hclmvmur in the computation of
probabilistic response spectra. Riddell and Newmark'® computed non-linear spectra by combining mean
plus one standard dewviation elastic spectra with mean deamplification factors. For a greater degree of
conservatism, they provided probability distribution parameters to compute clastic spectra and deamplifica-
tion factors associated with smaller probabilities of exceedance. Murakami and Penzien'®, and more recently

*Research Engineer, Currently at the Department of Civil Engincering, Swiss Federal Inqmutc ol Technology, CH-1015, Lausanne,
Switzerfand.

0098-8847/93/121031-16513-00 Received 6 Qctober 1992

© 1993 by John Wilcy & Sons, Lid. Revised 23 February 1993-

Ly

1w



1032 E. MIRANDA

Conte et al.,'” presented constant strength probabilistic non-linear response spectra (PNRS} base:
artificially generated accelerograms. Neither of these two studies on PNRS considered the eflect of st
conditions which according to several studies'®2° can influence significantly the response of structures to
earthquake ground motions.

The aim of this study is to improve the estimation of inelastic strength demands on structures when
subjected to earthquakes. The objectives of this paper are threefold: (1) to study the probability distribution
of inelastic spectral ordinates as functions of the period of vibration, level of inelastic deformation. and local
site conditions, (2) to develop cumulative distribution functions based on the response of single-degree-
of-freedom (SDOF) systems of 124 ground motions recorded in various earthquakes and (3) to present
site-dependent PNRS associated with six levels.ofl probability of non-exceedance for different levels of
inetastic deformation.

INELASTIC STRENGTH DEMAND SPECTRUM
The response of a damped SDOF system when subjected to an earthquake excitation is given by
mxX 4+ cx+ R = —mx, ' (1)

where m, ¢ and R are the mass, damping coeflicient and restoring force of the system, respectively; x is the
relative displacement, x_ is the ground displacement and the dot over a quantity represents its derivative with

respect-to-time—The initial-period-of-the-system-is-given-by;

m\!/? mx,\'/?2
T=2(2) =2
(5) ==(%)

where k is the initial stiffness of the system, R, is the system’s yield strength and x, is the yield displacement.

A displacement response spectrum is a plot of the period of vibration (T} versus the maximum absolute
value of the relative displacement of the SDOF system when subjected to a certain ground acceleration time
history. In the case of systems responding in a non-linear fashion, it is convenient to plot the initial period of
vibration (T} versus the displacement ductility ratio, defined as the ratio of the maximum absolute retative
displacement to its yield displacement,

2)

max | x|

Ho= (3)

Xy

The displacement ductility ratio is thus an indicator of the level of inclastic deformation experienced by the
system. A constant strength non-linear spectrum is a plot of the displacement ductility ratio (i.e. ductility
demand) of system with period T having either constant strength or constant normalized strength.

In earthquake-resistant design, the structure must be dimensioned and detailed such that the local {storey
and member) ductility demands are smaller than their corresponding capacities. Therefore. in the preliminary
design of a building structure. there is a need to estimate the tateral strength (lateral load capacity) of the
structure that is required to limit the global (structure) displacement ductility dcmnnd to a certain predeter-
mined valuee. which results in the control of local ductility demands.

A constant displacement ductility non-linear spectrum is a plot of the lateral strength of a SDOF (with
period T') required to limit the displacement ductility demand to a certain value (target ductility). Computa-
tion of a constant displacement ductility response spectrum involves iteration (for each period and each
target ductility) on the lateral strength R, using equation (1) until the computed ductility demand g is. within
a certain tolerance, the same as the target ductility. Thus, although the computation of constant duc’
non-linear spectra, also referred to as inelastic strength demand spectra, can involve several times 1.
computationat effort than that invelved in the computation of constant strength non-linear spectra, thcy are
more useful in earthquake-resistant design.

Iteration on the lateral strength using equation (1) in some cases does not vicld a unique result, i.e. there
can be more than one lateral strength that produces the same displacement ductility demand. In those cases,
only the Targest fnteral strength is of interest for design purposes This lateral strength capacity corresponds
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to the minimum strength required by the structure in order to limit the ductility demand to the target
quctility.

EARTHQUAKE RECORDS AND SYSTEMS CONSIDERED

Unlike the response of linear systems, the response of non-linear systems is very sensitive to the character-
istics of individual acceleration pulses and their sequence within an earthquake ground motion.?"-?!
Depending on how artificial acceleration time histories are generated they may or may not reproduce the
characteristics of recorded ground motions. Given the uncertainties in the characteristics of future earth-
quake ground motions at a site, it is particularly important that a family of artificially generated earthquakes
reflects the variability found in recorded motions. O'Connor and Ellingwood® reported coefficients of
variation 50 to 60 per cent higher in the response of non-linear systems subjected to an ensemble of 20
recorded ground motions than that of non-linear systems subjected to three different families of artificially
generated ground motions.

For this study 124 ground motions recorded on various earthquakes were selected. with emphasis on those
recorded on California and on those which have produced significant damage during the last six years. Most
of the records sclqcted represent the so-called ‘free-field” conditions.

Ground motions were classified according to the local site conditions at the recorded station. For many
sites there exists very limited information on the soils conditions; therefore. the site classification was based

~on a simple criterion and information which was available for all recording stations. Thus, ground motion
records were classified into threccategories: (1) those recorded on rock, (2) those recorded on alluvium'and (3)
those recorded on very soft soils deposits characterized by low shear wave velocities. Complete listing of all
ground motions including some data on the earthquake in which they are recorded. the epicentral distance
and the peak ground acceleration (PGA) are presented in Tables—I-111.

A total of 37 200 inelastic strength demands were computed corresponding to six different levels of inelastic
deformation (target ductilities), and 50 periods of vibration between 0-05 and 3-0s when subjected to the
selected acceleration time histories. .

In the case of ground motions recorded on soft soils, the seismic demands on both linear and non-linear
systems are strongly dependent on the predominant period of the motion.??-22 Thus. for records in this
category the inelastic strength demands were not computed for a fixed set of periods 7 but for a fixed set of
fifty T/T, ratios, where T is the predominant period of the ground motion, which in this study is estimated to
be equa! to the petiod of a linear 5 per cent damped SDOF system where the maximum spectral velocity
occurs,

Several studies have shown that the shape of hysteretic models with no strength degradation has
practically no effect on the maximum response on non-linear systems:'%2":23 therefore, this study was
limited to SDOF systems having a bilinear hysteretic behaviour with a postelastic stiffness equal to 3 per cent
of the elastic stiffness and with a damping ratio of 5 per cent. Response time histories were computed by
numerical step-by-step integration of equation {1} using the linear acceleration method with a variable time
step to minimize violations of the energy balance when changes in the stiffness of the system occur, During
iteration the inelastic strength demand was accepted as correct if the computed ductility demand was within
I per cent of the target ductility. Computed mean and standard deviation of inclastic strength demands can
be found in Reference 24.

PROBABILITY DISTRIBUTION OF INELASTIC SPECTRAL ORDINATES

Consideration of the uncertainty of the response of structures subjected to earthquake ground motions
through a probabilistic approach requires the knowledge of the probability distribution of response
parameters. Several investigations have been devoted to develop approximate methods for determining this
probability distribution. Shinozuka and Yang” showed that for a narrow-band process. the distribution of
ordinates of linear systems can be approximated by the Weibull distribution. Vanmarcke® developed an
appreximate expression of the probability distribution in terms of the first three moments of the power

it



Table I. Selected ground motions recorded at rock sites

Epictr. PGA
Station name Local site condition Earthquake date Magn. dist. {km) Comp. g
. - . NIQE 008
San Francisco Golden Gate Park Siliceous sandstone San Francisco 22 March 1957 53 (My}) 1 SSOE 011
Parkfield Cholame Shandon No.2  Rock Parkfiled 27 June 1966 56 (M) 7 N6SE 048
Castaic Old Ridge Road Sandstone San Fernando 9 February 1971 65 (M) 29 N2IE 032
g 3 L < N6OW 027
Llolleo Sandstone and volcanic rock Central Chile 3 March 1985 7-8 (Mg) 45 I;;(())g 83;
Valparaiso Volcanic rock Central Chile 3 March 1985 7-8 (Mgs) 84 lg;gg g{g
. . . NOOE 017
La Union Metavolcanic rock Michoacan 19 Sept. 1985 Bt (M) 84 N9OE 015
s oo . NOOE 013
La Villita Gabbro rock Michoacan 19 Sept. 1985 8-1 (Ms) 44 NOOE 012
Zihuatangjo Tunalite rock Michoacan 19 Sept. 1985 81 (Mg) 135 I\Slgg‘é’ 8:2
Natl. Geogr. Institute BalsamcI) formation San Salvador 10 October 1986 54 (Msg) 57 f;g ggg
Inst. Urban Construction Fluviate pumice rock San Salvador 10 October 1986 54 (Mg) 53 138 822
Geotech. Invest. Center Fluviate pumice rock San Salvador 10 October {986 54 (Msg) 43 [gg 82;
Mt Wilson Caltech Seismic Station Quartz diorite Whittier—Narrows 1 October 1987 61 (My) 19 328 g:g
Corralitos Eureka Canyon Road Landslide deposits L.oma Prieta 17 Qctober 1989 71 (Mg) 7 328 82;
Santa Cruz UCSC Limestone Loma Prieta 17 October 198§ 71 {Mg) 16 328 83;
San Francisco Cliff House tranciscan sandstone Loma Prieta 17 October 1989 71 (Mg) 99 98 8:);
San Francisco Paciﬁc'Heighls Franciscan sandstone "Loma Prieta 17 October [989 7-1 (Mg) 97 ggg ggg
San Francisco Presidio Serpentine Loma Prieta 17 October 1989 71 {(Mg) 98 98 8%8
. , : . . {
San Francisco Rincon Hill Franciscan sandstone Loma Prieta 17 October 1989 71 (Msg) 95 328 g(;g
Yerba Buena Island Franciscan sandstone Loma Prieta 17 October 1989 7-1 (Mg} 95 90 008

360
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Table 1. Selected ground motions recorded at alluvium sites

Epictr. PGA

Station name Local site condition Earthquake date Magn. dist. (km) Comp. (g)

El Centro Irngation District Alluvium Imperial Valley 18 May 1940 6:3 (M) 8 S90W 021
L i SOOE 0-34

Taft Lincolon School Tunnel Alluvium Kern County 21 July 1952 7.7 (M) 56 l';é?gls 8:.5’
Figueroa 445 Figueroa St. Alluvium San Fernando 9 February 1971 63 (ML) 41 SNBSSZ\E g:;_
N9OE 0-21

Hollywood Free field Alluvium San Fernando 9 February 1971 6:5(M) 35 SOOW 017
Ave. Stars 1901 Ave. of the Stars Silt and sand layers San Fernando 9 February 1971 65 (M) 38 I;I:fv\y g:‘;
L . o . N9OW 0-44
Sendai city Kokutetsu Bidg. Alluvium Miyagi-Ken-Oki 12 June 1978 7.4 (Mg) 110 NOOE 024
Meloland Interstate 8 Overpass Alluvium Imperial Valley 15 October 1979 66 (M) 21 ;9}8 8;6
Bonds corner Highways 98 & 115 Alluvium Imperial Valley 15 October 1979 66 (M) 3 SN oo
James Road El Centro Arraqy # § Alluvium Imperial Valley 15 October 1979 66 (M) 22 S?;(?\E/ 83_2‘,
Imperial V. College El Centro Array # 7  Alluvium Imperial Valley 15 October 1979 66 (M) 21 SS;(?&, 33?
. NSOE 029

El Almendral Compacted fill Central Chile 3 March 1985 7.8 (My) 84 SA0E 016
.o . ‘ . N70W 0-23
Vifia del mar Alluvial sand Centrai Chile 3 March 1985 7.8 (Mg) 88 SIOW 036
. . . SO0E 0-26

Zacatula Alluvium Michoacan 19 September 1985 8.1 (M) 49 NOOW 018
Alhambra Freemont Schootl Alluviom Whittier-Narrows 1 Qctober 1987 61 (M) 7 %;8 g;g
Aitadena Eaton Caynon Park Alluvium Whittier—Narrows 1 October 1987 6 1{M,) 13 323 3;?
) 232

Burbank Cal. Fed. Savings Bldg. Alluvium Whittier-Narrows 1 October 1987 &1 (M) 26 Iig 8?;
" Downey County Maint. Bldg. Deep alluvium Whittier-Narrows 1 October 1987 61 (M) 17 ~ %;g 8;8
Inglewood Union Oil Yard Terrace deposits Whittier—Narrows 1 October 1987 61 (M) 25 328 s
Los Angeles 116th St. School Terrace deposits Whittier-Narrows 1 October 1987 61 (M) 22 .3,?,8 818
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"Table 11. (Contd)

Epictr. PGA

Station name Local site condition Earthquake date Magn. dist. (km) Comp. (g)

Los Angeles Baldwin Hills Alluvium over shale Whittier—Narrows 1 October 1987 61 (M) 27 328 8:;
Los Angeles Hollywood Storage FF Alluviu;n Whittier-Narrows 1 October 1987 61 (M) 25 323 g‘.lj
Los Angeles Obregon Park Alluvium Whittier—-Narrows 1 October 1987 61 (M) 10 ggg 83‘;
Long Beach Rancho Los Cerrnitos Alluvium Wh;ltier—Narrows 1 October 1987 6t (M) 27 323 8?2
San Marino Southwestern Academy Alluvium Whittier-Narrows | October 1987 61 (M) g ;gg 8%2
Tarzana Cedar Hill Nursery Alluvium Whgttier—Narrows l‘Octobcr 1987 61 (M) 44 328 ggg
Whittier 7215 Bright Tower Alluvium Whittier—-Narrows 1 October 1987 61 (My) 10 328 8%
Alba 900 S. Fremont Alluvium Whittier—Nz;rrows 1 October 1987 6-i (My) 8 323 8%2
Capitola Fire Station Alluvium Lorrlm Prieta 17 October 1987 71 (Mg) 9 328 . 832
Hollister South & Pine Alluvium i;oma Prieta 17 October 1989 7-1 (Ms) 48 328 8;;
Ouakland 2-Storey Office Blde. Allus s [.oma Prieta 17 October 1989 71 (Mg) 92 ggg g%;
Stanford Parking Gaurage Alluvium Loma Prieta 17 October 1989 7-1 (Mg) 51 338 8%3

50!
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Table 1. Selected ground motions recorded at soft sites

Epictr. PGA
Station riame Local site condition Earthquake date . Magn. dist. (km)  Comp, (g)
. ) EW 017
Bucharest Building Research Inst. Soft Romanta 4 March 1977 71 (Mg) 174 SN 0.20
. . . . . N9OW 017
SCT Sria. de Comunic. y Transport Soft clay Michoacan 19 September 1985 81 (Ms) 385 SOOE 010
Central de abastos Frigorifico Soft clay Michoacin 19 September 1985 8.1 (Mg) 339 332; 862
Central de abastos Oficina Soft clay Michoacan 19 September 1985 81 (My) 389 ;g;g ggg
. . , . ‘ N9OW 0-06
Colonia Roma Soft clay Acapulco 25 April 1989 69 (Mg) 320 SO0E 005
1 .."
Emeryville Free Field South Bay mud Loma Prieta 17 October 1989 71 (M) 97 ;gg 8_;;
Emeryville Free Field North Bay mud Loma Prieta {7 October 1989 71 (Ms) 97 ggg 85(2)
Oakland Outer Harbor Wharf Bay mud Loma Prieta 17 Qctober 198b 71 (M) 95 ?gg 8%;
Treasure island Naval Base Filt Loma Prieta 17 October 1989 7-1 (Mg) 98 328 8:8
San Francisco International Airport Bay mud Loma Prieta 17 October 1989 71 (Mg) 79 328 83;
San Francisco 18-Storey Commercial Bldg. Fill over bay mud Loma Prieta 17 October 1989 71 (My) 95 223 8:;
]
Foster City Redwood Shores Bav mud Loma Prieta 17 October 1989 7-1 (Mg} 63 9(()) 8;2
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spectral density functions assuming the earthquake ground motion to be a stationary Gaussian zero mean
process. Based on the results presented by Davenport.® Der Kiureghian® developed semi-empirical ex
sions for the reduced rate of crossings and for peak factors that are consistent with the probabinty
distribution proposed by Vanmarcke. Yang and Liu'' showed that if the number of extreme values is large
and if they are statistically independent, the probability distribution approaches asymptotically Gumbel's
type 111 extreme-value probability distribution (the Weibull distribution). Furthermore. they showed that if
the input excitation is assumed stationary, the probability distribution reduces to Rayleigh’s distribution.

Before studying the probability distribution of inelastic structural ordinates, for each ground motion
inelastic strength demands were normalized by the maximum base shear produced in a rigid system. This
normalization procedure is equivalent to normalizing the ground motions to a peak ground acceleration
equal to 1 g. In the long-period range this normalization will typically result in an increase in dispersion with
increasing period of vibration.?? However, inelastic strength demands in this period range are generally
much smaller than those in the short- and medivm-period ranges. An illustrated in Figure [, the resulting
normalized inelastic strength demand, #, is a random variable whose probability distribution is unknown.
This normalized inelastic strength demand is given by

R C.g

= —— = - (4)
mmax|X,| max|x,]

where g is the acceleration due to gravity and C, is the seismic coefficient defined as the ratio of the lateral
strength of the system to its weight.

In this study attempts were made to fit the probability distribution computed from the statistical data to
* the following five theoretical probability density functions (PDF):

Normal:
. _ 2
fon) =[2na?]7 12 exp[ -2 (" - d’) ] (5)
2 o)
Lognormal: o '
_ 2
f(']) — [21‘!62!]2]* 112 CXP|: _ %(y) :l ((,]
Gumbel type I:
_ [ ! 1
l(ni=exp{——m—¢)—exp[— —(u—dﬂ]} (7)
o a o
n

Probability density
function of 1)

T

Figure 1. Normalized inelastic strength demand spectrum showing the uncertainty in the prediction of nelastic strength demands in
future earthquakes
I
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Weibull:
S =oafy " 'exp(— By’) - (8)
Gamma:
fim= P 7' exp( = fy) 9)
! T() ;

where a, f, 4, ¢ and & are probability distribution parameters and I'( ) is the gamma function. which is
defined as,

©
r(y)=J ¥ lexp(— z)dz . ' (10)
0

Two methods are available to determine whether the assumption of the data being distributed according
to a certain theoretical PDF is reasonable: (mainly) goodness-of-fit (GOF) plots of probability paper and
analytic distributional tests. In the first method the sorted data is plotted against the quantiles corresponding
to different probability distributions. In the second method an analytic parameter is computed, which
provides a basis to accept or reject the hypothesis of a certain theoretical probability distribution according
to a certain level of probability of a type | error. For cases where there exists no closed-form analytical
expression for the cumulative distribution function (i.e. normal, log-normal and gamma distributions) the
quantiles were computed by numerical integration of the PDF together with a regula falsi root-finding
method. For each probability distribution and each soil group 300 GOF plots were computed (correspond-
ing to each level of inelastic deformation and each period or each T/T, ratio).

Examples of GOF plots corresponding to a particular period and a particular level of inelastic deforma-
tion for ground motions recorded on alluvium are shown in Figure 2. For all three site conditions, scatter of
the data was observed to increase with increasing periods (with increasing 777 ratios in the case of soft soils).

{

n : n
1.4 14 T
12t (@ Lt 12}t (b .
1.0} o 1.0 |
4 0.8 - ‘

08 | .
06 | / 06 | /

04| ._/ =4 04 f p=4

. =0, - T = 0.40
0.2 [ " . T .0 40 0.2 .1 i i i " "
3 2 A 0 1 2 3 0 2 4 6 8 10 12
STANDARD NORMAL GAMMA DISTRIBUTION -
tn u
0.5 1.4

o 12 {0) .

oot (o :
10 | .
0.5 | / :
e 08 | 4
1.0}t e i
e 06| /

151} * p-a| 041} /7 k=4
T=04 d T =0.40
2.0 . A i ' lo 0 0‘2 .1 ' A i
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>

Figure 2. Goodness-of-fit plots for systems with T = 0-4 and p1 = 4 when subjected to ground motions recorded on alluvium vsing the
following probability distributions: (a) normal; (b) gamma; (c) log-normal; (d} Gumbel type 1
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In addition to the GOF plots, the analytical test method was used to test each probability distribution. The
W test was used for all probability distributions except for the gamma distribution, in which a chi-square
was employed. For description of these tests the reader is referred to Reference 25.

If the choice of a certain model is found to be reasonable, the parameters of the distribution can be
computed to obtain estimates of the cumulative probability distribution function (CDF) that best fits the
data. Examples of computed CDFs are shown in Figure 3. These CDF's correspond to systems with a period
of 0-3 s undergoing a displacement ductility ratio of four when subjected to ground motions recorded on
alluvium sites. In this case it can be seen that the normal and Rayleigh (a special case of the Weibull
distribution with a = 2) give the poorest fit of the data.

For all levels of inelastic deformation, the fit of the computed CDF to that of the data was better in the low
period range than in the high period range. In general, the best fit to the data was provided by the gamma
distribution, followed by the Gumbel type I distribution and the Weibull distribution. One disadvantage of
using the Weibull distribution is that the estimation of the parameters a and f requires the solution of two
non-linear equations when using the maximum-likelihood technique. For the normal. lognormal and
Gumbel distributions, a better fit was obtained by using linear regression analyses on the GOF plot data
than when using the matching moment technlque In the case of the gammd distribution the latter technique

yi¢lded an adequate fit. . 4 . .

PROBABILISTIC NON-LINEAR SPECTRUM

If the probability distribution of inelastic strength demands is known, the computation of a probabilistic
non-linear spectrum is reduced to finding (for each period T} the normalized strength (that needs to be
supplied to the structure) required to avoid with a predetermined probability of non-exceedance of a ductility
demand larger than the target ductility demand, p;.

If the displacement ductility demand is considered as a random variable, then for a system with a giv...
normalized strength, #;, the probability of having a ductility demand less than or equal to a certain
predetermined ductility g; is given by,

Ty ’
Fi(p)) = Plpn < ) = J Sip)dp (1t}
Q
where fi{p) and F;(j1). respectively, are the PDF and CDF of i corresponding to a certain strength capakity.

;. Since the strengths required to limit the ductility demand to different target ductilities have been
computed, lor design purposes equation (1) can be rewritten as

*n. !
Fin) = Pip<n) = J fimdy (12)
n
F(T]) F{n)
0Bt / 08 ’
| — Neormal L £
UL S S Lognormal o6r £ Rayteigh
| - -~ Gamma | 3 - - - Wetbull
0.4 (e‘ » Data 0.4 « Dala
0.2} "",’ ; 11:4 02t T‘“=4
00 J?: . . M = 0.30 00 N N il 0, 30
00 04 08 1.2 1.6 0.0 04 0.8 12 16
NORMALIZED STRENGTH N NORMALIZED STRENGTH N

Figure 3. Cumulative distribution functions for systems with 7= 03 and j = 4 when subjected to ground motions recorded on
atluvium
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where f;(n) and F;(). respectively, are the PDF and CDF of n associated with a target ductility t;. The
corresponding probability of exceedance of the target ductility y; is given by

P(p>p;)= Plp >n)=1— Fyn) . (13

Thus, as illustrated in Figure 4, for a given target probability of non-exceedance, the normalized inelastic
strength demand that needs to be supplicd to the structure, ; (in order to avoid ductility demands larger than
#;) can be computed from the CDF of n.

As mentloned in the previous section, f,(10), Fi(s0). f;(n) and F;(n) are not known. In their study Murakami
and Penzien'® assumed F;(p) 1o be a Gumbel type I extreme- value probability distribution, while Conte er
“al.'” assumed F,(yt) to be a log-normal probability distribution. In this study, the PNRS were computed by
using the CDF F (i) calculated from the response of 300 systems subjected to 124 recorded ground motions.
The advantage ol this approach over the one used in the aforementioned studies is that the resulting
empirical PNRS are based on no assumption regarding the probability distribution of inelastic spectral
ordinates.

For each soil condition, each period of vibration (each 7/7, for soft soils) and target ductilities ranging
from 1 to 6. normalized inelastic strength demands were computed for six probabilities of non-exceedance.
_namely, F(i;) = 50, 60. 70, 80, 90 and 95 per cent. which correspond to probabilities of exceedance of the
target ductility of 50, 40, 30, 20, 10 and 5 per cent respectively. The resulting 5400 inclastic strength demands
classified according to soil conditions, probability.of non-exceedance and level of inelastic deformation are
shown in Figures 5-7,

As shown in these figures, for all levels of probability, the lateral strength capacity required to control
inelastic deformations is significantly affected by the period of vibration of the system and the target ductility
ratio. For ductility ratios smaller than three and for systems subjected to rock and altuvium ground motions,
strength demands typically increase with increasing period up to a period which lies between (-2 and 0-4 s.
Beyond this period, strength demands decrease with increasing period of vibration. Regardiess of the soil”
condition, for displacement ductility ratio greater than four, lateral strength demands decrease with"
increasing periods. '

A comparison of strength demands for systems of different soil conditions is shown in Figure & Thic figure
corresponds to lateral strengths required to avoid ductility ratios larger than 2 with a 20 per cent probability
of exceedance and to lateral strengths required to avoid ductility ratios larger than three with a 10 per cent
probability of exceedance. A predominant period of 15 s is assumed for the soft soil site. In both cases. for
periods of vibration greater than 0-6 s, required lateral strengths are significantly larger for systems subjected
to ground motions recorded on soft soil sites than for systems subjected to ground motions recorded on
either rock or alluvium sites. For certain periods, the computed required strength for structures on soft soil is
more than twice that required for structures on rock or alluvium sites.

/— Target probabllity level

Fo bl \
Probabllity distribution

function of 1

F)

A .
n; n

Figure 4. Computation of probabilistic strength demand spectral ordinates using cumulative dwstribution functions
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Figure 5. Probabilistic non-linear spectra of normalized strength demands for rock sites (= 1. 2. 3, 4, 5. 6}

A comparison of lateral strength demands required to avoid a given maximum tolerable ductility ratio
for three different probabilitics of occurrence is shown in Figure 9. Strength demands shown in this figure
were calculated for systems undergoing ductility demands of two and six when suhiected to ground motions
recorded on alluvium sites. As shown in this figure, consideration of a smaller probability of exceedance of
the target ductility ratio (i.e. a larger value of F(n)) produces an approximatel. period-independent difference
instrength demand. In general, this difference in lateral strength decreases with increasing ductility ratio. The
corresponding increase in lateral strength (additional strength relative to the median), however. increases
with increasing period. .

Probabilistic non-linear response spectra computed in this investigation provide a more rational estima-
tion of design forces than the one offered by deterministic response spectra. since they allow the designer to
estimate the required lateral strength capacity corresponding to target probabilitics of non-exceedance,
which may be different for different levels of inclastic deformations or for different levels of maximum ground
acceleration. An illustrative example on the use of the PNRS is presented in the Appendix.

Inelastic strength demands shown in Figures 5-7 are based on response of SDOF systems underge...g
various levels of maximum inelastic deformation when subjected to a relatively large number ‘of recorded
earthquake ground motions. The extrapolation of these results to MDOTF structures requires the knowledge
of the relationship between local (storey) ductitity demands and the global (structure) ductitity demand. This

5o
P
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Figure 6. Probabilistic mon-linear spectra of normalized strength demands for alluvium sttes (i = 1, 2, 3, 4. 5, 6)

relationship, which varies with the level of imposed lateral deformation, is a function of both, the distribution
of inelastic deformations within the structure and the ground motion. For many tvpes of structures, an
approximation of- this relationship can be obtained through non-linear static analyses.??-?® Another
approximate procedure to extend the results of SDOF systems to the design of MDOF structures has
recently been proposed by Nassar and Krawinkier.??

SUMMARY AND CONCLUSIONS

Uncertaintics in the response of non-lincar systems when subjected to earthquake ground motions were
studied by computing the lateral strength capacity of SDOF systems required to control inelastic deforma-
ions below predetermined dlqplacemem ductility ratios. A total of 37 200 inclastic strength demands were
<omputed corresponding to six levels ‘of inelastic deformation and 50 periods (or T/T, ratios) when subjected
to 124 ground motions.

Attempts were made to fit the probability distribution of normalized inclastic strength demands computed
from the statistical data to five theoretical probability distributions. For all levels of inclastic deformation,
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Figure 8. Effect of soil conditions on the lateral strength capacity required to control the maximum nelastic deformation

the fit of the cumulative distribution function was better in the low period range than in the high p~ "~d
range. In general, the best fit was provided by the gamma distribution followed by the Gumbel type J
Weibull distributions. ‘ '

Using empirical cumulative distribution functions site-dependent probabilistic non-linear spectra were
computed for six probabilities of exceedance of diffcrent levels of inelastic deformation. The lateral strength
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Figure 9. Effect of the probability of exceedance on the lateral strength capacity required (o' control the maximum inelastic deformation

required to control ductility demands is significantly aflected by: (1) the maximum tolerable ductility
demand. (2) probability of exceedance of the tolerable demand, (3) local site conditions and (4) the period of
vibration of the system. In the case of soft soils, the required lateral strengths are also strongly dependent on
the predominant period of the ground motion.

In contrast to the deterministic spectra, the spectra presented herein allow the estimation of the lateral
strength that needs to be supplied to the structure which is associated with different probabilities of
exceedance of predetermined: levels of inclastic deformations. Thus, these PNRS explicitly account for the
uncertainty in the response of non-linear systems when subjected to earthquake ground motions. Further-
more, they provide a clear insight into the variability aspects of the response of non-linear systems due to the
inherent uncertainties in the intensity and characteristics of the earthquake excitation.
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APPENDIX

This example illustrates the estimation of the inelastic strength demand of a SDOI" system to an earthquake
ground motion with a specified maximum ground acceleration.

It is assumed that the structure has a period of vibration of 0-8's, 5 per cent damping and is tocated on
alluvium. The site is likely to experience a maximum ground acceleration of 0-10 g during minor earthquakes
and a maximum ground acceleration of 0-6 g during severe earthquakes. 1t is required to:

fa) Estimate the lateral strength required 1o maintain the system efastic (ie. g = 1) during minor
earthquakes with a confidence level (probability of non-exceedance) of 90 per cent.

(b) Estimate the lateral strength capacity associated with a 20 per cent probability of exceedance of
a displacement ductility demand of three during severe earthquakes. '

For alluvium sites the normalized inelastic strength demands can be obtained from Figure 6. To estimate
the strength required in (a) the spectra corresponding to F (i) = 09 is used together with a g = | and a period
- of 0-8 5. to find a normalized strength demand y = 2-35. The corresponding lateral strength is obtained from

equation (4} ' :

R, = mypmax |3, = m2:35(0 10g) = m0-24g

where m is the mass of the system.
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To estimate the strength required in (b} the spectra corresponding to F (1) = O-® (probability of exceedance
of 20 per cent) is used together with z = 3 and a period of 0-8s. From Figure 6 we get # =0-68. ~
corresponding lateral strength is given by

R, = my max | %, = m 0-68(0-60g) = mO-41g

Thus, the strength required in (b) controls the design of the structure.
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DISEND SISMICO DE ESTRUCTURAS DE ACERQ PARA EDIFICIOS

OSCAR DE BUEN LOPEZ DE HEREDIA *
INTRODUCCION

El1 objetivo que se 'persigue al construir una estructura es
satisfacer una necesidad, que puede ser salvar una barranca para unir
dos poblaciones que se encuentran & uno y otro lado de ella, detener el
agua de un rio para formar un embalse que permita utilizarla para
generar energia electrica, o crear un espacio en el que se desarrollen
actividades que no podrian llevarse a cabo a la intemperie. En el
pricer caso se construye un puenté, éen el segundo la cortina de una
presa y en el tercero un edificio.

En un edificio urbano, para oficinas o departamentos. "deben
crearse espacios en los que se viva o trabaje en condiciones adecuadas
de seguridad y confort,

Uno de los fendmenos mds caracteristicos de nuestra época es el.
gran crecimiento de las ciudades, ocasionado en parte por el aumento
general de poblacién y en parte por la emigracion continua del campo
hacia ellas; a su-vez, la necesidad de proporcionar alojamiento y lugar
de trabajo a un numero cada vez mayor de personas dentro de un area
reducida, ha sido la razén principal de que en las (ltimas décadas se
hayan construido muchos edificios, algunos de gran altura, y de que esta
tendencia subsista en 1a actualidad.

Todos los elementos requeridos para crear 1os espacios
mencionados arriba, asi como las personas que los ocuparén. y el
mobiliario y equipo necesarios para desarrollar sus actividades, pesan,
y su peso debe transmitirse hasta el terreno en el que se apoya el
edificio; es el peso de pisos, plafones, fachadas, muros divisorios y
de lindero, instalaciones, muebles y personas, el gue crea la necesidad
de contar con una estructura cuya finalidad primaria es transmitir esos
pesos, y el suyo propio., hasta la cimentacion y el terreno.

Pero, una vez construido, el edificioc constituye un obstdculo para
el libre flujo de las corrientes de aire, lo que 'da lugar a gque
aparezcan presiones y succiones en sus fachadas; ademds, en buena parte
de nuestro planeta, Yy potencialmente en todo -é1, la corteza terrestre
experimenta de vez en cuando movimientos que se transmiten a los
edificios construidos sobre ella: tanto el viento como los sismos
ocasionan solicitaciones que deben ser resistidas por la estructura, al
mismo tiempo que sigue soportando las cargas verticales.

Dijimes al principio que el objeto de un-edificio es crear
espacios en los que se viva y se trabaje en condiciones adecuadas de
seguridad y confort; para ello, la estructura debe tener resistencia
suficiente para soportar la combinacidn de solicitaciones ocasionada por
las cargas verticales y el viento o sismo y, ademds, ser de rigidez

* Profesor ernirito de la Facultad de Ingenieria, U.N.A.M. Ingeniero -
consultor en estructuras. o
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excesivas, con lo que se evita el pdnico entre los ocupantes y' se
reducen a un minimo los dafios en los elementos no estructurales y en las
instalaciones. :

Las cargas verticales, muertas y vivas, se pueden evaluar con
precisién aceptable, y se sabe bastante sobre el comportamiento de
elementos estructurales y estructuras completas sometidos a cargas de
ese tipo. En cambioy» es imposible predecir la intensidad de los
temblores que deberd resistir un edificios 'y hay todavia bastantes
lagunas en npuestro conocimiento sobre el comportamiento de las
estructuras sometidas a solicitaciones sismicas. Nos encontramos. pues,
ante un problema que aparentemente no tiene solucién, que caracteriza
al diseiio sismico:. disedar y construir estructuras gque resistan
solicitaciones desconocidas mediante mecanismos que no se -entiender
todavia demasiado bieni y, para complicar mas aun el problema, teniendo
en cuenta, como en todas las obras de: ingenieria, consideraciones
econdmicas de importancia fundamental. '

Huchos edificos construidos hasta ahora han estado sometidos a
temblores de tierra intensos; algunos han quedado totalmente destruidos,
otros se han mantenido en pie, pero sufriendo dafos severos en elementos
estructurales y no estructurales, mientras que el resto ha resistido los
temhlores con danos muy reducides. o aun nulos.

Los métodos modernos de diseiio sismico provienen en gran parte
del estudio del comportamiento, satisfactorio o no, de edificios que han
experimentado movimientos telidricos importantes, y la filosofia ‘en que
se basan esos métodos proviene de la aceptacién del hecho de que es
imposible construir edificios que tengan una probabilidad nula de falla
o de experimentar dafnos durante los temblores, desconocidos, a que
puedan quedar sometidos durante su vida dril.

La solucion ideal, desde un punto de vista econdmico, consiste
en escoger sistempas estructurales que se disefien para soportar las
cargas verticales, y Que sean capaces de resistir la combinacién de
éstas y las solicitaciones sismicas sin que el aumento de esfuerzos (o
la disminucién de factores de carga respecto a la falla) exceda el
incremento permitido en los reglamentos para solicitaciones producidas
por cargas permanentes _y accidentales combinadas;i al mismo tiempo, debe
revisarse que los desplazamientos horizontsles relatives entre niveles
consecutivos no sobrepasen Iimites aceptables, y comprobarse que  sé
tiene una segurzdad adecuada contra la inestabilidad de conjunto de la
construccidn.

Los edificios de pocos pisos, con muros de carga, suelen
satisfacer automdticamente las dos condiciones anteriores de resistencia
y rigidez; al aumentar el nimero de niveles y requerirse una estructura
el problema se vuelve mis dificil, y para evitar increméntos excesivos
en costo y en el tamanc de los elementos estructurales deben utilizarse
sistemas estructurales adecuadosi si el nimero de pisos no es muy
grande, los marcos rigidos constituyen una buena solucidn, mientras que
para alturas mayores suelen obtenerse buenos resultados combinando los
marcos con contraventeos ‘o muros de rigidez, y en edificios muy altos
conviene recurrir a sistemas estructurales especiales.
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Una estructura puede disefarse de manera que tenga resistencia
y rigidez suficiente pare que su respuesta ante la combinacion de cargas
verticales y sismicas sea predominantemente eldstica, pero al bhacerlo
se obtienen soluciones mucho mds costosas que las empleadas
tradicionalmente en edificios construidos en zonas sismicas que han
tenido, en general, un comportamiento aceptable durante temblores
reales. Sin embargo, este tipo de soluciones puede ser recomendable en
‘estructuras especiales, en las que se desee mantener los dafios a niveles
muy bajos, aun bajo temblores de gran intensidad; uno de esos casos lo
constituyen las centrales nucleoceléctricas.

FILOSOFIA DEL DISENO SISMICO.

En la mayoria de las construcciones convencionales los problemas
econdémicos hacen que no se justifique la solucidn anterior, ya que el
aumento de costo requerido para resistir vibreciones laterales de gran
intensidad debe analizarse teniendo en cuenta la importancia de la
estructura y la probabilidad de ocurrencia de los temblores. Esto hace
que la filosofia actual del diseno de edificios que se construiran en
zonas sismicas, de donde provienen los criterios para fijar los niveles
de carga indicados en los reglamentos modernos, sea la siguiente: - los
edificios deben ser capaces de resistir temblores menores sin sufrir
dafios, temblores moderados sin dahos estructurales, pero con algunos
daiios . en elementos no estructurales, y temblores muy intensos sin
colapso, pero con dafios no estructurales y estructurales. Se acepta.
pues, la posibilidad de que el edificio sufra desperfectos importantes,
pero no la de que se pierdsn vidas. EI objetivo de los cédigos es, por
consiguiente, obtener estructuras que se comporten eldsticamente bajo
temblores que puede esperarse que ocurran mas de una vez durante la vida
del edificio y que sean capaces de sobrevivir, sin colapso, el temblor
de intensidad maxima que puede presentarse durante su vida util. Para
evitar el colapso durante el temblor méds intenso los miembros, y la
estructura en conjunto, han de poseer ductilidad suficiente para
absorber y disipar energia por medio de deformaciones postelasticas, lo
que exige excursiones importantes en el intervalo ineldstico, con poca
o ninguna pérdida de resistencia. La ductilidad necesaria puede estar
asociada, en casos extremos, con deformaciones permanentes muy grandes,
de manera que aunque no se presente el colapso de la .estructura los
danos que sufra pueden ser tales que no puedan repararse economicamente,
y la construccién se pierda por completo. .

La filosofia mencionada sigue 51endo la base de. los c6digos
modernos de disefio sismico; sin embargo, a raiz de los dltimos temblores
intensos, sobre todo los de la Ciudad de México de septiembre de 1985,
empieza a cuestionarse., si no la filosofia en si, al menos el nivel de
dafios que debe permitirse durante movimientos de tierra de gran
intensidad, pues los costos. de reparacion 'y .refuerzo 'de las
construcciones son tan elevados que seguramente se justifica aumentar
la inversién inicial para disminuir los riesgos de que se ' presenten
dafios importantes en estructura, acabados o instalaciones.

ELECCION DEL SISTEMA ESTRUCTURAL.

Las caracteristicas prlnc1pales gue debe tener un edificio que
Se va a construir en una zona sismica son:
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Resistencia, El edificio ha de tener una seguridad adecuada,
contra el celapso durante temblores 1ntensos. Para ello, debe disefiarse
para que soporte solicitaciones sismicas relativamente altas,
compatibles con la sismicidad de la zons.

Rigidez. Es necesaria para evitar daios en muros, canceles,
‘instalaciones 'y otros elementos no estructurales, durante temblores
frecuentes de poca intensidad, -y para impedir fallas por inestabilidad,
debida a amplificacién excesiva de los momentos por interaccidn cargs
vertical - desplazamiento horizental, en temblores intensos. La rigidez
apropiada se logra manteniendo los desplazamientos: laterales de
entrepiso por debajo de limites adecuados, que se indican en los
reglamentos.

Ductilidad. Esta propiedad no es indispensable, en teoria,
puesto que pueden construirse estructuras que, también en teoria, se
comporten eldsticamente bajo temblores de cualquier intensidad;:
constituye, sin embargo., una manera econdmica de obtener estructuras
capaces de soportar temblores intensos, si bien sufriendo danos que
pueden ser icportantes. Ademds, como no se conocen las caracteristicas
{intensidad, duracién. contenido de frecuencias, etc.) del temblor mis
desfavorable & que quedard sometida la construccidn: no puede suprimirse
la ductilidad, al menos en zonas criticas de la estructura, sin correr
el riesgo de que el comportamiento real esté muy por debajo del
previsto. -

En las 0ltimas décadas se ha dado una importancia excesiva a la
ductilidad: los reglamentos de diseflo sismico han estimulado el uso de
estructuras dictiles, generalmente flexibles, y han penalizado a las
rigidas, & pesar de que en los temblores gue han ocurrido tdltimamente
en distintas partes del planeta se ha comprobado, de manera sistematica,
el superior comportamiento de las estructuras rigidas y resistentes,
especialmente si se les proporciona ductilidad adecuada en las zonas
donde pueden concentrarse las deformaciones inelasticas.

‘Park y T. Paulay, en su libro F‘Estructuras de concreto
reforzado®, afirman lo siguiente:-

"Como es imposible predecir con precisién las caracteristicas de
los_movimientos de tierra que pueden ocurrir en un sitio dado, también
es imposible evaluar el comportamiento completo de una estructura
sometida & sismos intensos de caracteristicas desconocidas®.” ‘Sin
epbargo, las estructuras pueden disefnarse y construirse de panera que
tengan caracteristicas que aseguren que su comportamlento seréd el més
deszable. En términos de dafos, ductilidad, disipacién de energia, o
falla, ha de lograrse una secuencia deseable en el deterioro, y en la
destruccién eventuals de la compleja cadena de resistencia de la
estructura, lo que implica una jerarquizacién adecuada de sus modos de
falla, que sélo puede lograrse si se conoce la re51stenc1a de cada uno

* Le incertidumbre es el aspecto que carscteriza todo el diéeﬁo sismico:
debe disefiarse para solicitaciones desconocidas, sin conocer tampoco
el mecanismo de respuesta de los elementos y. sistemas estructurales -~
-sometidos a ellos. Aunque se sabe bastante mis acercs de este segundo
punto que del primero, todavia existen lagunas muy importantes en --
nuestro conocimiento.
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de Ios eslabones que forman esa cadena, es decir, de cada uno de los
elementos que componen la estructura.

A pesar de la paturaleza probabilistica del fendmeno, la mejor
manera de obtener una estructura gque se comporte con €xito ante
temblores de intensidad media, y no llegue al colapso durante terremotos
catastroficos consiste. dados los conocimientos actuales, en distribuir
deterministicamente sus propiedades de resistencia y ductilidad para
obtener el modo de falla m3s conveniente. Esta filosofia puede
incorporarse en un proceso de disefio basado en la resistencia dltima de
la estructura, durante el cual se escogen y detallan adecvadamente los
elementos que formardn parte de los mecanismos disipadores de energia,
y se proporcions a los elementos 'estructurales restantes resistencia
suficiente para asegurar que los mecanismos escogidos conservarén toda,
o casi toda, su resistencia durante los ciclos de carga y deformacidn
producidos por el temblor".

La obra citada .se publicé en 1975; sin embargo., los aspectos
sefalados siguen en vigor, por completo, hoy en dia, y se pusieron de
manifiesto durante los terremotes de septiembre de 1985. Ha de tenerse
en cuenta, ademds, que las construcciones reales son muy complejas,
mucho mds que los modelos que se emplean para analizarlas y disefiarlas,
por lo que para lograr el comportamiento deseable mencionado deben
satisfacerse requisitos adicionales de simetria, uniformidad a lo largo
de la altura, trabajo de conjunto, etc,

METODOS PARA EL ANALISIS SISMICO.

No se pretende estudiar aqui los métodos que se emplean para
evaluvar las fuerzas sismicas para las que debe disefiarse un edificio:
sin embargo, conviene recordar los procedimientos mids comunes. El mds
sencillo y, probablemente, el mds utilizado, consiste en determinar un
conjunto de fuerzas estéticas horizontales aplicadas en los diferentes
pisos del edificio» cuya suma es 1igual & una cierta fraccidn,
especificada en los cédigos de disedo, del peso de la construccidn: en
general, las fuerzas laterales se distribuyen en la altura del edificio
siguiendo una ley de variacién triangular, con el vértice en la base de
la construccidn.

Un segundo Pprocedimiento consiste en modelar el edificio como un
sistema de masas concentradas en los pisos, conectadas entre si. por
resortes cuya rigidez lateral depende de las caracteristicas de la
estructura, y en realizar un andlisis dindmico modal del sistema. "Las
fuerzas cortantes de diseio se- encuentran superponiendo adecuadamente
unos cuantos modos de vibracién y utilizando los espectros para disefio
sismico especificados en los reglamentos. Este enfoque dindmico es més
apropiado que el estatico, sobre todo para edificios irregulares, pero
‘'sigue teniendo muchas imprecisiones. que provienen en buena parte de la
suposicién de que el cosportamiento del edificio es exclusivamente
.elastico. |

Por este motivo, las construcciones importantes se analizan a
veces teniendo en cuenta, al modelarlas, el comportamiento ineldstico
de la estructura, y sometiendo el modelo a temblores de caracteristicas

-
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adecuadas; la respuesta inelédstica de la estructura, & lo largo del
tiempo, se obtiene por medio de un proceso de mtegramon paso a8 paso.
Aunque costoso y complejo, éste es el método més prec1so de analisis
szsnuco con que se cuenta en la actualidad, dada su preczszon conceptual
intrinseca: sin embargo, la intensidad, duracién y demis caracteristicas
de los temblores futuros permanecen, como Siempre, desconocidas.

Ha de recordarse siempre que las fuerzas laterales de diseio
especificadas en los cédigos son mucho menores que las gque puede
esperarse que actiien sobre las construcciones durante un movimiento de
tierra importante, por lo que debe reconocerse que los sismos intensos
hardn que los elementos criticos de las estructuras se comporten
inelisticamente; es, pues, esencial que el disedo y la construccion se
lleven a cabo de manera que se garantice el comportamiento ductil de
miembros y conexiones sujetos & ciclos severos de inversién de cargas,
independientenente de cual haya sido el método utilizado para determinar
la distribucién hipotética de fuerzas que obran sobre la estructura.

El acero estructural es un material muy ddctil, y tiene
propiedades fisicas gque lo hacen ideal para construir estructuras
resistentes a sismos. Sin embargo. st ductilidad intrinseca no se
conserva necesariamente en la estructura terminada, sino puede perderse
por fendmenos de inestabilidad local, de miembros individuales o de
conjunto, porque la falla se presente de manera que no se obtenga la
respuesta buscada (por ejemplo, por cortante), o© porque el
comportamiento de las conexiones sea defectuoso. Por todo ello., debe
procederse con mucho cuidado durante el disefio y la construccién para
evitar la pérdida de esas propiedades.

-La ductilidad de los elementos de acero estructural varia con el
tipo de solicitacibén; es mixima en miembros en tensién, en los- que se
alcanza la ductilidad del material, y minima en elementos en compresion
axial. Para obtener ductilidades adecuadas en compresién directa,
flexocompresion y cortante, es necesario tomar precauciones para evitar
fendmenos prepaturos de pandeo local y/o lateral.

SISTEMAS PARA PROPORCIONAR RIGIDEZ Y RESISTENCIA LATERALES.

A pesar de gue la razén de ser de la estructura de un edificio
proviene de la necesidad de soportar cargas verticales, la eleccién del
sistema estructural queda determinada, casi siempre, por la manera en
que han de resistirse las fuerzas horizontales; mds todavia, sunque no
hubiese mds que cargas verticales, también se tendria que pensar en cémo
obtener rigidez lateral adecuada, puesto que siempre es tedricamente
posible que un edificio completo o alguno de sus entrepisos falle por
inestabilidad lateral. Las solicitaciones horizontales son, pues, las
gque determinan las caracteristicas principales de los sistemas
estructurales de los edificios excepto, quizi, en los que no tienen més
de dos o tres niveles.

Las estructuras deben ser estables bajo cualquier condicidn
posible de carga. Cuando 1o son, las solicitaciones exteriores
ocasionan en ellas deformaciones pequefias, y las fuerzas interiores les
devuelven su forma original cuando desaparecen las cargas. En cambio.,
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si uvna estructura es Iinestable las cargas producen deformaciones muy
grandes, que crecen aunque las solicitaciones se mantengan constantes;
ademds, las acciones interiores estabilizadoras no logran que la
estructura recupere su configuracién inicial cuando se descarga. El
conjunto de vigas y columnas de la fig. la. es claramente inestable,
pues no resiste fuerzas horizontales ni tiene ningin mecanismpo que haga
gue recupere su forma inicial.

En la fig. l.d se ilustran los pocos mecanismos que pueden
utilizarse para obtener sistemas estructurales estables, capaces de
resistir los efectos producidos por fuerzas horizontales. £l primero
consiste 'en afadir una diagonal, con lo que se obtiene uns estructura
contraventeada. FEn el segundo la estabilidad lateral se logra por medio
de muros de cortante*, de mamposteria de tabique o de concreto
reforzado, que son elcmentos planos verticales de gran rigidez .y
resistencia. Por Ultimo, los miembros que forman la estructura pueden
unirse entre si por medio de conexiones rigidas, que impiden las grandes
rotaciones ascciadas con el colapso: la estabilidad lsteral se consigue
con el uso de marcos rigides.

Para asegurar la estabilidad., en todas las direcciones, de un
edificio, puede utilizarse uno soloc de los sistemas mencionados, o unas
combinacién de varios de ellos.

i

MARCOS RIGIDOS.

Los marcos rigides tridimensionales, formados por un conjunto de
vigas y columnas. constituyen un sistema estructural eficiente para
edificios de altura peguefia o media, hasta unos 10 & 12 pisos. En
edificios destinados a habitacidén no suele justificarse su empleo como
Unicos elementos resistentes, pues por requisitos de funcionamiento se
cuenta con gran numero de muros, Que separan unas habitaciones de otras,
colocados en las mismas posiciones en todos los niveles, que pueden
utilizarse con ventaja, solos o en combinacién con los marcos. En
cambio, los edificios de oficinas carecen casi por completo de
divisiones de caracter permanente. por lo que en ellos si puede convenir
utilizar los marcos rigidos como uUnico sistema estructural, pues
proporcionan la méxima libertad en la planeacidén y operacién de los
edificios. . : .

Los marcos rigidos constituyen una solucidén adecuada en edificios
de poca o mediana sltura que sSe van a construir en zonas sSismicas
porque, ademas de proporcionar la resistencias necesaria ante cargas
verticales y horizontales de unas manera econbmica, permiten obtener
estructuras de ductilidad elevada, capaces de incursionar en el
intervalo ineldstico bajo solicitaciones sismicas intensas, disipando
una parte importante de la energia que les transmite el terreno sin
sufrir dafos, o experimentando desperfectos locales, de pequefia cuantia
y ficil reparacién. S

_ Los marcos rigidos bien disefados. detallados y construidos,
tienen un comportamiento dictil estable bajo cargas ciclicas que los



digos de construccién los consideran sistemas  estructurales
preferenciales, para los que especifican cargas laterales menores' que
las correspondientes a8 otros sistemas.

Es una préactica aceptada generalmente la de que el
dimensionamiento de los miembros que componen los marcos rigidos se hags
de manera que las articulaciones plésticas se formen en las vigas antes
" que en las columnas, con lo que se logra que las deformaciones plasticas
més importantes se concentren en zonas que pueden aceptarlas con poca,
o ninguna, pérdida de resistencia. Esta es la filosofia de disefio
conocida como "columnas resistentes - vigas débiles”.

Sin embargo, la ductilidad se convierte en la principal
desventaja de los marcos rigidos cuando se pretende utilizarlos en
edificios altos carentes de elementos estructurales adicionales que
contribuyan a la.resistencia y rigidez lateral del conjunto, pues se
hace necesario aumentar las dimensiones de vigas y columnas. muy por
encima de las requeridas para soportar las cargas verticales, primero
para obtener la resistencia necesaria ante cargas horizontales y
después, cuando crece el numero de pisosy para controlar los
desplazanientos laterales y mantenerlos dentro de limites adecuados.

Los marcos rigidos constituyen el esqueleto resistente de un gran
nimero de construcciones modernas de muy diversos tipos (Fig. 2). Su
nombre proviene de que los elemencos principales que los componen vigas
y columnas. estan ligados entre si por medio de conexiones rigidas,
capaces de transmitir los momentos, fuerzas normales y cortantes, sin
que haya desplazamientos 1lineales o angulares relativos entre los
extremos de las barras que concurren en cada nudo, lo que hace que la
estructura resultante pueda resistir por si sola, sin la ayuda de
elepentos adicionales de otros tipos, cargas verticales y horizontales.
El dimernsionamiento de las conexiones entre vigas y columnas constituye
uno de los aspectos mds importantes del disefio de los marcos rigidos.

En edificios de varios pisos se emplean marcos dispuestos en dos
direcciones frecuventemente ortogonales, de manera gue constituyen una
estructura tridimensional. ' Sin embargo, la practica séeguida para su
analisis y disefio ha consistido tradicionalmente en separarlos en dos
familias. y en analizar cada marco como una estructura plana, soportada
lateralcente por los normales a él, despreciando los momentos
torsionantes en las vigas pero teniendo en cuenta que las columnas estan
sometidas a flexion biaxial, puesto que cada una forma parte al mismo
tiempo de los dos marcés que se cruzan en ella. (Fig. 2.d).

Aunque el empleo creciente de las computadoras electrénicas hace
suponer que en un futuro cercano serd econdmico y conveniente analizar
las estructuras que se acaban de mencionar como lo que realmente son,
de tres dimensiones. en la actualidad se siguen analizando, én la mayor
parte de los casos, como estructuras, planas, y se disefian teniendo en
cuenta la flexién biaxial en las columnas y la continuidad que debe
proporcionarse en las dos direcciones. La descomposicién de los marcos
tridimensionales reales en dos familias de marcos planos es posible por
la pequeria rigidez torsional de las vigas.



En edificios altos, en los que las solicitaciones producidas por
viento o sismo se vuelven predominantes en el disefio, el marco rigido
convencional deja de ser una solucién adecuads, pues para darle la
resistencia y rigidez necesarias se requieren vigas y columnas de
" dimensicnes y costo excesivos. En esos casos conviene utilizar
elementos estructurales adicionales, muros de rigidez o contraventeos:
que resistan las.fuerzas horizontales mas eficiente y econdmicamente.

El uso de los elementos mencionados hace que el marco rigide deje
de ser indispensable pues la estructura de soporte de un edificio puede
construirse con vigas y columnas articuladas entre si, proporcionando
la rigidez y resistencia laterales necesarias para evitar problemas de
inestabilidad y para soportar los efectos producidos por fuerzas
horizontales por medio, por ejemplo, de armaduras verticales formadas
por columnas., vigas y contraventeos en diagonal colocados entre ellas,
como se ve en la fig. 3a&. (En estructuras reales no es posible utilizar
articulaciones en los nudos, pero si se pueden conectar las vigas con
las columnas, que pasan a través de los nudos, por medio de apoyos
flexibles). Sin embargo, suele ser conveniente utilizar marcos rigidos
ain cuando se empleen elementos resistentes adicionales, de manera gue
las cargas verticales permanentes sean soportadas principalmente por
ellos, de una manera eficiente y econdmica, y ayuden a los muros de
rigidez o «crujias contraventeadas a resistir las solicitaciones
horizontales eventuales (Fig. 3.b).

En un mismo edificio se puede emplear una combinacién de marcos
rigidos, contraventeos, muros ‘de rigidez y vigas articuladas en las
columnas, cambiando incluso la forma de trabsjo en las dos direcciones
principales, ya que. de acuerdo con sus caracteristicas arquitectdénicas
y funciocnales, una combinacién de dos o mds de los sistemas
estructurales mencionados puede proporcionar la solucién més eficiente
y econdmica. .

Elementos gque componen un marco rigido. Un marco rigido esté
formado siempre por vigas, columnas y conexicnes entre ellas; ademas

puede haber también elementos de contraventeo o muros de rigidez (Fig.
4).

Las vigas son los elementos, generalmente horizontales -0 con
peguefia inclinacidén, que soportan directamente las cargas verticales
permanentes, muertas y vivas, que obran sobre la estructura; ademis,
hacen que las columnas de marcos carentes de contraventeo puedan adoptar
la configuracidén necesarie para resistir fuerzas horizontales, vy
contribuyen & la rigidez de- conjunto de la estructura; en marcos
contraventeados forman parte del sistema que soporta las fuerzas
horizontales. Estdn sometidas a la accidén de fuerzas transversales y
de momentos aplicados en sus extremos. que aparecen por la continuidad
con el resto de la estructura, que ocasionan en ellas pomentos
flexionantes y fuerzas cortantes importantes; las fuerzas normales
svelen ser despreciables, excepto en las vigas de las «crujias
contraventadas de marcos altos. Se tratan basicamente como miembros en
flexidén, sunque deben tenerse en cuenta los efectos de las fuerzas
cortantes y normales cuando son significativos. )

Las columnas, cuyos ejes son verticales en general, deben ser
capaces de soportar las cargas que les transmiten las vigas adyacentes
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y los tramos de columnas gque se encuentran sobre ellas, 1llevindolas
eventualmente a la cimentacién, asi como los momentos producidos por las
cargas verticales que reciben de las vigas. Ademds, deben ayudar a
soportar las fuerzas horizontales en marcos contraventeados, y
resistirlas en su totalidad en los que no tienen contraventeo ni muros
de rigidez; también contribuyen a darle al marco la rigidez necesaria
‘para evitar problemas de pandeo .de conjunto. Trabajan casi siempre en
flexocompresién (la compresidén axial es una condicidén poco frecuente),
y los efectos gque las fuerzas cortantes ocasionan en ellas suelen ser
despreciables. En general estidn sometidas a flexocompresién biaxial,
pues forman parte al mismo tiempo de dos marcos, frecuentemente
ortogonales. '

El objeto de las conexiones es transmitir los elementos
mecdnicos, momentos flexionantes y fuerzas cortantes y normales, de las
vigas a las columnas y viceversa, asi como las fuerzas que aparecen en
las diagonales de contraventeo al marco propiamente dicho., para que
todos los elementos de la estructura trabajen en conjunto.

Las conexiones se han Ltratado tradicionalmente como simples
puntos de interseccidén de varias barras; sin embargo, en los iltimos
aios se ha reconocido el importante papel que desempeiian en el
comportamiento de los marcos rigidos por lo que en la actuslidad su
diseiio no se limita, como antes, al de'los elementos de unidén entre vigas
y columnas, sino se incluye en €1l la revisién de la junta propiamente
dicha, es decir, de la zona comin a todas las barras.

Los contraventeos y marcos de rigidez son elementos situados en
planos verticales que no forman parte del marco propiamente dicho, pero
que contribuyen a resistir las fuerzas horizontales que obran sobre é1,
a8 contrarrestar los momentos secundarios creasdos por el desplazamiento
lineal relativo de los extremos de las columnas (efecto PA ), a evitar
el pandeo de conjunto del edificio y a mejorar su rigidez lateral. En
los marcos de varios pisos se utilizan muros de rigidez, de tabigue o
de concreco reforzado, y contraventeos compuestos por elementos de acero
estructural colocados en diagonal, en K, o con alguna otra configuracion
adecuada.

Comportamiento de marcos rigidos. En.la discusién que sigue se
considera tan solo comportamiento en el plano, pues los marcos rigidos
en estudio forman parte de estructuras tridimensionales en las que hay
otros marcos que . impiden que se salgan del plano que ocupan
originalmente, en el que suelen estar alojadas todas las cargas.

Formas de falla. La falla de un marco rigido puede ser parcial
o de conjunto. '

"Se .presenta una falla del primer tipo cuando se agota la
resistencia de alguno © algunos de los elementos que lo forman, viga,
columna o conex;on. La falla de una viga puede ser por inestabilidad
(pandeo lateral por flexotorsién o pandeo locsl) o por formacién de un
mecanismo con articulaciones plasticas*, y una columna puede fallar
también por inestabilidad’ 0 porgue se agote su resistencia al formarse

* Aunque penos frecuentes, son también posibles las fsllas por cortante,
y las deformaciones excesivas constituyen en muchas ocasiones el limi-
te de utilidad estructural.
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una o mads articulaciones plésticass; una conexidén falla cuando apax ece
una discontinuidad lineal o angular, producida por fracturas o
deformaciones locales excesivas, que hace que el comportamiento de los
elementos que llegan a ella sea di_ferenté del supuesto en el andlisis.

Aunque una falla parcial, sobre todo de una columna, -puede tener
consecuencias graves, no suele ocasionar el colapso totsal de la
estructura, pues el alto grado de hiperestaticidad de los marcos
rigidos, sobre todo los de tres d1mens:lones. hace que haya diferentes
trayectorias posibles de transmisién de cargas, y cuando un miembro no
trabaja se produce una redistribucién que 1lleva las cargas gue le
.correspondian a los elementos cercanos.

£l disefio de marcos rigidos siguiendo métodos convencionales se
basa prznc1palmente en evitar fallas parczales, ya que después de hacer
el andlisis y determinar los elementos mecdnicos en cada uno de los
miembros. é&stos se dimensionan para evitar las formas de falla
mencionadas arriba, presta poca atencién al trabajo de conjunto de la
estructura. ¥

Ademds de las parciales, pueden presentarse fallas de conjunto,
por pandeo o por inestabilidad.

Los marcos simétricos en geometria y carga en los gue ésta no

produce flexién primaria pueden fallar por pandeo, caracterizado por una’

bifurcacién del equilibrio que se presenta cuando las solicitaciones
alcanzan el valor critico; cuando no hay elementos exteriores gque lo
impidan el cabezal se desplaza lateralmente, pero si se evita este
movimiento cambia la forma de pandeo y la carga critica auments
considerablemente; éste es uno de los papeles principales del
contraventeo (Fig. 5.a). Si. en cambio, las cargas ocasionan flexién
desde un principio, -el colapso puede ser por inestabilidad. gque se
presenta eventualmente al ir asumentando: la magnitud de las
solicitaciones (Fig. 5.b).

Las curvas de la Fig. 5 representan las formas -de [falla
mencionadas; las cuatro corresponden a un mismo marco, pero I y II (Fig.
5.a) describen fallas por pandeo, caracterizadas por un punto de
bifurcacién del eguilibrio, mientras que en III y IV (Fig. 5.b) el
colapso es por inestabilidad, sin que haya pandeo. C

IIT y IV son ligeramente curvas desde el principio, a causa de
la interaccién momento-fuerza axial debida a cambios de geometria en el
marcoi su pendiente se reduce mas rapidamente cuando comienza la
plastificacion del material, y se anula cuando la carga alcanza el valor
méximo; la rama descendente corresponde a estados de equilibrio
inestable. ’

Diseiio. El disefio de un marco rigido consiste en la
determinacién de los perfiles necesarios en vigas y columnas, en el
proporcionamiento de las conexiones entre ellas, y en la revisién
posterior del conjunto para asegurarse de que tiene un coeficiente de
seguridad adecuado contra el colapso por pandeo o inestabilidad y de gue
su comportamiento bajo cargas de trabajo es satisfactorio. Si el marco

11



- 12 -

tisne rigidez lateral .elevada, propia o proporcionada por contraventcos
o suros de cortante, el disefio obtenido al considerar los  iiembros
aislados suele ser correcto, pues la Unica falla de conjunto posible es
por pandeo sin desplazamientos laterales (se estd considerando que éstos
son tan pequefos gque la interaccidn carga vertical-desplazamiento no
afecta significativamente la resistencia de la eStriuctura); ‘en cambio,
si es poco rigido puede fallar por pandeo bajo cargas predominantemente
verticales, o por inestabilidad bajo cargas verticales y horizontales.

La revisién de los perfiles preliminares obtenidos para un marco
que falla por inestabilidad cuando actlan sobre él cargas verticales y
horizontales combinadas puede hacerse trazando su curva carga-despla-
zzmiento. - '

Curvas carga-desplazamiento. El comportamiento de conjunto de
los marcos rigidos que fallan por inestabilidad bajo la accidén combinada
de cargas verticales y horizontales queda representado, lo mismo que el
de los miembros estructurales aislados, por sus curvas carga-despla-
zamiento, es decir, por la relacién entre la intensidad creciente de las
solicitaciones exteriores y algin desplazamiento resultante signi-
ficativo.

Las caracteristicas de la curva dependen de 1la geometria y
propiedades mecédnicas del marco y de las cargas, incluyendo la manera
en que se aplican.

Para que la relacidén carga-desplazamiento sea (nica y a cada
problema le corresponda un solo resultado final se requiere que las
fuerzas exteriores se apliquen lentamente, de manera que su efecto pueda
considerarse estatico, y que sus intensidades guarden una relacidn
ctonstante durante todo el proceso; es decir, la estructura debe estar
sujeta a un sistema de cargas que crece monotcnicamente y en forma cont-
inus hasta que se alcanza la resistepcia maxima. Debe supeonerse,
zdemds, que inicialmente es eléstica y esté libre de esfuerzos, y que
na hay inversién en el signo de éstos, en ningin caso, en el intervalo
plastico.

Estas condiciones no se cumplen en las estructuras reales, pero
__permiten simplificaciones importantes en los métodos de anilisis y
llevan & la obtencidén de cargas de colapso que son, aparentemente,
conservadoras*. ‘
Una curva como la IV de la Fig. 5.b, trazads tomando como base
~los perfiles obtenidos en el disefio preliminar, contiene buena parte de
la informacién necesaria sobre el comportamiento de un marce que falla
por inestabilidad lateral, pues ademds de proporcionar su resistencia
céxima permite determinar el desplazamiento correspondiente a cualquier
intensidad de las solicitaciones y da una medida de su capacidad de
absorcién de energia. Conocida la curva carga-desplazamiento se puede

______________________ reivaleA-thric B3 L

* En estructuras reales hay ocasiones en las que no se considera que to-
das las cargas crecen proporcionalmente: en el andlisis sismico de -
edificios se supone, de acuerdo con la realidad, que las fuerzas hori-
zontales se empiezan a aplicar cuando ya actlan las cargas verticales
completas. )
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determinar el factor de seguridad de un marco con respecto al colapso
y la magnitud de los desplazamientos que experimenta bajo cargas de
trabajoi si el primero o los segundos no son aceptables deben cambiarse
sus caracteristicas, ajustdndolas hasta que la curva indique que el
comportamiento es el deseado.

Aunque tedricamente conviene conocer la curva PA de toda
estructura gque falle por inestabilidad de conjunto bajo cargas
verticales y horizontales combinadas, su obtencidén es en general
complicada, o ain imposible, por lo que en la mayor parte de los
problemas reales de diseilo se recurre a métodos aproximados para
determinar la carga de colapso y las deformaciones producidas por las
solicitaciones de trabajo. '

Marcos contraventeados. Los marcos provistos de diagonales de
contraventeo constituyen una forma eficiente de resistir fuerzas
laterales. Son mucho nmés rigidos y resistentes que los marcos no
‘contraventeados, pero -ocasionan, con frecuvencia, restricciones en la
operacion de los edificios, por lo que suelen usarse los dos sistemas
combinados.

En la Fig. 6 se nuestran algunos posibles arreglos de las-
diagonales. £En todos ellos se busca que los ejes de los miembros,
vigas, columnas y contraventeos, Se crucen en un punto, por lo que estos
sistemas se conocen como marcos provistos de contraventeos concéntricos.

La gran rigidez y resistencia de los marcos contraventeados hacen
que se minimicen los danos, tanto no estructuragles como estructurales,
producidos por los temblores; sin embargo, hay algunos problemas,
relativos al comportamiento de las diagonales bajo carga ciclica. Sobre
todo, se han observado compeortamientos bastante pobres cuando se emplean'
Unicamente miembros en tension para formar al contraventeo. Por
. ejemplo, cuando se usan contraventeos en X, una fuerza sismica intensa
en una direccion ocasions un alargamiento de una de las diagonales
pientras que la otra, incapaz de trabajar en compresién, simplemente se
cuelga, sin aceptar fuerza alguna. Cuando, en el siguiente ciclo de
carga, vuelve a aplicarse la fuerza lateral en la misma direccidn, la
diagonal que se alargé en el primer ciclo no ofrece ninguna resistencia
hasta que se restira, y entonces vuelve a alargarse. Esto da lugar a
ciclos histeréticos aplastados. como los que se muestran en la Fig..7,
en los que se observan grandes desplazamientos laterales producidos por
incrementos muy pequenios de las cargas, lo que hace que .el sistema
absorba y disipe una cantidad reducida de la energia que recibe durante
los temblores. ' Paras evitar este comportamiento inadecuado, los
contravientos deben arreglarse y diseflarse de tal manera que cada
diagonal que trabaje en tensién esté acompaiada siempre por otra que
resista las fverzas sismicas trabajando en compresién.

Alln en este caso los elementos de contraventeo han de disedarse
con cuidado, pues en estudios de laboratorio se ha comprobado que la
resistencia en compresién de los miembros sometidos a cargas axiales
ciclicas, que producen tensiones y compresiones alternadas, disminuye
drésticamente después del primer ciclo de carga. Por este motivo, en
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las reconendaciones tentativas publicadas en octubre de 1985 por el
Comité de Sismologia de la Asociacién de Ingenieros Estructurales de
California se indica que los elementos de contraventeo deben tener uns
esbeltez L/r no mayor que 6040/ J/ Fy (120, para acero A36), y que su
resistencia en compresién axial debe reducirse multiplicando Ia
correspondiente a carga estitica por un factor de carga ciclica, menor
que la unidad, que vale 1/(1#(KL/r)/2Cc)y o-1/(14(KL/r)/252.2) para
- acero A36. (Para este acero, el factor disminuye de 0.93, cuando KL/r
= 20, a 0.68 para KL/r = 120). Ademds, se indica que todos los
elepentos que forman parte del contraventeo han de disefnarse tomando
como base esa reszscencm reducida, lndependzentemente de que trabajen
en tens;on o en COIHPI'ESIOD.

Marcos con _contraventeos excéntricos. En la Fig., 8 se muestran
cuatro marcos provistos de otros tantos tipos de contraventeos
excéntricos. Las fuerzas axiales que aparecen en las diagonales, como
un resultado de las acciones sismicas, se transmiten a las columnas o
a otras diagonales a través de un tramo corto de viga, llamado "eslabédn
" activo", que trabaja en flexidn y cortante. Escogiendo adecuadamente
su geometria puede lograrse que un marco contraventeado excéntricamente
tenga una rigidez eldstica muy cercana & la de marcos similares
provistos de contraventeos concéntricos y que, por otro lade, los
eslabones activos se deformen inelésticamente durante temblores severos,
absorbiendo y disipando, energia de una manera anéloga a la de los marcos
rigidos no contraventeados. Se obtiene asi un sistems estructural que
posee caracteristicas favorables de los dos sistemas, y Qque puede
satisfacer, en forma eficiente, los dos requisitos' de rigidez y
ductilidad caracteristicos del disedo sismico. '

La capacidad de los eslabones activos de disipar grandes
cantidades de energia durante sobrecargas extremas es de importancia
critica psra la ductilidad de conjunto del sistema estructural; se ha
encontrado, por medio de estudios de laboratorio, que los eslabones que
fluyen principalmente en cortante son:nds eficientes que los que fluyen
en flexmn.

" La eleccién de las excentricidades constituye uno de los pasos
mas importantes en el disefio de marcos contraventeados excéntricamente,
pues de sus valores depende tanto la rigidez eldstica del marco como la
demanda de ductilidad en los eslabones activos.

En resumen, los marcos contraventeados excéntricamente son
” - » - L4 -
estructuras ductilés en las que- las deformaciones inelasticas se
confinan & regiones en las que no afectan de manera adversa la
resistencia y estabilidad de conjunto de la estructura.

Los contraventeos, las columnas y las vigas, estas yltimas en las
zonas que no forman parte de los eslabones activos, se disefian para que
permanezcan en el .intervalo eldstico, y no se pandeen; précticamente
toda la actividad - ineldstica se concentra, pues, en zonas escogidas,
disefiadas y detalladas especialmente. El resto de la estructura se
dimensiona para que resista, trabajando elésticamente, las
solicitaciones que- -aparecen en ella mientras los eslabones activos
fluyen plésticamente, las que se determinan estudiando el mecanismo de
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colepso del marco; posteriormente se revisa su comportamiento bajo
cargas de trabajo, utilizando métodos elésticos.

MUROS DE CORTANTE Y MUROS COMBINADOS CON MARCOS RIGIDOS.

El empleo sistemdtico de los muros de cortante se inicié poco
después de la terminacién de la segunda guerra mundial: en esa época se
empezé a construir gran numero de edificios altos por lo gque se buscé
un sistema estructural capaz de resistir las fuerzas horizontales de una
manera mas econdémica que el marco rigidos qQue al mismo tiempo limitase
adecuadamente los desplazamientos laterales de entrepiso.

Los muros de cortante se utilizaron por primera vez como
elecentos para proporcionar rigidez y resistencia ante fuerzas laterales
en conjuntos habitacionales construidos en la cjiudad de Nuveva York en
los dltimos afios de la década de los cuarenta, y tuvieron un Iimpacto
importante en .los edificios altos. Los muros, que trabajan
simulténeamente como elementos para resistir cargas verticales, como
muros divisorios y como eficientes contraventeos, se han convertido en
un elemento estructural bisico .en edificios de altura media, al grado .
de gue en la actualidad es rara la construccién de més de 12 a 15 pisos
gue no los utiliza como elementos principales para resistir las fuerzas
horizontales.

Los muros de cortante no pueden usarse con libertad cuando las
barreras que forman crean problemas de funcionamientoi cuando ésto
sucede, como es comin en edificios de oficinas, se pueden emplear
sistemas estructurales constituidos por marcos rigidos o por una
combinacién de éstos y muros de cortante o contraventeos en diagonal.

En edificios de oficinas de pocos pisos o de altura media se
suelen utilizar marcos rigidos combinados con muros de cortante o
contraventeos en diagonal que se colocan en los linderos o alrededor de
los niicleos de servicios, donde no ocasionan problemas de operacidn.

Cuando se utilizan muros de cortante y marcos rigidos en un mismo
edificio, los sistemas de piso han de disefarse de manera gue actuien
como diafragmas horizontales, capaces de repartir las fuerzas laterales
entre los elementos verticales resistentes, en proporcién a sus
rigideces. -los pisos de concreto reforzado suelen ser capaces de
desarrollar ese papel sin dificultad.

La estructura de la gran mayoria de los edificios altos actuales
estd formada por una combmaczon de marcos rigidos y muros de cortante
o contraventeos, en la que .los muros de los nicleos de elevadores,
escaleras 'y servicios, o© los contraventeos colocados en esas zonas,
trabajan como elementos rigidizantes, complementados con frecuencia con
muros o contraventeos aislados adicionales, colocados de manera gque no
interfieran con las zonas en que se necesitan dreas libres grandes.

La capacidad de absorcién de energia de un sistema con muros de

cortante es menor que la de una estructura compuesta s6lo por marcos
rigidos, lo que hace' que las fuerzas sismicas de disefio sean mayores en
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el primer caso que en el segundo, Sin embargo, esa desventaja se ve
compensada favorablemente por 1a mayor rigidez del sistema y porque los
murcs combinados con marcos resisten las solicitaciones horizontales en
forma més econdmica que los marcos solos.. Quizéd no sea exagerado
afirmar que en edificios con alturas comprendidas entre 10 6 12 y 15 6
20 pisos sblo pueden obtenerse soluciones econémicas empleando muros de
cortante o contraventeos en combinacidn con marcos rigidos.

e v | o — -
——

" {a) Column-and-beam (b) Instability under - ol “{¢) Instabilityina |
zusembly, .% 7 horizonta loads. wall-and-plate
- - - assembly.
Pa— ¥ ">

(d) Three basic methods of assuring the Jateral Stability
of simple structural assemblies: dizgonal bracing,
- shear planes, and rigid joinis

FIG. 1 -
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Curvas cargadesplazamientio de marcos que follan por pandeo y por inesiabilided
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Arrangements of Bracing Systems

“FIG. 6 Armangements C
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. AcERo  (RDF 87)e
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3, RESTSTENCIA

. 3.4 MTEMBROS EN TENSION
, 32 MTEMBROS EN COMPRESTON
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Jo EFRCTOS DE CARGAS VARWBLES REPETIDAS (’Fnﬁea)'
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Do OTROS METALES
1o, EJecuCidN DE LA OBRAS
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ConsIDERACTONES GENERALES

. » r
cRiTERlos DE DISERNO. EL DMENTONAMIENTO SE EVECTLARA
STELIENDO oS . <RITERIOS RELATIVOS A ESTADCS LIMITE BE FALLA Y
TE SERUCIO GLE ST ESTABLECEVW BN EL TIJoLo VI DEL ReaLpuewyo.

, Se VEouTTEN PRoceENTATEN]OS  MTERNATIVOS RUE PROPORCIOUED, A
JUTCTG DELL DEPARTAHERTO DEL D.F, WIVELES DE SEGURIMAD WO
HENORES QUE ot GUE SE OBTIENEN <ol LA NTC. Y EL ReGLaMzbIo.

BB 2 RZS,

DubE REuSARSE OUE SE CUMPLE ESTA conbIION PARA loy EDOS. JHITE ne
'FALLA‘.-cowesPoub?aor.es . TOBAS . LAS. COODICTONES . DE_ CADGA.DE ‘\’uTEDQS‘, Y &LE
SE SATISFACEU TAUBIEW  LOS Encs. Tuite DE €SsERUio Phopios el PROBLE WA
R =sTublo. |

165 UALORES DE LAS RCCTOMES, U coudTRACTONES ¥ LOS FACTORES BE
CPRGA (2° HIEMRRO BE LA EXPRESION % e TonES DEe DRERNG) sE #?jqu e\
EL TiTuLe VI DEL ueéuau—anro; HTELTRAS QuUE EN LAS NTC SE estTRPuLAN
fol -’FACTOIZES T Dss?syeuda Y lot PDQCEB?ATE\D‘(OS PHRA ENMLAR LAS
DESISTENCIAS WOMTRALES DE 1ot . ELEMENTOS MAS coMUNES EW ESTRUCTURAS
netALieas ((* mlenspo & ReslitenciAs be ene).

TiPog »E ESTRUCTLURAS ¥ METoDos be awiusls

goTRucpuRAS Tibo L (EsTR. conpivuns, naveos Thatnot)

EsThuerueas TIwo 2 (cousxionES IRDES ANGULADLIENTE )

LAS ESTOUCTUDAS DE CUALQUIERA DE Loy Dol Tivos PUEden  A0ALTRRSE
BRSTICAMEN(E. LhS DEL Tiho 4 Pusben muelizAtse TALBIEN OTRR2AMNS
HETOSOS  PLASTICES, ;PEQo PARA EUO B peces.m?c;. RULE EBL unree?hL TeNGA
CARACTER\STICRS .QEcEp?cp«s ABECLADAS ¥ RUE %E EVITEL FALLAS PlelATuRAL
POl PANBEC, LXAL, LAJERAL © BE cowjunfo » O e TiFo FRAGiL.

BN LAS ESTR. TiPo 1, ALALTZADAS ELRSTIcAMEDTE, St pEMI(E  bedRTolaodh
loS MOMEWTOS OBTEWIDOS DEL AUALISIS, 7 SE CoMPlEl) CRLTA ReQ@UItT{ol QUE
SE  SSTIPLLAY EN LA WIC. ' 99



lp20PTEDADES GEOMETRICAS

AREAS DE L3S SECCTOLES TRAWSVERSALES. SE DEFINEN ‘AREA TOTAL,

‘Abea NETA" Y AREA. M:TR EFECTIVA® DE LN MIEMBRO, Y SE TubdcH
CcOMo DT T—e,rzmwmz\.ns, S

-

BL "AREA WE[A SE 1EFIERE A EFLEMEWN[OS <om AGUIEROS, ‘?a\?A REMACRES
O TOLMTLLOS, ¥ EL #ADIA OETA BFECTIVA” A& LA HARERA BN QUE LOS
MizHBoeS BV TELSTOW ESTAN CONECTADOS coM EL RESTO S LA BSTRUCTURA.
Y A LA FORMA BN QUE SE. TRANSMITEN LAS FUERZAS QUE O3RAN EN
, ELOS.

ESTARILIDAD Y REWCIOUES IE ESDELTEZ. 28 BSPECFICAN ARSY
REQUTSITOS. DE CARACTER GEMERAL PARA . ASEGULRAR LA ESTASTLIDAD DE LAS
ESTRUCTORAS €W COLBUNIO Y LA DE CADA UVD DE 39S ELENER{OS.

SE DEFNE DELACCY DE ESBELTEZ PARA WEMBRROS TN (COUPESION o

EN TENDIOU, ¥ SE TODIIA COMO  CALCULAR EL FaCToR DE LONGITOD EFECTIVA
DE LAS COLOMUAS, PaRA Lo CUOAL SE COVSIDERAN TRES CpaoS, (DUE DEPELDREN
DE La§ CARRCKERSTICAS GELERALES DE LA ESTUCTLRA DE LA QUE VOUXA
. PATE EL WenBio Qe SE EBSTA BIERANDO ¥ DE LAS coudiciones BE
SUJECtO}J TR 505 EXIREHODS L e e e -_ )
Q) WIEWMBROS Con TREMos Fiios L«mem_uewre (« &£ 1.0).
B) MTemBhos EL. ot QUE _PUEDED DESPRECTARSE. oS EFECTOS DE
£$RELTEZ DEBIDCSS a bES?Lthmeu\'o.& LBEALES DE Sug E)ch‘:-.ELloS
(K £Lo). - . o o =

c) HIEMBROS En 1os RUE vo PUEREN DeSPRECTAMBE LOS EFECTOS
_ALTERTORES (K 710N |
LA cotunuas DE EATRLLTLRAS REGULARES SE EucuEnTh;n BN EL CASO b

CURNDD SE CUONME LA .CoUDCTOW

Q_L 008\/

b z2P

A ES EL DESPLAZAYENTO RELATVO ITE LoS WIUELES uE LTaiTAv EL

EV[RERTSO €N ESTUDIO,.h LA ALTORA DE ExSWE?'\So, V LA FUER2A CORTANTE
EN EL ENTREPISO ¥ ZP EL PESO TO[M. DE LA constRocciSN Pok EncPuf

De El. B ’4



. EN EL CALCULO DE LOCS DTSPLAZAMIENTOS SE ToMA BN CUelia LA
B°2IDE2 DE ToDOS LOS ELEHEN[OS QUE FORMAN BIRTE DE L ESTRUCTLRA.

LA EXPRESION RITERTOR SE APLICH A ENTREFSOS coUMLETOS, NO A Hppce
. 1

AISLADDS. ...

AL FINAL DE ESTE CRPITULO SE PROPORCTONAN RECOMENDACTOLES DE CARACTER
GZVERAL PAVA EL DEERO DE  UAXoS CORNTRAVENTEADSS Y DB HARES SIN

CCRTRAVENTED,

RELACIONES AMCHO /GRUESO ¥ PANMDEO Lochkl

LAS SECCTONES ES[QUCTURALES 3IE€ CLATEICAN €% CURTRO TTPOS, 2N FONCON BE
L1S . RELACTONES . ACHD /GRUESO, MAXTMAS DE. <Sus ElEMENTOS BLANOS QUE TRARWR{AN.
Evi COMPRESION AXIAL, EN CORPRESISN EFIDA A FLEXON © BN FlLexocoMbhestdn.

.. LAS sSEccTones Tieo 4 (StEcclones Path BiseDo PLRstico) Pueben Alcanzae

FL MOMELTOD PLASTICO ¥ CONSERUARLO DuRANTE LAS DOTACTONES LECESADIAS PARA™
LA RERTSTRIBOCION DE MOMBEWMYOS &0 LR BSTOUCTORA= . . ol il

LAS SEcclonNES TiPo 2 (SECCTOMES CoMPACTAS) PUEDEW -ALCANZAR EL MONEMTO

PLISTICO, PO MO TIELEN CAPACIDAD DE LoTACION B“Eo HOUENTD CoNSTANTE
DT ESA HAGNITUD. - , !

LAS SEcciones Tiko D (SEC. WO COMPACTAS) PUEDEN RAICANZAD EL HONEOTO
CoRRESPOUBTENTE A LA TOTCTACIEN el RLI0 BLAsTo.

__1AS SExionES Tiko 4 (SEC. ESBELTAS) TTELEN conp EDo. (Iutite DE QESIST.

EL PANDEC LoCAL BE fLGUMND DE LoS ELEUMENTDS TANOL Gl LAS COMEOUEN.

LOS Epos. LIMITE DE DRESTSTENCIA Sont
SEC. T'Po {. DESARDOLLO BEL HOXERNTO BASTICO BN UIGAS v DEL Hou. Bistico
GIDUCIDO PoR TOMPRESTON EN RARRAL {rt.r:xocou?n?u'-ms. Con CAPACTDAD DE Toracioll
SUFCTENTE . PARA SATISFAXER Lou Qecqo?s?'rc,s_bEL_Ap,psLTstg;._ PLRSTICO. ]
SEC. Tfho 2. IGLUAL ®UE LAS Tivo i, Pedo sty REQUISTIO! D <hPAcinAD DE BoTACow
SEC. TTPo D. DESARROLLD DEL MOLEN[o coRRESFOUDIENTE A LA TTTACISN DEL
nu‘jo 'PL?\S.‘[TCO EXN VGRS, © D £SE MONENTo REDLCIDO Yok FLEXCCoUPRELTON
EV TBARLAS FLEAOCOUPRTHIDAS,
Se¢. Tipo 4o PANMEOC Lochl DE MGOlo DE oS ELEUENTES PLALGS QUE LAS
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ShCION DE LA TESTI{ENCIR _DE XEDO _DE SEC. Tro 4 (t;gz_c-_n___-g_.:_{__s)

ELZ-EVTOS PLANOS O ATIESADOS. BL LR BE(ERMINACION DE LA PHIUTERCA

DE DISENO DE BLEEHEUTOS PLaNDt NO HTTESADOL cOoHPRlMIDdOSL, & TeLacidN

ANCHO / GRUESD HAYOR QUE EBL LIMITE CORRESPOLBDIENTE A <SE. Tivo 3, 4 €0 LA DE

MPCUBROS ESTRUCTUBALES QUE COVTIEVEY ELENENTOS PLALOY DE EITE TiPO,ERE
. k4

$HELLMSE LY FACTOR DE REDLAION Ry, RUE SE CALCULA cono sigue o

3) PAZA AVGULDS ATSLADOSS

=0 C4Q/JE3- { b/t <i3°o/\[?; s -Qs._._ 1.300 . 0.c00%3 (!b/’c) JT—:; ('2.3_1l)
2 b/t > oo /Ty, @ = L o0 coo/[w (b/)'] (23.2)

b) PARA ANGULOS © Plachs QUE SOBRESALER DE colvMups O oTRa! WiELERDS

COMPRTHIDOS, ¥ PARA PATINES <oMPRIMIDOS DE ULIGAS Y TRARES ARMADAS S

st 83c/NF (bt (1470, Q= L.4ls-o.c00s2 (k}/t);/?; (233)
st b > uic/VFy, Ry= Ldooroco/(Fy (b/6)] - (2.3.4)

ELEWMENTOS PLANOS ATTESADOS, Ew LA DETERMIIACION DE Lis PRoPledades
GEOMETRICAS UECESARIAS PARA CALCULAR LA RESISTERNCIA DE DISEDO DE Hiemieos
ESTROCTURALES QUE CoL['ElEN EBLEMEN[OS PLANCS ATIESADOS coMeRiMibos De
RELACIGN ARCHO/GRUESO MAYOR RUE EL. LIMITE. CORRESPOUDENTE A SEC. Tipo 3,
'BE.BE-: OTVLIZARSE LN Aancre EFEC.T\'\JO REDLA DO be_, QRQLVE SE CchlaoA 2

3) PARA PATOMES DE SEC.CUADRADAS © RECTANGULANES HWUECAL, €O PAREDES D &RUESO

UNIFORHE &

_ be= .'”305[{_ i“O_.J £ b (23'5)
Je _ (sre)de) - g -
B) Patz'g CUALQUIER otko ‘ELEQEQYQ PLAMD aﬁes&bo CoA'PQ?H‘:bDA u&?onusueore 2
- b, 21t [5_ 430 ]{__ b , .
V¢ (5/E)F (3.0)

Byt sow L AOCHO Y €L GRUESO DEL ELEHENTO <OMPRIHIBO; b, L ANcro
EFecTiVvo REDLEDO, ¥ § es EL BSFLER20 BE COURRESTON &N EL ELEUEN(o '
A.ﬁgsﬁbo, PRODUCSDO POl LaS Sol<i{pciones be DTselo, BAsADO &0 (AS
PROPTEDADES. GEOHE::"'Q?CFq?»Q-‘UE SE EWBPLEAN Takh CALCOLAQ Lh Q.ES?STEDC?B
DE DisTDO DEL ELE HEWTO EQTBUC.TUDHL PEL QUE TOoRuM PARTE.
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EL FAC{OR SE ATEA Ry TS EL coc‘?c—:u‘& SEL ADEA E?Ec.ﬁun DE Lz sacdég
ENJCE SO AREA TOTAL , ¥ EL AREA EFECTIVA ES TGUAL A LM TOTAL MENOS LA SOMA

s weabuees (b-be)t De Topos Los ELEMEw]ES Plavos ATTESANRS GUE
HAYA EB LA sea:?ém.

- ser_c.\oues FORUADAS POl a.eweuyos PLANDS ATIESADOS Y ELEueuros BLANoS .

S p.p'esabos.Eu LA deETeeUTNACION DE p RESTSTENCA IE MSeho e HcEHBQox

CUYA ST CG\O)O TQP-KSSU'E:QSN_ CORTIELE . BUEHELTDS PLANOS Mo ATIESADOS Y
‘ELeucu'{os Planch AESADOY \D‘E\:’,\).Eue BL FACTOR R=QsRa. EL esoeReo b
Ruve SE. opuzh ER LA BC. 235 & 2.3.6 PARR CALCULAQ EL MXHO EFECT VO
be DE los ElEMenTos | PLANDS RTIESADOS No TTEME QUE e HAYOR Que €L
PRobLlo R Fy DONDE R, QUE € CALCULA Cou LA BC. 2.3.3 6 234,
CORRESPONBE AL ELEHSHTO Mo ATTESADO RUE TReweE w Mhob RELAGSN b/,

BE"S?‘S'[E'.H cSA

En ESTE' CADTTOLO Se ?QoPor;c?ouan FémAuLns Y PEHOHENDACOLES
PARA DETER AR LA RESTSTENCIA DE DISENO DE HMiEMIROS DE ACERS
HTRLCTVRAL Y DB MTEHBROS CONPUESTOL, TORUADOS Pob PERFILES DE
ACERO RUE TRABAJAN En CON]ON[O COn ELEMELOS DE COLCRETO
REFORZADO o Cow RECOBOTINELTDS © RELLEWOS DE TSR HATENIAL,

SOHETIDOS - A LAS  SoliciTACIonES HAS . COHOLES BL ESTRUCTURAS RECICULARES.
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PALTES QUE DE2EN COMPONER CADA LNO DE LOS CABITLLDS

DE DENVO E ELEMEN[OS ESTRUCTVRALES.

I. Es\‘nboé \_‘\'ﬁ?TE e ?n\-evﬁs, TAN]C IE TALLA

come D= SERVICO

Ilo COMBINACTONES DE CARGR RUE DEBEW cousipERAMRSE

AL ESTORTAR CADR ESTADO LIHITE. FACTORES DE
CARGA.

11T. . FORUULAS Y PROCEDTMTENTOS PR DETERMINNE LA

VL

Eas?syewc‘?va DE DBENO c'oﬁ@&%?‘bbh?ex)ﬁ. A
CADA. ESTADO LIMITE DE FAWA. FACTORES DE
RESTSTENCIA. "

METODOS PARD REUISAR Lh ESTRUCTURA EN

CONDICICUES DE SERVICIO.
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MIEMBROS EN TENSION

I57ADOS LIMITE, St ConsideERARAN LOS ESTADOS LiMiTE DE Flujo

pLhsTico Ew LA SECCTON  TO[AL Y DE FRACURA EM EBL AREA NETA,

RestsrEncis De BISeRNg. LA vestsiencdh e BMseo Ry m ow

ELEMENTO  EsS{RucToRAL &0 TEUSTEN ES LA Mewok DE LS

STGLIEVTES %

3. EsTado LWMITE DE FLujo PASTico & e SECCTSD Toral t
h. E<VAdo LIMTTE DE FRACTURA EM LA SECCTON NETA 2

Tp=01, R =A TuF,

At ES EL ADEA ToTAL DE LA SECCISN TRALSUVERSAL DEL WIEWRRO,
Ae so AneA NETA EFECTVA, Fy EL ESFUER20 B EL LWNSTE TuFERIOR
DE FLUEMCIA DEL MATERTAL . v Fu SU ESTUEDZO WINTMo  ESPECIFCADO M

RupToha EW TELSTON. Fp BS BL FACTOR DE ITSWILUASABN DE (A WESHTEWCRa



L.”\?ZHBQOS e COMPRESION

ESIaDOS LIMITE. PARA EL DFSERNO DE MIEMBROS CoMPRIWTDOS HECHDS
Cow seciouEs TiHo (,2 03 SE cowsipeRARA EL esTAdo LIMPTE DE
Prulzo Por FLEXu; BN SEcCToNES TiPo 4 SE coustheraek, ADEMAS, -
€l EDO. LIMITE = Paudeo LochL e E't;) COLOMPAS DE SECCTAW TOANSUERSAL
Con UNo © Winatu E__\E e 'EnHETQ\B Como A\»JGDLDS o TES, o Con

Lol E‘SES e shwETRIA PERo BajA latbe2 Top:s'oum_, CoMo Las SECCIONES
EN VFoRMA DE CRUZ O LAS TORMADAS Pol PLACAS DbE becqoetso ESPESSH,
SE TENDRAL ER CUENTA Tnne:\’é'w;a Lot ESos. LTH?TE DE \;mom?o ToR
‘FLEXDTO'\Z:TE:U Y Yok Toosiow.

BN COLUMNAS COMPUESTAS, DEL Tiro DE Lps TORMADAS Tok CLATRO
AnGulos LSGADOS ENTRE Si Pok CELOSIAS, SE ConSTDERARAN Los Edol.
LwTTe =L H‘?EHBQ;;.C,OM?»LETO Y DE cAdA UVC DE Lo§ ElEHELTOS |
CoMPRIUIDOS QUE Lo FORMAL. .

PESISTEMCTA DE DRSEDO. LA RESISTEMCIA DE DSERO B, DE 0N

ELEMELTO TATRLCTLRAL DE ‘E:\E RECTO Y IE SECCION TQP.L&S\JEI-MHL. CousTANTE
SoveTido A cOu;Po.E-sT’Su AXIAL OE DETERMTVA Como SE THDICA &
conTiuuactSw  { PRESZUTARE Wos ARV SéLhuEpTE LAS EORUULAS GYuLE
CORRESPONDZL A TciOnES TiPo 1 25 d; Ev LAS NTC SE  CUBREN
TAMBRIEN LAS SKCoLES Tibo '4).

E5Tabo LTHSTE X PAVBED Pol FLEXTGU.

a. MEmnDos DE SECCIAN TRABIVERSAL H O DECTAUGULAD RUECA
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A, €S ©®L RvEA ToraL dE LA SECCIOMN TLAVSUERSAL DT LA COLUMMA.

X Kt }%_ , Dowsz KLA ‘es LA DELHC.?&_-\J DE ESRELTEZ EFeCTIVA
=
e MAXIMA DE LR COLUMMAG

n E'IS LN COEF?Q?Eu-ge ADTMENSIONAL. , GQUE UALE 2

COLUMNA'S Be SEccION ThamsuveRsal H, LAMTUADAS © HECHAS Coy Tbes
PLACAS SOLBADAS, OBTEWDAS CORTANDOLAS Con @XGEMC DE PLACAS MIS
ﬁmcms, Y ColOMas e SEc;:?cSu TRAWSLERSAL RECTAVGULLAR RHUECAH, LAH?QJ:MS
© HECRAS Cou cuaTto PLACAS 'sou:mhm; QRuE CUMPLEN  Llos RERUISITOY DE
LA Secciones TiPo 1,2 & >z n= 14

COLUMNAS DE SECCISN TRAMIVERSAL H, HECHAS Cox TRES BLACAS LAMINADAS

SoLDADAS ENRE ST, RUE CUMPLEWD LOS RPEQRUTSPIOS DE LAS SECCTONEY

Tio §,20 32 - ne 1.0 :
Cuaibo EL VALOR IE Ty DEL AcERO ES 35co Ke/om? o mls, Poede L
OTTLFZARSE UALORES Ma¥oRES BE N, ST SE EFECTOR D0 ESTODNO ®UE LO JuSTFRRUE.

ELMBOOS CUYA ST=ccidn) TRAVSY TENE LR MA  CORLOOERR
b. wp 1Sy TeavsveERSAL TVE A_ToR ALOOIER ],

No fucLuingd EN Q. Fp = 0.85
SroKL/T X (ML), D. . 201 o0 AR, o
(ki/e)t ’ g
2
St WLje £ (uL D, = A,F [1;.(“. Za IR
/ { /r)c ? e F Myely Q_(kL/r): ©

(ki/e), = e380/JFy
KL/F &5 LA RELACTOL DE ESBELTEZ EFECTRVA MAXTMA DE Lh ColomwA ¥
(KL/F)C EL CMLOR DE LA MISHA -QUE SEPARA EL PAUdES £LASTIco el SHELRSTico.
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ES[ALO LMITE DE PANDEO  LOCAL. COMDO LA SECCION TRaosOERSAL . .,

HE LA cOLLMUA BS TWo 4, LA RESTLTELCIA BE MNENO ¢ SE DERTNA,
CURLQUIERA RUE SEA LA FORMA D LR SECCION, COMO SIGLE T

P WL/ed (ML/F) . Ben 2000000 A Fe . (324) - -
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ZCL(L/r)C

(KL/‘-):._. Co/NQF, ; K =035

En WiEMBROS DE SECCIGN TRANSUEDRSAL H o RECIANGULAR WU, Lot
VALORES DE R, CRTENTDOS conN WAg Bcs. 324 ¥ 325 NO DEBEN IEQ WAYCRES
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Q""QsQa
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lH?EMBQOS EN FLEXION
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-
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UN HMECANISMO
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FALLAS RESISTENCIA BN LA
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RESTSTENCIA_DE DIsTNO. Lh RESTSTENCIA DE DISENO, Mg, DE ONA UiGA O .
TURABE DE EJE RECTO Y SEcCiSN TRANSUERSAL COWSTAR[E Se DETERNINA

Coo SE TRDICA BN Lo QUE  STEOE.

MPEMBROS _SoPoR{Abos LateRalMENTE - (L£LL)

Pueps UTISZARSE LR Toomia PLRSTICA CoAvde Las Stctones Sou Tiee L v
LA DisTANCIA EWTRE Pon[os BEL PAfIN COMPRIMIDO  Sotca{abos LATERALHEN(E
. ~ - - L4 LY
WO EXCEDE DE Lp, BN ZONAS DE FORMACIONW DE MjclAcioneEs PLAATICAS

PSOCIADAS cou EL MECAUISHO D CoLAPSO.

Eccioues  Tiro 3% Mo 2 T 3% -_-.‘ oy .

EN SEC‘C?OHES’ T o H FLEXTOUADAS ALREDEDOR D& comLRUleen DE Sus EES
ceu\-uo?bm_es Y PofuciPaied PuEDE ToHASE LN VAR DE Hp CoMplENDIDO 'EurreE
ToMy v Fe My caLculade ‘Foi WTERPHACEW WHEAL , TESEudo By COEWTA QUE Esof -
VALORES CORRESFCWDEW, EE‘»?ECTTURMEQ\‘E, R EELAﬁou'e;s nulcuo/equSo DE Ly
Patives e 83o/NFy v S40/VE. | k

No Hay LIMITES E0 LR LonaTud SN SOPORTE  LATERAL Coawbo LA SEISM
TeawsueesaL s Tive {1,203, ctoculAl © CuRBRADE, WUECA c; Hhaclzd , © CoAddo LA
UiGA, CUOALGUIERA QUs_SEA Lh Totuh DE SO SECEGD wnnsuseéau, <E FLEXowh

ALDEDEDOR DEL E}e DE MEUOR MHousLlo DE TRERCH.
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Ew LAS EXPRESIONES ANTERIORES , T2 =020, Z ¢S Sow oy mEbues BDE st
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Tomabo Ty BN We/om? v Ty e cm, Lp se ouflene en om

Lu &% LA tonelyud MAXTMA MO SCPORTADA LMERAMUENTE Pagh LR RuE €L WiEMBRO
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uls ADELARTE SE DR FORUULAS PARA CALZULLARLA,
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Ew stclones I LAWIADAS O MECHAS Com Puacas, BE IEnTonEs ‘aEu‘ESgQTES
A LAS LAMDIADAS, PUEBDE TOMARSE ‘
M, =1 ’M:' *“: , Dowpe M_ - EAt M .. A.3EAQ
/ bu ( /‘-5)
5
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. RE3TSTENCIA DE DISENO AL CORTAVTE. LA RESTSTENCTA DE »isefo

AL coRpAnTE, Vo, DE OWA UlaA O TRABE DE EJE RECTO, ¥ SECAEN
ToAUSUERSAL CONSTANTE; DE SEccidW I,C o &N <A]dM, ES
No=FoV, =¥ AJFs
Fp 2020, ¥ Unz=AsFs ES LR RESTSTENCA WOMTRAL, BUE SE DETERMIMA
MoLTPPLICANDO EL RREA DEL ALUA '© ALEAT PoR EL VAloR DE Fs QUE CORRESTOWMR
AL chso EV COLSIDERACIDN. Ts se ATDHF\ DE LA ?‘t‘a'um DE LA holR SladiEniE.
PARA PO.DEQ ToMall <omo ESTAbo LTHT\'E LA T-'ALLR voR TEWSION DIAGOMAL. 5

LR Stccidn DEBE Tewel OLA .Soth ALMA (ScTones T LAUINADAS © TORUADAS

Tow PLACAS) Y ESTAR TEFORZADA cou  ATIESADORES TRAWSYERSALES DTSENADOS

ADECOADANERTE.

E_. 5.0 ¢

— 3.0
| @Ry

A ES LA SEPARACION ENTRE ATIESADORES TRALSVERSALES v h EL Pepaye
DEL ALMA (DUSTANCIA TRRE  ENTRE ?nﬁnes}. ¥ es on coEFlcleELTe ST

TITHENSIONES.

2
¥ se Toms TGUAL B S.0 coando ofh BS HAYOR RUE 3.0 © QUF (?60).
- - h/t

Ern  AMAS DY ATIESADORES TRANSUERSALES, a/h = =0
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| Aizvaros FLexoconpeinipos

Es{p &S UWA DE LiS pAR[Es DE LBS NTC QUE HA EXVELIHENTADO CAvBiOS
€ MAYOR TMPORYIAMCIA. EN ELLA SE TRATA EL DTSENO DE HIEWBROS bE EIE
RECTO ¥ SECcTOL TRAUSVERSAL CouSTALTE, Con BoS EJES DE StheTela, SUEPS
A coMPRESISN ¥ A Ft.éx‘ic’:.n. BIAXTAL. ' |

_LAS. ESTRUCJURAS . SE. CLASIFICAN_EN_REGULARES €. LRREAULARES .Y SE.-. -
ProPoncToONAl UETODOS BE ARALISIS 1 DISEDO QUE 0o Son ARicaties A LA

PELERAS , AST couo ofbos METobos DE catleTen <EvcRAL.

HETODOS DE ANALISTS 4 DISERO. Los ELEMENTOS KECAUICOS b BisENo

PUEDEN OBENENRSE CoM Un AKLPSTS BE PoTuEe ORBEL, BAADS S LA
GECHETOIA INJCTAL BE LA ESTOUCTURR, © HERTALTE .UN ANALITIS DE SEGUMNO .
ORDEN BY BL RUE SE TOUEN EN CUED“(R, Como Wintuo, Los TuceEME W[OS DE
LAS TUER2RS Turc—:&nns PRODUCTDOS PoR. LAS CARG AS. VERTICALES AL ACTLUAL
SORRE LA ESTRUCTURKR DEFORUADA Y, CLALDO sEry STeteteaTuS , Lh TURUERCA
TE LR FUER2A AXTAL EU’ LAS RIGADECES. ¥ . FACTORES DE TRALSPOR[E DE LAS
Cé:LUuDAS ¥ EN oS nousEnosS DE EuPoTinﬁ?DTo, A%T Coud LO! ETecrot bE
LA PLASTIFTCACION Pakcibl DE LA ESTRUCTURAS '

LS FACTORES QUE 150 SE CONSIBDERAN. EW EL r-mm.\s‘s SE mcwven, nE
HAVERA mx:no.ecrn, BY LAS ToOMULASY DE DISEVO.

ESTADOS LIMITE . DEBEN CouwsiDERARSE LOS DS, LUITE DE FALR SIGUIENTES S
PANDEO DE cONJUR[O DE LN EWTOEFSO, BAO <ARGA VERTWAL.

Paubto TWDTVIDLAL DE OMA © MAS COLUHUAS, BAJO CARGA - VERICAL.

INESTARTLYDAD DE COMJUNTO DE UN EWIREPISO, BAJO CALGHAS UERTTCALES.. .
¥ RORIZOWTALES (oMRINADAS.

. FALLA _TodiyiDualL DE UMD © MRS coLouJJRS, Bp')o CA—O.GF\S UEQ‘(’&CD.LES ‘J'
Homzon{aLEs CoOURTVABAS, Pol NESTARILIDAD O PoRRUE SE AGOTE LA
ZESISTENCIA BE ALGUUA DE 3US SECIONES EXTRENAS.

PAMDEDS LOCAL.

DEBE COUSIDERMSE TAMBEN ON ESTADO TusTE DB sEeuiiio, BE
DEFORMACTONES. LATERALES TE EOTREPTSO.. _
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l-—M?EMBQO‘S _ FLEXOcoMPeimidDos

TS LNO DE LOS CA?TYULOS QLUE ®A EXPERTIUELTADO caudios b{:_ WAYoh
TP He |

Lhg EsTroTows SE <LAGFICaL =W "ReeulmEs B U TRVEGULARES, fobGRE
SE :wo?oéc‘(onau UE[OdoS DE AVALSIS ¥ DIENO QUE SAO Sou aDL?chLES
a LAS PE?.HEQRS. Op'as L\éyozsos sow DE catﬁcyae GEWE QL. A

St PERMITE €l AuRLTsls e PelMER © DE SEGLMMO CRDEN, ¥ SE Tudican
lod EFEClos QUE TEEEWD 'fbéLuTtsﬁ- TN é,s{'E. Se DA 0N UE[CDO APROLI MADO
Paca 2L AUALSIS DE SEGUADO ORIEL . DE ESTRUCJURAS PEGULARES.

ESTADSS LIMITE. DEREN CoustnE BASE (ot wSAdoS LTKPTE D AL STeOimaes s

PONDES DE Couju\)\;o DE o EW[RERO, 3&30 CARGA Voeo.ﬁ’cm-.

PALDES RIDIUIDUAL DE ONG O WAS COLUMUAS, 'Bﬁ;jo CQPC;'.Q \JEQ\'TCAL.

INESTARILDID DE coufodfo DE Ly BURESTIO, BAJo CadGAS VERTICALES Y
HORTZOWLTALES CoNBVADAS, |

Tallh ‘\;ub‘:u?bom, DE UNA O MRS céLuunAs,Blﬁo CRDGAS UEQ\‘TCALES ¥ Hoblz.
co»ﬂsémabhs,. Pol ?&JES’TP-B?,JND o PoRELE SE AGoTe LA Qa‘\’qaudn De

BLGUIA DE Sus  SECCIOWES EXREMAS-

DEBE_ ConsiDEURSE TAMBIEW ‘UN ESTAdo LIWNTE DE SERUICIO, DE IETCRMACIONES
LATERAMES DE ER[REPTSO.

DiMEUSToOLURAMTELRTO DE CoLyMmNAS EN ESTRUCTURAS REGULARES.

PEUTSIoN IE LAS SECCIOUES EBXTREMAS.

a) sEccloves ¥ipo 1 v 2. BN cady onO DE LoS EX[REMOS DE LA ColLMMLA

e SATISFACERSE LA Coudicia M
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q 0{ g
Sl e e
Mper |\ Mpey

Mpcx § Mpyy SN 1o% Hovenjos RESTEENTES DE DISERO DE LA tEciON
TLEXTCNADA ALEDEDOR DE CaPA UNC DE Lok Ejez CEVUTROIDALES ¥ PRIVCPALES,
CALCULADOS TEL(ENDO EW cLEWTA LA Fuew2h DE COMPRESN ¥ SUTCISEDOS,

EN CABA SO, RUE EL OPo NouEN[C €S NuLO

& TENE ALGUNO DE Lot UALORES  SIGUTELTES &
T

SECCIoNES  H ' - o = 1.60—-’[3/21_“13'
SEcCTOMES EN CAJON, CURDRABAS .. O = L3o- ?/QL“P o
CUALQUIER OTRA SECCION =40

R, M, YM Son LA FuERzA AXIAL DE DIEDO QUE OBRR €N LA CoLUMMA
Y Los MowmENJOS BE xSTsaIao TN EL Ex\'l}eud CoRNNDERADO.

=090, M, =Z Ty, MP\S‘:Zs’f:S,"Dj:At'FJ, ?:_'R,/FQPS. Lo tuniea
LOGRRATMO  NRTURAL. | ‘

st SE Towh X =10, L Ec 3.4.4 ST TRANSFORKA EBL

R _‘_o_gs‘Hw, L 260 Mooy Llo
‘FQ% Te MP" Fo MP3

ESTA ECUACTON DEBE U[TLT2H0SE CUAWDO NO SE CokexE o ¢ PUEdE
EMPLEANSE, CONSERUADORAMEN[E, BN VE2 De th & 3.4.4, BUN Concclendo O

b) SECCIONES Tivo 3 Y 4. EM CADA EX[REMD DEBE CuUPLRSE ¢

B M L My 2 Lo
}:Q?s Moy M\?.-j ‘

H'Q_‘ Y HDS SE CaLCULAN Fouo SE UDYCA EN EL Ch?*'{TULO hvid R‘Ex‘f'c‘;\),

PARA  MIEMBROS SoPoRTADOS  LA[ERRLMENTE.
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?SIGN DE LR ColumMuyh COWMPLEYA . . ...

a) SEccioves Tipo iy 2. DRBE SA(ISFACERSE LA CouDICTON

(.“hz)@.].(%)’ L lo ('—3.4.@)

Mucx Mucy

Mux ¥ Moy Son Los Houewyos DESISTENTES DE DUSEVO DE LA COLLMVA
FLEXTONRDA EN CAbs ORNO DE SuS PLALOS DE STMETQ’;Q, ReEDLADOS Pol La

PRzsEnciA DE LA FOER2A DE COMPRESION Y PoR PoUBLE PAUMEGS LATERAL.

™ ({- Pu) M%:F;,_Mps(i_%.c)

Ly =

® TPeue ALGUNO DE LOS UALORES steuienTEs 2
SEccloneS H %: 0.4-4-{34-"3/_1)_5_59, PAdA %. >0.3
- = J.Oo, PRRA B/D<KoO.y . . _-
SECCIONES BN CAION, CUADRADES B=134 dooo ?/(L/r)z AN
CUALQUIER OTRA SECION e %=5.0 et

D ES EL PERALTE TolAl DE Uh SECAON, ¥ B €L Ancio I Loy DATTAES.

Fp= C.950

s, N\:“ Y Htos SoW LA FrEbzA AXIAL D% b‘s-e.uo ¥ tos HouEn(os DE INSESO.

SE OTIS2AN STEMPRE LOS uou-enros BE Disedo MAxTMOS , AMbededod dE Lo

53@5 %X Y ¥4, AVUQUE LOs Doy NO SE PLEEUTEN €N TL MlMO EXTREMO DE

LA coLOMVAe

Mm ES EL VOMEWTO DESTSTENTE Dt DUERC PAR FLEXION ALREDEDSD DE X.

SE CALCULA coMo SE TODKA €N EL COR BE FESSH ©, EN RORUA AMIDKTUMADA,

con La BC. . M ;ﬁz[s.oq_("/f's)\/g Mo Mo, Fyr
' " 2650 T

Ve &5 WA ReslsTencs e DUEVS BN CoMPRESTON.

U (=30, LA EC. 346 SE TRANSTORMA ©W
* x .o .
g_ + Mox 4 M. 2io EsTh €c. SE UiLt28 Cuawdop Wo SE
< M FoMpy CovocE {3 Y PUEDE USARSE, DE UALEQA

CoVSERVADORA ; BULRUE SE couo2CAe
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b) SEcElovES TiPo 3 v 4. DeEsE cUMPIRSE LA _conriciow

1_?-'- + H“"" + “tw L 4.0
Be 7 Mo, | Mg

Mex ¥ Mey SE CALCULAN CoMO SE INDICA EW EL CAv. BE FLEXISN.

3 MG

o - - — *
DeTeeMiNACION DE LoS MOMENTOS DE DISERO Mok, WMyey ,M

LVOX ——

a) AvALisls de 'PQ?HEQ. ObDEM. S L8S TUEQAS NORMALES ¥ Los

\"IOME.‘OYOS sg OB‘\‘ TEneEN Yoo M‘G.D?O DE LN ANATSTS ccuu=n)c.‘c>um_ dE

PRluefz ORDEN, LOS HoMerfos Dde th‘EDO 'SE Ax:\'t—:tmmam CoHO SIGUE°
Myo = M+ By MTP . (3.4..{1)
MTJO.‘:—BLMTI-\‘bQM'T'p o (3.4.42)

€M LA EC. 344, My B EL MOmewpio PE D‘s;sebo EN.EL X[Revo éu
CONSIDERACION DE LA .C.OLUMMF!, ¥ €L LR B ‘3.4:&2 ES ONo DE Los
MOMERTOS ".DE DiseRo »QOE &crﬁnn €N oS Dos ExTRemS ,; PRODLCIDEL,
BN AMBOS CARSOS, Toh CAMGAS QUE Vo OCAi.?oun;o | LES?LHZH.\-RE)ATDS
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DE Poch RLTLRA Y EX Lo ENTREFTSSS SyPERIORES De EINFRlos Afos,
Los Houentos W 3tEEL SER Nows €0 (B CoONDICION .-bE CARGA DE
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G=C — 038
=6 I/L=12.8cud =2.9
4 | - 4
2.6[f Tx= 13829 cu 2.50 .84 1 =12V93¢m: 1/ 243.5c1s
K=§ 25 I/L,_ :43.6Cv\3 ) M . . wﬁ' .82 b > /L- ’ N
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ELEMEINTOS McAnTcOS EN LR COLUMMA, CORRESPONDEN & CARGAS
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AT Tou 4ot _ 267
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37Tu ) : 12.2 T
. -7—% . -—»'X ’
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s Pata sec. Tiro L h/t) = 35co (5 14"°?'5) “537‘53
2 ( MAX J‘-‘:_-:;

Lh SEccion ES Tiro L.
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DTUsESARSE <on LA T. PLASTICA (?AD?\ SOBER QUE EL PAUDED LATERAL WO €S CRITHCo
BASTA €DV PEHOSTRAL QUE LA LONGITUD BE Lh COLOMPA & MewoR ®UE Lu).

n3



SoiicSTacioNES DE DiSEVO. 3IE RzUISATRA LA COMDICION 1T canah CERTICAL |
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1 -24.4/(0.3,2232) .
- = 4 -lo80 ; B . 14 - L1¢6
_323 T 1. _4%2.83 AT a%28.503
O.2x 3412 .

©.9x 37.8x 280

LA DIFERERCIA ELIRE LS DOS YALORES BE B, €5 0M. poco MOl ®ROE .
EW EL. WAbco 2.

Moox = Vyix + By, Mppe = 25x L1+ L1633 tf = 35 Toum
Mooy = Mpy + ByyMppy = O+ L1666 x16.3 %1l = 202 Tow. M ..
. - . -
HUO: = Bix MT.‘)‘ o B2¥ MTP! = '-'r'.‘S T\‘\ ', H003=-B’d }"'11':3 +'Bzi MTN:‘- 20.3 TH R
EN ES[E PROBLEMA, COMO BBy =1.00, ¥ DidAS LAS CONDICTONES BE
CARGH , LOS WMOnEw[os 1-:1% SO IGUVALES A Lot Mye.

REUlsiOn DE Las SEccioues exTREAS.

LAS DoS SE BNCUBDTRAR Ew LAL
MISMAS.. COUDICIOVES,

My = 143 ® M, (s_

) = i, .‘-Exo‘axaa 4(1_ _5_44___ ) = 26.61"}4(?2”“: 20.{Tu

qu Q.9x32718.2
Moce = 163 F, W [1_P_u]= 160 x3lis /] D44\ 34.2Tu > Fy M = 28.4 T
ped FNTTRR (*-s5m783 P ety
. “ i Mpey = 28,4 TM
(Hm) + (Mm - (259 = O1oB+ 0574 = 0.682 < oo

p= 'P,,/*F2 vy =34.4/c>.exa‘?8.'2 =021, AaitJ0- P/QL“P = 1,10_9.2?2/2!_.,::.2?? =i

COMIELURDORAMENTE, PUEDE OTWLIZA0SE LA ECOACION

R + ©.85Hvox |, 060Muew _ 0,277 . 8BTS 4 & eoxec,e = O‘b’.ﬂ <i.coo
'Fq?, FeHpx Fa Mpy ©.9x 334 oD 3lS

PEUISIAN DE LB ColOMNA COWPLETA -

%__. 1.3 + loco P/(l,/r)z-_; 12+ IcooxD.'Z??/%lz.—_ 11

PN =(l_<_‘=) s _ 16 /__253_0_ - ©0.852 ; Nai4
. Mag e 2040 x o> 12

-3
. = eFp = 1485, 0.9 x 2530 1O
(1+27-0us™ )" - (lyoesdtoous™

N
{Fy ATy = 25302199509, 10" = 340.4 Tou

= 239, 8Toy <

55



Mucx = ™ R\ oox334 (1. 284 \_ 219 Tm - -
vex = m(l QL)_ S x ( Tt )= -

CoMo EL PALDZO LATERAL NO B cRifico, M o2 WM .
=Fo M 1_3-_ ~0° 31.4(1“2-‘4& = 205 Tw
“‘3 ol "-f Qc)_ e e

. \‘3'3
M‘ﬁgx uog ( 20. ‘3) C. 185+ Lo = L.21g S o
Mucx Muaj 21‘4 20‘5

Couseu\\abomm;x.m—:, POEDE OTVLI28Q0SE LA Ecoacion

—

_‘E‘i-\-MU:"-}MUN’ - 344 +' 1.5 2.9
Re . M o FeMyy 2404 C>'57334' o%x‘:‘si‘s

-OQH-]-D?*SD +-D?3—7 = 1.2&64 )io
LA E';—S?STE%)CTQ TN oS EX\'QEL\O& EDS ADECLADA ., PETO LA ColnudfA

£3TA TSCASA PoR TLESTARTISBAD DE CONIUPTE DEL ERTRETISD,



[conexiones niaiDAS EW[RE  \fGAS ¥ COLUMNAS

S& DA EL NOMBRE DE CONEXION AL COVIUVID DE ElevenioS KUE
MERD EL MIEVBLO A LA JODTA 2 PLACAS © ABNCULOS ToR PATINES © ALMA,
SOLDADURAS, REMACHES , TORNTLLOS. ‘ '

JUNTA ES LA 20MA COMPLETA DE (W[ERSECSISL BE og 1leumecS; &Y LA
MRIORIA DE LOS CASCH, ES Lh PARTE DE LA CoLLMMA, WAluvEwbo ATESADORES
HORSZOWALES © PLACAY ADDSADAS A SO AMA, QUE RUEDA couPeewiiba ENTRE
10§ PLanos WORIZOWIALES QUE BASAN Tok 1ot BORDES I0RERTOR E TORERLL
. DE LA UGA De HATOR PERALTE." ’ '

REslerencly BE LA conedon, L _Qes‘fqeuc‘m DE LR onexiSy e cAbA
ViGA DEBE SER SUFKIENTE PaRA DECADDOLLAR LA HEVOR DE LAS CABTIDAMES STGUIERTES?

) La pEshfEciA =N FEdda De Uleho ‘

b) EL MOHENTO DEQUERTSS PARA TRBUCTR. B EL TRBLERS bEL aLrA DE LA
CoLuMLA LUna Frehza c;:rz\mn\'e Teoal A O.BF:,AJ::, DowdE Ty =5 €L ESF DE
Fuwsncth DEL ACERO BE LA coluunh,de su PeRALTe Torat ¥ U¢ BL Ghuxso bal AlMA.

St DAY ENSEGULIDA ALGUBRS BALERAS ADECUABAS PRRA IRLGNOOLLAR LA
RESTITENCIA €W FlExionw DE L Uiah,

Revision DeEL TABLECO DE AMA e LA CoLunbAs ConutEME HACER EsThA

REVISTOL AB[ES DE DE(ERMILAR ST ST LECESI(AL ATIESADORES HoklzoOTALES, PuES
31 EL AMUA REQUIERE  DREFLERR2O f';sTe TOFLOYE TV LA PoSTRUSBAD M QUE  RAGAN

FALTR 1ot ATIESADDRES,

| de o _a) LA pesTaTEwcia AL
V&'\f , | . . CORTALTE DE LA JunTA, CALCOLADA
-— :_':: — vl ‘€O Lh EC. 5,84, DERBE sEe
LR - 2 h SUFICTENTE Paps Resfstin LAS
M“( Q )Hz bl Y vomeass COdrﬁ;sﬁs Hob.h;om{m.ﬁs
- i . ' CoRRESFOUBIENTES A LOS MoHEM[LS
' e T, FLEXSOLADIES En LOS EXTREMOS
kr(_.‘"}._kj_:.i_j._!:?; b b .‘_-P!S \.J?(_;AS ?Qobuc‘«l‘ly'c; ol
!-"’-c ! . LAS CARGAS VEQTICALES DE IMelo mas 4.7 VECES
t,fﬁ . LAS FUER2AS SISHKICAS, © L3 VECES Las FuUEQzAs DE
i R Uy - ViESTD, ANBAS DE Dielo. 57



Cuneso i 2. 0ylA TIGRET TR AS W Log BOS PATNES, Lol HowTaiss
SN tog BX[REWMOS DE LAY VIGAS SE TOMAN Cow Los SENides RUES
OCaSToWAY LA FUER2R CORTANTE HoRIZoW{AL MAXIMA Ew WA Jep.

LAS TUER2AS Rue APScAD 1of PATILES DE LA UIGAS No SE TouARAN
NUnCh MAYORES QUE EL PRobdw[O DEL RREA DEL PATIM PoR 125 uxEs EL

ESFUERZO DE TFLUENCIR DEL MATERIAL Cow EL RUE ESTA WEcwo.

N
V_oossE dt[iy %@E& . (5.2.4)

LAS LITERALES QuE APARECEN &3 €4TA EXPRESION IE EXRcAN BB LA FiGUeh

DE La HoSQ hnIEaTou. . ‘ | .

b) EL Cocfen{e DE (R S0MA DEL PERAUTE WAS EL ANCHO DEL TaslEho bE’
AMA =v LA }mrn Dutpion EWTRE EL &RUESO i>EL P;LN.A- Mo DERE ExcEdEk BE
30. BN ES[E CELC\JLO, EL GDRULESD WO IDEBE weLutl LRS-PLHCAS pOSRDAY AL ‘
ALLA BE LA Colounh E'xces'ro Cobubo Es’\'éu 'L\'G.RbRS ADECUADALMTEOTE R ELLA
Pob  HEDIO DE SOLBDADURAS DBE TAPOD.

C) LAS PLACAS ADOSHADAS AL ALMA PRRA REDUCTR 10§ ESFUEROS COLTAMTES
HoRTZOWTALES © LA RELACION THDIChdA €% ) Wo DEREN SEPARMRIE DEL MUA DE
LA ColLUMUA RAS DE 4.5 Mu, ¥ SE SoLDARAN EN Tobo SV AIHD, E1 Lot RobbES
SUPERToR B TNFERIOR, Cond SUDADURA DT FIETE DE D MK © MAS. Amﬁﬁs,'se
SOLDARAN P TOPE A LOS PATINES DE LA colunkh, Con PENETRACIEN CoumLEth, ©
CON SoLPADORAS TE FILETE CAPACES be DIESADLOLLAR LA CERSTENCA AL coRTANTE

DE LAS TPLAcAS,

DiSEBSO DE ATIESADORES. E1 Lh FIA0RA SE MUESTRAN, BN TORMA BSQUELATICA

LAS PoSTBLES TORMAS DE FALLA D Oup Jowrh UIGAS —ColuiiuA.

S— e e emetm m4 e e ms R arm = e e e e ——— —— i 1

v i ’ I

{a)
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1o OBSET?\!DS QuE SE PEVSIGUEWD AL coLecanr Los ATTESADORES

HoRTzow(hLes Sou VARIOS b - poo e TIL

3) EVIAR EL FLID PLASTIco DEL ACERO EL frllp DE Ln COLUNNG
FRenle A CADA ONC bE LOS PM‘Tmas.DE LhS ViEAS, T[S &N TEnsiGN
COMO BB CoMPRESION, | S L L

et s . LA veststencia De DistRo EN LR Stccidn

cRiTven beL"an me COLOMLAS = < TSN
TRAVSUERSAL 1 'YW LAS GNE AcTORYN CARGAS
L Concew\'t}.kb&s’- QRUE PLODUCEN TEVSIOLES ©
COMPRESIONES EW ELLA BS TPy, ﬁouﬁg %- 410

Yy Ry (t -\"SK)F t..

P‘,,, ES tp FUERZA QUE TeANSUITE A LA ColuNMUA

CEL PATIS DE LA UGN, _c- LA PLRCA HODT2zoNTAL
DE CoVBEISN.

i

. . .
. ah e e ah o b ——— A —— et TEESE % ¥ VA s

St T4 By no st NecsTran AflesabouEs,

HwERTRAS QUE S Ry >Ry S SE DEQUIEREL, BN
I° ESTE cp.so; LR SouR DE LAS ues?syenc?és De

' 1 C ‘. | DISEDO DE ALNA Y PTIESADODES IERE SE@ 1GuAL

i

1 © MaYohl QUE LA FUERZR EXTENIoRS

Sl R O VT
" Despe JAObO  EL ARER DE g{.aqnbobes,Ana,, St oBItEnE

A, - Bum(bursVFucte | que €5 uh ec. s8.L
¥ .
-— dak

Fye ¥ Fyqr SOM Lol ESF. DE FLUEMCIA DE LR ColUMWA Y BE Los AylesAboRESs,

é.’ hat , EC.S.84, RESULTA Poﬁ?ﬁ'uc, SE cotoch v PAR DE QTTESRISDDES
QUE PROPORCIONED ESA AREA; 51 RESULTA NEGATIVO, PO SE WECESTTAV

aq.esé\both:‘: BESDE EL PUNTO DE UNSTA DE LA DES?STEncm BL FLUAo PLAsTICo
DEL ALMA DE Lh coLumube.

R {PEDE ALGUNG DE Lot UALORES STGOIEDTES 3

2) CoRLdE €L NIEDO RUEDA. REGIDO Pob CARGAS HMUERTAS ¥ UhAL, © Pob
. cAvGRS MUERTAS, ViAS ¥ BE VIELTO, By ES Teuat & LA FOER2A TRaRuTinbA PoR
EL PATID © Ld BLACA DE |com§x?c§\). mvb;gpous\\anﬁ\a A CARGERT DE DISENO



H\}LTI'PL\CRDHS ToR L9577 '
b) cuavbo EM LA CouBiNACION DE CHRGAS De Diselo TofEdUtERE €

STSMD, Ty BS TGUAL AL HEVOR DE Lot LmoRes 128 Mp /v © 125 ApF

Mpy ES EL MOMENTO. PLRsTico RESISTEN[E DE LA uTGR, dy Su PeeaLTe v Ap

v Ty EBL AReh ¥ EL €5TLUER2o DE FLUBVWCA DEL PaTiS DE Lh WGA o DE LA

'pt_acp_ HOQ\Zou‘{hL QUE TRANS LITE LD ‘FoEQZH & LA Cow)-tuﬁ.

. mba'aaubnen\’éneute DE 1os PERUINTOS  ESTABLECTOL Poe (A . =5.8.4, SE
COLOCARRY ATIESADORES FREWTE AL PATIN Couptluido Be LAs uiGAS By Tobos
Lot chSoS EW QUE EL PERALTE DEL ALMA DE LA ColUMBf, he, SEA Lok QUE
) . 3doo t VvE 'F' "(FQ-.-.O-B'S) ('5-8.2)

. ﬂv . .
Y <E cuocmp,u F{TESADORES FREWTE" A lod PATDOES bE LAS VG AL N TENNSY
CUAMDO EL GRUEST DEL PATIN DE LA COLUMLA, tm, <en &-\EnoD. QuE

c:.d;JP.N /T Fe (Fy=0.20) o (5.5.3)

EL OBlETO D Lhs Coudiclones THPUESTHS Pol Lhs EXPRESTLES T.8.2 45.8.3
T4, RESPECTIVAMENTE, BVITAR EL PANDEC IEL MMR DE LA CoLLMNA FRENTE A
LoS PATINES EN CcOMPRESTSN DE LAS UTGAS, ¥ LTIMITAR Loy ESFERZOY De Flewidu

BN lot PATINES DE LA COLOMBA FREDTE A Lol PATNES &% TENIION IE LAy UG AS.
Llos ATTESRBONES LDEFEM DISEDARIE BE AcvelboO Cov "EL AT 338 O Las Wi,

RemUISiTol ADKCIONALES PARA DISERS POk COUBTNACTORES BDE CABeA RQUE

TucLoyaw SISHO.

2) los PaTiNES BE (LA UTGAS DEBEN IATHFACER LS coNDICIONES ContesPORiENES

p sEcclones TiPo 1, LAs ALk BueEded SR Tivo 2.

B) Ew Tobas LAs Jonas DERE COMPURIE L condICiSy
ZZC(F“—- ?q)é ZZ.%, 5 ®en >0 (5.8.5)

ZZ. v £Z, S0 LAS SUHRS DE Lof MODULoS DE Seccidu WRSTicos b Las

ColLUNAS ¥ UIGAS RUE CcOwvcukneEx €Y LA SNTA €3 L PLHNO DEL mplco EN
EL ESFUERO
ESTUDMS, Y Ta € UR A A nocgum_ EN CADA COLuu.uA PDcabur_‘bo 'PoQ LA

FOUERZA AXVAL 'bE DHERNC. >

EV LA NIC SE foDfhn MGUDROL 